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Due to the need to augment the traffic capacity of urban highways, restrictions on 
existing land use, and consideration of aesthetics, there has been a steady growth in the 
use of curved steel bridges in the past twenty-five years. Nevertheless, accurate 
prediction of the performance of these structures is a task of tremendous complexity. 
The behavior of curved steel bridges still is not clearly understood. 
1.1.1 Current American Specifications far Design of Curved I Girder Bridges 
The AASHTO Guide Specifications for Horizontally Curved Highway Bridges 
(AASHTO 1993) are the current (May 2001) basis for design of curved steel I girder 
bridges within the United States. These specifications are predominantly the result of 
research by the Consortium of University Research Teams (CURT) within the early 
1970s (Culver and Frampton 1970, Culver and Nasir 1971, McManus 1971, Culver 1972, 
Culver et al. 1972a, b and c, Culver et al.1973, Mariani et al. 1973, and Mozer et al. 
1970, 1971 and 1973), as well as subsequent research extending this work to Load Factor 
Design by Galambos (1978), although a number of their provisions have been updated 
since their original publication in 1980. 
Recently, Hall and Yoo (1998) have developed the Recommended Specifications for 
Steel Curved-Girder Bridges. These specifications are the result of NCHRP Project 
12-38. They reflect the state-of-the-art as of December 1998. Hall et al. (1999) provide 
an extensive discussion of the findings of NCHRP Project 12-38, the background to the 
provisions in the Recornmended Specifications, and design examples involving the use of 
these specifications. This project focused on a thorough review of the literature, existing 
guidelines, laboratory testing, analytical studies, and experience with state-of-the-art 
design and construction of curved steel bridges in the United States. Its primary goal and 
scope was to synthesize the state-of-the-art into updated design provisions. 
The developers of the Recommended Specifications recognized limits within the state 
of knowledge and practice, and key recommendations for new research were forwarded 
(Hall et al. 1999). However, execution of new research to repair flaws and to liberalize 
conservative equations and procedures was outside the scope of their effort. In a number 
of areas, Hall et al. (1999) state that the provisions in the Recommended Specifications 
are likely to be conservative, but that restrictive rules are implemented due to lack of 
complete knowledge of the underlying behavior and/or the broad implications on curved 
bridge performance. Some of the key limitations of the strength equations within the 
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Recommended Specifications are outlined below. A more comprehensive evaluation of 
various resistance equations for straight and curved I girders is provided in Chapter n. 
1.1.2 Design Equations for Flexural Strength 
It is important to recognize that the design equations within the current American-
specifications for curved steel bridge design (AASHTO 1993; Hall and Yoo 1998) 
represent significant engineering achievements. However, if fundamental improvements 
are to be sought, it is essential to understand their weaknesses. The equations for the 
flexural strength of I girders in these specifications are based largely on the research by 
McManus (1971). These equations have a number of limitations including: 
• They are incompatible with current AASHTO LRFD (2001) straight-girder design 
equations, that is, they do not reduce to the current AASHTO straight-girder 
equations in the limit that the radius of curvature goes to infinity. 
• They exhibit some minor anomalies as the radius of curvature approaches infinity. 
• They predict a significant discontinuity in the flexural strength of sections depending 
on whether the compression flange is classified as compact or noncompact. 
• Although they are believed to be adequate and safe for design of unsymmetrical 
noncomposite and composite girders, they are based predominantly on research 
focused only on doubly symmetric noncomposite steel I sections. The modifications 
to the base formulas aimed at addressing the strength of singly symmetric sections are 
simple and ad hoc. It is likely that the strength of unsymmetric I girders can be 
quantified in a simple but more rigorous fashion. 
• They focus only on the flexural strength of girders subjected to uniform vertical 
bending along their unbraced lengths; the potentially significant increases in flexural 
strength due to moment gradient for girders with intermediate to large unsupported 
lengths are not accounted for. It should be noted that the 2001 interims of the 
AASHTO LRFD Specifications (AASHTO 2001) detail a practical and conservative 
procedure that allows the engineer to account for moment gradient in straight bridge 
girder design, based on the use of moment envelopes. 
• They do not separate the analysis problem, i.e., the estimation of internal moments or 
stresses, from equations for the design resistance; as "a result, these equations depend 
on a combination of several strength reduction factors that are difficult to understand 
and properly apply. 
• The above mentioned strength reduction factors are based on approximate second-
order elastic analyses, which at the time of their development involved quite 
innovative research, but which subsequently have been shown to contain a number of 
interpretations that lead to significantly over-conservative estimates of the true 
second-order elastic stresses. 
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• They restrict the web flexural stresses to the elastic bend buckling stress under all 
loading conditions. This restriction may not be necessary when checking the 
maximum strength limit state. 
Hall et al. (1999) state in their discussion of new recommended research, "Better 
definition of local flange buckling is needed." For curved I girders, the implications of 
flange slendemess values larger than the traditional plastic design compactness limit 
(bf/tf = 14 for Fyc = 345 MPa (50 ksi)) are not fully understood. This compactness limit 
was developed in straight-beam research to allow large inelastic flange strains in flexure 
(i.e., inelastic rotations in straight beams with compact webs up to the onset of strain 
hardening at approximately 10 to 15 times the yield rotation (ASCE/WRC 1971, Salmon 
and Johnson 1996)) prior to the onset of significant stability effects. Much of the prior 
curved I girder research has migrated essentially to this straight-girder limit as a 
requirement for avoiding the influence of local buckling on the strength, e.g., (Culver and 
Nasir 1971; Kitda 1986). However, the detrimental influence of exceeding such a limit, 
for whatever bf/tf value at which a nonnegligible reduction in the maximum strength due 
to local buckling occurs, is certainly not that suddenly the flange can only support 
loadings up to first yield in vertical and lateral bending. This simplification was adopted 
in McManus's (1971) research. With new research and the use of modern research tools, 
it should be possible to quantify girder strengths more accurately and with greater 
simplicity. The influence of flange slendemess on both the strength as well as the extent 
and magnitude of the pre-peak nonlinear response and the post-collapse unloading 
characteristics of curved I girders needs to be better understood. 
1.1.3 Design Equations for Shear Strength 
In addition to the above limitations of the flexural strength equations within the 
Recommended Specifications, these specifications place significant restrictions on the 
web proportions of curved I girders. Due to the lack of test data on shear capacity of 
curved I girder webs with slendemess (D/tw) greater than about 70, the web slendemess is 
limited to 100 for curved girders with unstiffened web panels and a radius of curvature 
less than 213.5 m (700 ft). Also, the Recommended Specifications restrict the panel 
aspect ratio to dVD < 1 for girders designed with stiffened web panels. Hall et al. (1999) 
state in their discussion of recommended new research, 
"Relief from this requirement [the limit of d0/D < 1] for some curvatures can 
be justified with additional testing. Neither fatigue behavior nor strength of 
curved-girder webs is well understood at this time, and it would be risky to 
reduce the stiffening requirements without further analytical and 
experimental research.... Reduction of required web stiffening is one area 
where gains are possible.... Investigation of various types of web stiffening 
should be expanded for bending, shear, and combined bending and shear 
conditions.... The effect of stiffener spacing on the bend-buckling strength of 
curved girders with varying details is needed." 
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1.1.4 Design Equations for Moment-Shear Interaction 
In research on moment-shear interaction in straight hybrid and nonhybrid I girders 
(Aydemir 2000), parallel to the research presented in this report, it has been shown that: 
• It is incorrect to use the moment at a minimum of (D/2, do/2) from the maximum 
moment location in a web panel for checking moment-shear interaction, as suggested 
by Basler (1961c). The proper location for checking the flexural strength^?* 
conditions of low shear is the peak moment location. At regions subjected to high 
shear and high bending moment, the moment drops rapidly as we move away from 
this position. This drop is required for satisfaction of equilibrium, and is not due to 
M-V interaction. Therefore, use of the moment at a minimum of (D/2, do/2) to 
quantify the strength of regions that have high shear, and the maximum moment for 
definition of the strength in regions of low shear, leads to a false magnification of the 
true M-V interaction response. 
• Although some moment-shear interaction is evident at combined levels of high shear 
and high moment, the interaction between the moment and shear strengths is rather 
mild if the value of M at the maximum moment location in the panel is always used 
for the design check. In many cases, the conservatism of the nominal moment and/or 
shear strength design equations is such that the strengths from experimental tests and 
from refined finite element models exceed the controlling predicted flexure or shear 
strength, without the consideration of any moment-shear interaction effects. If the 
data from high-shear low-moment, high-shear high-moment and low-shear high-
moment tests and refined analyses is plotted in its entirety, it is evident that the 
maximum unconservative errors associated with neglecting M-V interaction are 
similar in magnitude to the maximum unconservative errors associated with 
approximations in the current AASHTO and in recommended modified AASHTO 
shear strength formulas in high-shear low-moment tests. In fact, the statistical 
distribution of the strength ratios (i.e., the "actual" divided by the controlling 
predicted nominal design strengths), neglecting any M-V strength interaction, is 
somewhat more conservative for the high-shear high-moment data than for the high-
shear low-moment data. 
Therefore, Aydemir (2000) recommends that, pending further experimental and 
analytical confirmation, the requirements for checking of moment-shear interaction in 
transversely-stiffened I girders may be eliminated from the AASHTO design 
specifications. This would simplify the design of new bridges, and it would lead to 
significant reduction in effort for rating of bridges containing girders subjected to high 
moment and high shear. The complexity associated with M-V interaction in the rating of 
bridges is highlighted in an eight-page section on handling of these checks for the 
AASHTO Manual for Condition Evaluation ofBridgesrecently prepared by Grubb and 
Ibrahim (2001). 
By a strict interpretation, correct checking of M-V interaction requires calculation of 
the concurrent shear and bending moment. This is not practical for the engineer to do 
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within most design contexts; rather, most designs are checked based on the maximum 
envelope values for both the moment and the shear. It is expected that the minor 
unconservative error that occurs in some cases, due to neglecting M-V interaction, is 
more than offset by the use of the maximum envelope values for the moment and shear. 
Furthermore, in composite I girders, there is an incidental contribution from the bridge 
deck to the shear strength. This contribution is generally not included in steel I girder 
design, but its influence on the shear strength can be significant. Experimental tests are 
underway at the University of Missouri at Columbia and at the University of Nebraska at 
Lincoln to validate Aydemir's findings in the context of straight bridge I girders. 
The Recommended Specifications currently do not require the checking of moment-
shear interaction. This is largely due to the fact that these specifications restrict the web 
stresses such that neither shear nor bend buckling can occur under all the design loading 
conditions, thus neglecting potentially significant reserve strength associated with web 
postbuckling response. If the provisions of the Recommended Specifications are to be 
liberalized, Aydemir's research needs to be extended to curved steel bridge I girders to 
ascertain the moment-shear interaction behavior in curved girder web panels. 
LI,5 Recent Research an Steel I Girder Bridge Behavior and Design 
There has been a large amount of research activity on curved steel I girder bridge 
behavior and design within the last ten years. Much of this research has centered around 
or has involved off-shoots from a comprehensive on-going multiyear Federal Highway 
Administration (FHWA) research program on horizontally-curved steel I girder bridges 
(Duwadi et al. 1994; Davidson 1996; Davidson and Yoo 1996; Davidson et al. 1996, 
1999a, 1999b, 1999c, 2000a, 2000b and 2000c; Grubb et al. 1993; Grubb and Hall 2001; 
Hall 1994 and 2000; Hall et al. 1999; Hall and Yoo 1995 and 1998; Hartmann and 
Wright 2001; Kang and Yoo 1994a and 1994b; Lee and Yoo 1998, 1999a and 1999b; 
Linzell 1999; Linzell et al. 1999; Phoawanich et al. 1999a, 1999b and 1999c; SSRC 1991 
and 1998; Yadlosky 1993; Yoo et al. 1993 and 1996; Yoo and Davidson 1997; Zureick et 
al. 1993; Zureick and Naqib 1999; Zureick et al. 2000 and 2001; Zureick and Kim 2000), 
although separate research by Galambos et al. (1996, 1999 and 2000), Hajjar et al. 
(1999), Huang (1996), Rudie (1997), Shanmugam et al. (1995), Simpson (2000), 
Simpson and Birkemoe (1997a and 1997b), and Thevendran et al. (1997, 1998,1999 and 
2000) has provided important contributions. Kitada et al. (1993) summarize some of the 
latest key research findings leading to development of design provisions for horizontally-
curved steel bridges in Japan. The above-mentioned FHWA research program is 
referred to in this report as the Curved Steel Bridge Research Project, or the CSBRP. 
The primary objectives of the FHWA-CSBRP are to conduct fundamental research on 
the behavior of curved I girders in flexure and shear and to directly address significant 
constructibility issues associated with curved I girder bridges. The initial task of the 
project was to develop a synthesis of all the available published research on horizontally-
curved girders. This synthesis by Zureick et al. (1993) contains approximately 750 
references. Publications on subsequent research conducted directly within the CSBRP 
and in related projects are listed above. 
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One of the significant decisions within the CSBRP was that the fundamental behavior 
of horizontally curved girders should be tested by inserting specimens within a complete 
bridge structure that resists vertical loads and torsion as a system. The bridge itself 
serves as the test frame. It was felt that this approach would provide the most 
representative idealization of boundary conditions that could exist on an actual critical 
unbraced length of a curved bridge I girder. All the previous tests on horizontally curved 
component specimens in the United States and Japan, except for the two-girder tests 
conducted by Mozer et al. (1973), did not accurately represent the behavior of the 
component within an actual bridge system (Hall et al. 1999). After extensive studies of 
alternative approaches, the FHWA project team decided that the testing of I girder 
component specimens within a full-scale, curved, three-girder test frame was the most 
rational and safest approach. Zureick et al. (2000) and Grubb and Hall (2001) discuss 
the design of these experiments. 
At the current time (May 2001), eight noncomposite I girder specimens have been 
inserted one at a time in the center of the convex outermost girder of the bridge test 
frame, and have been subjected to nearly uniform vertical bending up to and beyond their 
maximum strength. These tests have been conducted at the FHWA Turner-Fairbank 
highway research facility. It is expected that the results of this research will be published 
in various forms within the near future. 
In separate research as part of the CSBRP, tests of four single girders in high shear 
and low bending are being conducted at the Georgia Institute of Technology. These tests 
are discussed in (Zureick et al. 2001). Also, researchers at the Tumer-Fairbank 
laboratory are about to commence with the testing of several high-moment high-shear test 
specimens within the overall bridge test frame. Further investigations are planned to 
extend prior efforts within the CSBRP by Linzell (1999) and others regarding the 
erection of curved steel I girder bridges (Wasserman 2000). Finally, a concrete deck will 
be cast onto the frame, and the composite bridge system will be tested to failure 
(Wasserman 2000). 
Recently, NCHRP Project 12-52 has been initiated to prepare specifications for the 
design and construction of horizontally-curved steel bridges (for both I and box girders) 
in a calibrated load and resistance factor design format that can be recommended to 
AASHTO for adoption. These specifications are to be based on the Recommended 
Specifications developed under NCHRP 12-38, which are in a load factor design format, 
supplemented by the results of the FHWA large-scale curved I girder tests as they 
become available. This will greatly facilitate the design of curved steel I girder bridges, 
since at the present time (May 2001), the engineer often needs to use straight-girder 
provisions for certain portions of the structure and curved girder provisions for other 
portions of the same bridge. 
1.2 PROBLEM STATEMENT AND RESEARCH SCOPE 
This research investigates the maximum strength behavior of straight and curved steel 
I girders under a reasonably comprehensive range of loading and boundary conditions. 
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The primary focus is on the maximum strength of curved I girders. However, the 
strength of straight I girders subjected to both vertical arid lateral bending is also 
addressed. The ultimate goal of this work is to provide updated resistance equations that 
can be merged with the provisions of the Recommended Specifications developed within 
NCHRP 12-38, and subsequently incorporated into the development of updated LRFD 
provisions for both straight and curved steel I girder bridges within NCHRP 12-52. 
One requirement established at the onset of this research was that the recommended 
design equations should, to the maximum extent possible, take a unified approach to the 
prediction of the maximum strength of both straight and curved I girders. That is, the 
equations should apply to curved girders, but also they should reduce to appropriate 
design equations for straight girders in the limit that the radius of curvature goes to 
infinity. Furthermore, it was desired for the design equations to be able to handle the 
effects of lateral bending in the flanges of bridge I girders due to any source, including 
lateral bending and torsion due to horizontal curvature or to skew of the bridge (straight 
or curved), as well as torsion due to sources such as eccentricity of the deck weight on 
overhang brackets, deck forms, screed rails, sound barriers, utilities and sign posts, and 
lateral bending from sources such as wind loading on facia girders. Finally, it was 
required that both noncomposite and composite I girder design should be addressed 
within this research effort. 
Many detailed issues regarding the behavior and design of curved steel I girders have 
been addressed in prior research. However, prior investigations often have involved 
either a limited range of boundary and/or loading conditions, or in many cases, local 
behavioral issues have been addressed using simplified models in which these conditions 
have been heavily idealized. Also, although very realistic boundary conditions can be 
mimicked in tests such as the eight uniform vertical bending tests recently completed 
within the FHWA-CSBRP, such tests only represent a sparse sampling of the range of 
boundary conditions that may exist on critical unbraced lengths of curved I girders within 
actual bridges. This research seeks to test the strength of complete curved steel I girder 
assemblies under a wide range of representative loading and boundary conditions. 
This research focuses predominantly on issues pertaining to the maximum resistance 
of I girders in uniform vertical bending, high shear with low vertical bending moment, 
and high shear and high vertical moment, combined with lateral bending within the 
flanges due to torsion and lateral loading. The fatigue behavior and strength of curved-
girder webs is an important consideration that needs further research (Hall et al. 1999). 
The current state-of-the-art regarding web slenderness limits to avoid fatigue design 
problems is summarized, but consideration of fatigue behavior and strength is beyond the 
scope of this work. 
Furthermore, many of the issues that make the design of curved bridges challenging 
are associated with the overall analysis to determine the design forces on individual 
components within the bridge. The current study focuses on the maximum strength 
behavior, the development of new resistance equations, and the evaluation of these new 
equations as well as the most promising and well-known strength predictor equations that 
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have been proposed in prior research. This research assumes that first-order elastic 
forces or stresses within the subject unbraced length of an I girder have been evaluated 
accurately, and that appropriate amplification factors have been applied to these forces or 
stresses where necessary to estimate the corresponding amplified second-order elastic 
values. It is noted that only a first-order elastic analysis of the bridge superstructure is 
practical and necessary within the design of typical I girder bridges. Use of second-order 
elastic (i.e., geometric nonlinear) analysis generally would require extensive additional 
work since the analysis results for different loadings cannot be superposed. However, in 
order to remove the issue of analysis accuracy from the evaluation of design predictor 
equations, rigorous second-order shell finite element analyses are used for calculation of 
the design analysis elastic stresses in the majority of this research (unless the design 
predictor equations require first-order stresses). This allows the qualities and limitations 
of the equations for prediction of the design resistances to be evaluated directly, 
independent of the accuracy of the bridge analysis. 
Given the accurately determined second-order elastic design forces or stresses (or the 
first-order stresses if the design equations are based on these quantities, as in the case of 
the flexural resistance equations of the Recommended Specifications), this research 
evaluates the accuracy of the various strength predictor equations. Some information is 
provided about the magnitude of the second-order elastic amplification of lateral bending 
stresses obtained from rigorous geometric nonlinear finite element analyses. Also, 
simple equations are recommended for estimating the maximum second-order flange 
lateral bending stresses in uniform vertical bending cases, given the first-order stresses 
computed based on the moments at the cross frames. However, evaluation of the 
accuracy of various methods for estimating the elastic design analysis stresses in curved 
I-girder bridge superstructures is beyond the scope of this work. 
Prismatic unstiffened and transversely-stiffened steel bridge I girders are addressed in 
this research; no consideration is given to the design of longitudinally-stiffened I girders 
or to curved steel box or tub girders. Furthermore, the current research is focused on 
homogenous girders composed of Grade 345 steels (Fy = 345 MPa (50 ksi)). The 
performance of girders fabricated with high-performance steels of grades 480W or 690W, 
and the behavior of hybrid I girders are not addressed, although it is likely that many 
attributes of the maximum strength behavior will be similar for these girder types. The 
maximum limit on the subtended angle between the cross-frame locations of Lb/R = 0.10, 
as specified in the Guide Specifications (AASHTO 1993) and in the Recommended 
Specifications (Hall and Yoo 1998), is assumed. McManus (1971) explains that this 
value represents a practical upper limit for a range of curved bridges surveyed by an 
ASCE task subcommittee on curved girders (ASCE 1971)1. 
1 Actually, one set of experimental tests in which the web is effectively hybrid is reviewed and analyzed in 
this research. Also, several experimental tests in which Lj/R is greater than 0.10 are reviewed and 
analyzed. However, this research is focused predominantly on homogeneous I girders with Lb/R less than 
or equal to 0.10. 
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1.3 OVERALL RESEARCH APPROACH 
Experimental testing is an essential component of research to determine the 
maximum strength of structures. However, at the present time (May 2001), full nonlinear 
shell finite element analysis (FEA) has been established as a reliable tool for quantifying 
the complete elastic and inelastic stability limit-states behavior of a wide range of steel 
structures and components. The design of the pure vertical bending, shear, and high-
moment high-shear tests that have been completed and are on-going in the FHWA-
CSBRP has been accomplished with the extensive use of refined full nonlinear finite 
element models. The use of these tools was essential for the design of the three-girder 
bridge test frame utilized at the Tumer-Fairbank laboratory. Preliminary assessment of 
the test data has indicated excellent correlation between the FEA predictions and the 
experimental test results. 
Because of the expense of experimental tests, generally only a few key geometric and 
material configurations, loadings, and bouiidary conditions can be physically tested out of 
the extensive range of possible field conditions. However, due to the accuracy of 
carefully developed modern full nonlinear FEA models, researchers currently have an 
unprecedented opportunity to investigate the influence of a wide range of important 
design variables via numerical parametric studies. Experimental tests can be conducted 
to verify the predicted behavior and the accuracy of the finite element models for targeted 
benchmark cases, and subsequently the FEA models can be used to extend the test results 
to address more completely the parametric effects of different design variables. 
This report focuses on the design and execution of a large finite element parametric 
study to establish base maximum strength data for curved and straight steel I girders 
subjected to uniform vertical bending, high shear with low vertical bending moment, and 
high-shear with high-vertical bending moment, combined with lateral bending due to 
torsion and/or applied loads. This data is then utilized to assess various design strength 
predictor equations, including new equations that have developed as part of this research. 
Extensive interpretation of the experimental data from the tests conducted within the 
FHWA-CSBRP, and correlation of the data from these experimental tests with the results 
from refined finite element analyses, is to be addressed in other reports to be published by 
the CSBRP team. However, in order to provide some confirmation of the accuracy of the 
specific finite element models developed in this research, one chapter of this report is 
devoted to a comparison between analysis predictions and basic responses determined 
from preliminary reduction of the experimental test data for seven of the eight bending 
specimens tested at the FHWA Turner-Fairbank laboratory. Furthermore, this chapter 
compares the analysis predictions to the experimental results for a number of other 
representative tests conducted in recent and in prior curved steel bridge research within 
the United States. In addition to the comparisons between the data from full nonlinear 
analyses and experimental tests, the various strength predictor equations are evaluated 
against the results of the CSBRP and prior experimental tests. Based on the maximum 
strength data from the parametric study, as well as data from the experimental tests, a 
unified set of strength equations is recommended that can be applied to both curved and 
straight I girders for all loading conditions, including lateral bending and torsion. 
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1.4 KEY CONCEPTS IN THE DEVELOPMENT OF UNIFIED FLEXURAL 
STRENGTH DESIGN EQUATIONS 
1.4A Focus on Flange Vertical Bending Stress 
The Recommended Specifications focus solely on the stress conditions in the flanges 
for checking the flexural strength of curved I girders. Hall and Yoo (1995) state that by 
taking this approach, 
"... the proposed curved girder specifications permit a unified approach to 
noncomposite and composite sections. Girders may be unsymmetrical and 
noncomposite for some dead load and composite for some dead load and live 
load. If a doubly symmetric noncomposite girder bridge is designed, it is 
simply a special case and no separate provisions are heeded. Stresses for 
noncomposite and composite cases are always additive. Thus, the section 
may be evaluated at the top and bottom at any time using provisions that 
apply to the state of the flange at that time." 
This basic concept or approach is applied in the current research for the development of 
modified (AASHTO 2001) flexural strength equations that accommodate lateral flange 
bending associated with girder lateral bending moments and/or torsion. 
For composite noncompact girders in negative bending, the standard flexural strength 
equations in AASHTO LRFD (2001) are currently written in terms of the flange elastic 
bending stresses. Noncompact girders are defined as those for which the slenderness of 
the compression flange (bf/2tf) and/or the web (2Dcp/tw) and/or the lateral brace spacing 
are not sufficient for the girder to be able to develop the plastic moment capacity Mp. In 
this case, the AASHTO LRFD equations for checking the lateral stability of the 
compression flange are based on the fundamental lateral-torsional buckling equation of 
an I beam, but with the contribution of the St. Venant torsional stiffness taken as zero. 
This results in the following simple expression for the basic elastic lateral buckling 
capacity, in terms of the compression flange vertical bending stress: 
F » = c b R b R f c 7 r
! ^ F ^ R b R l , F y c ( l-l) 
where Fn is the nominal strength, Q, is the moment-gradient modifier, Rb is the load 
shedding factor associated with web bend buckling, Rh is the hybrid girder factor, Fyc is 
the yield strength of the compression flange, rt is the radius of gyration of a notional 
section composed of the compression flange plus one-third of the depth of the web in 
compression, Lb is the laterally-unsupported length, and Lb/rt is the lateral-torsional 
buckling slenderness parameter. 
Equation (1 -1) can be obtained by starting with the fundamental elastic lateral-
torsional buckling equation for a doubly-symmetric noncomposite I-beam, multiplying by 
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Rb and Rh, setting the St. Venant torsional stiffness parameter J equal to zero, and making 
the approximation that the distance between the mid-thickness of the flanges (h) is 
approximately equal to the total depth of the section (d) as well as the depth of the web 
(D). This is reviewed in Chapter II, and a proof is given that the proper definition of rt is 
indeed as specified above. Also in Chapter II, it is shown that this equation can be 
applied to accurately estimate the lateral-torsional buckling capacity of nonsymmetric I 
girders, if rt is still defined as the radius of gyration of the compression flange plus one-
third of the depth of the web in compression. In summary, the current (AASHTO 2001) 
equations for the lateral-torsional buckling strength of composite girders (in negative 
bending) are based on the strength of an equivalent all-steel girder that has the same 
depth of web in compression (Dc). The beneficial effect of any torsional restraint from 
the bridge deck is neglected. 
For noncomposite I girders that are not longitudinally-stiffened and in which the web 
load-shedding factor due to bend buckling (Rb) is less than one at fb = Fyc, the current 
AASHTO LRFD Specifications (AASHTO 2001) effectively check the lateral stability of 
the compression flange based on Eq. (1-1) ' . However, for these types of sections, the 
flexural capacity is expressed in terms of the vertical bending moment instead of the 
flange stress, and the Specifications define rt as just the radius of gyration of the 
compression flange ryc. The definition of rt = ryc for this case appears to be an error, since 
it is evident that the composite and noncomposite equations are based on the same 
fundamental lateral-torsional buckling relationship, and since the use of rt = ryc leads to a 
prediction that the lateral-torsional buckling strength of a composite girder is less than 
that of the corresponding equivalent all steel girder. By including one-third of the depth 
of the web in compression in computing rt, and by the subsequent use of this rt within the 
slenderness parameter for lateral-torsional buckling (X = Lb/rt), the lateral destabilizing 
effect that the compressed portion of the web has on the compression flange is always 
accounted for. Equation (1-1) can be viewed as a check of the compression flange plus a 
portion of the web as an equivalent axially compressed column. 
A linear transition equation is provided in (AASHTO 2001) for calculation of the 
inelastic lateral buckling strength of composite and transversely-stiffened noncomposite 
girders with Rb< 1 at ft, = Fyc, i.e., noncomposite slender-web sections. This equation can 
also be shown to be identical for both composite and noncomposite girders, and can be 
written in terms of the flange vertical bending stress. 
In noncomposite longitudinally-stiffened I girders, and in noncomposite transversely-
stiffened I girders when Rb = 1 at fb = Fyc, the current AAHSTO LRFD Specifications 
(2001) specify the lateral-torsional buckling strength as the fundamental lateral-torsional 
buckling equation for an I beam with the St. Venant torsional constant J included. 
Chapter II shows that this equation also can be written in a very simple and useful form 
in terms of the compression flange stress. The logic behind the approximation of J=0 for 
2 The term fb is the flange stress due to vertical bending moment, computed by an elastic design 
analysis. 
3 These types of girders are typically referred to as "slender-web" sections (AISC 1999). 
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other noncomposite situations is that, if the girder is not longitudinally stiffened or if web 
bend buckling occurs prior to development of the design condition, web distortion is 
likely to significantly degrade the lateral buckling resistance. It can be argued that if 
Rb = 1 at fb = Fyc for a noncompact composite girder in negative bending, J should be 
included within the calculation of its lateral-torsional bending resistance. It appears that 
the Specifications assume J = 0 for all cases involving noncompact composite girders in 
negative bending for reasons of simplicity of the design provisions. An alternative 
simple set of design equations is proposed in this research that allows the use of J > 0 for 
straight nonslender web composite I girders in negative bending. 
In summary, all the AASHTO LRFD (2001) formulas for the lateral stability of the 
compression flange can be expressed in terms of the flange vertical bending stress. In 
Chapter n, it is shown that this facilitates a unified treatment of composite and 
noncomposite beams subjected to combined vertical and lateral flange bending. 
1.4.2 Approximate Equivalency Between the Flanges of an I Girder and a General 
Beam-Column for Checking of Strength 
For a horizontally-curved I girder with a constant radius of curvature R, subjected to 
uniform vertical bending, if we assume that the horizontal curvature due to the initial 
geometry plus the girder deformations is small, then its effect can be expressed as an 
equivalent distributed lateral loading on the flanges of 
f A 
q = i £ ^ (1-2) 
R 
where Af is the area of the flange and fb is the average normal stress in the flange, 
computed from the vertical bending moment as 
f > - ^ a-3) 
X 
where Ix is the moment of inertia, which can be approximated as 
A h 2 
I,=^f- d-4) 
and h is the distance between the mid-thickness of the flanges. Furthermore, if we 
consider an internal unbraced segment of the curved girder and assume that the flange 
rotations are effectively fixed at the cross-frame locations due to approximate symmetry 
end-conditions, we can approximate the flange end lateral moments as 
M ( = ^ l (1-5) 
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where M£ is the lateral bending moment in the flange at the support. Then, by 
substituting Eqs. (1-2) through (1-4) into Eq. (1-5), we obtain 
MU 2 n „ 
Mf= (1-6) 
' 12Rh 
This formula is a well-known approximate expression for the lateral flange bending 
moment in curved I girders, commonly referred to as the V-Load equation (Pbellot 1987; 
Fiechtl et al. 1987; Hall and Yoo 1998). The corresponding distribution of the flange 
lateral bending moments along the girder unsupported length is illustrated in Fig. 1.4.1. 
It should be noted that based on the above simple model, the moments within the top and 
bottom flanges of an I girder both have the distribution shown in this figure, but they are 
in opposite directions. The moments within the compression flange are associated with 
an increase in its horizontal curvature whereas the moments within the tension flange are 
associated with a straightening of its geometry. 
For the purposes of the discussion here, the important point is not the result of Eq. 
(1-6), but rather that the horizontal-curvature effects can be approximated by the 
equivalent horizontal load q given by Eq. (1-2). Conceptually, the flange may be 
designed approximately as an equivalent beam-column subjected to this loading as well 
as the constant flange axial force due to the equal and opposite bending moments applied 
at the ends of the unbraced length. This equivalent beam-column is loaded 
predominantly within the plane of the flange plate, and is effectively restrained by the 
remainder of the I girder in the direction of the plane of the web. The influence of any 
torsional shear stresses within the flange is neglected, and it is assumed that the overall 
torsion on the complete I girder cross-section is resisted entirely by lateral bending (or 
warping) of the flanges. 
If the vertical bending moment is not constant along the unbraced length due to the 
presence of vertical shear in the girder, then the effective loading on the compression 
flange is more complex. The influence of the horizontal curvature may still be 
represented approximately by Eq. (1-2) at any section along the length of the girder. 
However, due to the shear flow transferred between the web and the flange, the flange is 
also loaded effectively by a distributed tangential load along its length. Therefore, the 
corresponding equivalent beam-column is similar to that for the uniform vertical bending 
case, but the axial force varies along the length of the member. 
For a general straight or curved, composite or noncomposite I girder subjected to 
vertical bending as well as torsion and/or lateral bending from whatever the source 
(geometry and/or applied loading), it is assumed in this research that the elastic vertical 
bending stresses (ft,) and lateral bending stresses (Q within a steel flange can be 
computed accurately based on the analysis model selected by the engineer, e.g. from an 
approximate analysis equation (such as Eq. (1-6)) or from a direct elastic analysis of the 
bridge superstructure. The term "steel flange" is used here to distinguish the flanges that 
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Figure 1.4.1. Distribution of flange lateral bending moments along a girder 
unsupported length due to uniform vertical bending moment, based on the V-Load 
method. 
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assumed that the lateral bending is taken predominantly by the slab at the top flange of 
composite girders. Therefore, after the structural integrity of the deck is established, the 
top flange of a composite girder can be checked simply for the vertical bending stress fb. 
In the above general cases, it is assumed for the purposes of conducting a strength 
check that any steel flanges, loaded in tension or compression, can be considered as a 
general two-dimensional beam-column subjected to distributed axial and/or lateral forces 
as well as applied end axial forces and moments. Furthermore, it is assumed that if the 
flange stresses are amplified significantly due to second-order effects, an accurate 
estimate of the second-order elastic amplification has been determined within the analysis 
(typically by application of amplification factors to the first-order elastic stresses). 
If the above equivalent beam-column concept is accepted, then it is possible that the 
AASHTO LRFD (2001) beam-column interaction equations, which are the same as the 
beam-column interaction equations specified in the AISC LRFD Specification (1999), 
can be used for checking a flange subjected to a combined axial and lateral loading. Of 
course, these beam-column interaction equations are not directly intended for cases in 
which the axial force varies along the length of the member. This is handled within the 
conceptual approach suggested here by the inclusion of the moment gradient modifier Ct>. 
Furthermore, an appropriate (and the most transparent) way of visualizing the effect of 
the hybrid (Rh) and load shedding (Rb) factors in the design of I girders is that the 
estimated actual flange stress is equal to fb / RhRb- That is, the effect of making the web 
hybrid and/or slender is that the flange stresses (or the applied axial loads on the 
equivalent beam-column representing the steel flange) are increased. 
It can be shown that in certain cases, the (AASHTO 2001) and (AISC 1999) beam-
column interaction equations are a conservative representation of the strength. For 
example, if we consider a member loaded in tension and lateral bending, the theoretical 
full-plastic strength of the cross-section would give us a better representation of the 
member strength (ignoring any strength reduction due to holes within the cross-section or 
due to the introduction of the tension force to the member). This is illustrated for a 
beam-column with a rectangular cross-section, i.e., for the beam-column equivalent of 
the girder flanges, in Fig. 1.4.2. 
Furthermore, it can be shown that in certain cases involving weak-axis bending and 
axial compression of I or rectangular shapes, the slope of the actual beam-column 
interaction strength data in the vicinity of the maximum axial load capacity (i.e., for small 
lateral bending moments) is significantly smaller (flatter) than the slope of the (AASHTO 
2001; AISC 1999) interaction curve. Finally, a local buckling mode of failure of a 
compression flange would be analogous to the failure of a beam-column member in a 
torsional or torsional-flexural mode. It is possible that the strength in this mode of 
failure may also be represented conservatively by the (AASHTO 2001; AISC 1999) 
interaction curves. Therefore, a more liberal approximation of the effect of lateral 
bending on the axial strength of the flange, and hence on the vertical bending strength of 
an I girder, may be possible than simply a strict application of the (AASHTO 2001; AISC 
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1999) beam-column interaction curve to the equivalent beam-column. This issue is 
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Figure 1.4.2. Comparison between the AISC LRFD/AASHTO LRFD beam-column 
interaction and the theoretical full plastic strength curves for a rectangular section. 
As a final note regarding the concept of treating the steel flanges as an equivalent 
beam-column, one quality of the (AASHTO 2001; AISC 1999) beam-column interaction 
equations is significant and should be discussed. The developers of these equations 
specified explicitly that the input to the design equations should be the maximum second-
order elastic moment (or equivalently, the maximum second-order elastic lateral bending 
stress) (Yura 1988; ASCE 1997). By doing this, they separated the analysis problem of 
determining the second-order forces within the system from the problem of checking the 
design resistances. This in turn allowed them to quantify the beam-column design 
resistances by the simple bi-linear relationship shown in Fig. 1.4.2. This philosophy is 
also adopted within the present research. It is assumed that the appropriate second-order 
elastic stresses are obtained within the analysis of the bridge system (typically by the use 
of a first-order elastic analysis along with appropriate amplification factors). 
The equivalent beam-column approach obviously is of limited validity for highly 
curved members in which the subtended angle between the lateral bracing locations is 
large. However, within the maximum limit of Lb/R = 0.10 adopted in this study (and 
based on limit studies, also significantly beyond this limit), it is believed that the 
equivalent beam-column analogy serves as a useful and accurate design approximation. 
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1.4.3 Use of All-Steel Tests for Quantifying the Strength of Composite I Girders 
Although the strength of the bottom flange in the negative moment region of a 
composite I girder may receive some benefit due to the torsional restraint provided by the 
bridge deck, this torsional restraint is neglected in this research. It is assumed that the 
steel flange strength in such a case (i.e., the strength of the bottom flange) can be 
represented sufficiently by studying an equivalent all-steel girder with the same depth of 
web in compression (Dc). This assumption is consistent with the approach for checking 
the steel flange stability in the AASHTO LRFD (2001) straight-girder strength 
provisions, and it is consistent with the approach taken in the Recommended 
Specifications (Hall and Yoo 1998) for handling the strength check of curved steel I 
girders (see Section 1.4.1). 
1.5 ORGANIZATION 
Chapter II provides a summary of a wide range of design equations for flexural 
strength, shear capacity and moment-shear interaction from current design standards as 
well as from prior research. The intent is to: (1) summarize the strength predictor 
equations in a consistent notation, such that the different equations can be easily 
compared, and (2) discuss the background and important qualities and limitations of the 
different equations. Also, this chapter summarizes the design predictor equations that are 
recommended based on this research. The studies leading to these recommendations, 
which include the evaluation of the most promising and well known existing equations as 
well as the recommended design equations, are then addressed within the subsequent 
chapters of the report. 
Chapter IE explains the details of the finite element models developed in this 
research. The various modeling assumptions and decisions, including the definition of 
stress-strain properties, initial geometric imperfections and residual stresses are 
discussed. 
In Chapter IV, the capabilities of the finite element models (as detailed in Chapter IH) 
as well as the most promising and well known design equations from Chapter II are 
evaluated versus experimental test results from prior and on-going research (Mozer et al. 
1970, 1971, and 1973; Zureick and Kim 2000; Hartmann 2000; Hartmann and Wright 
2001; and Zureick et al. 2001). 
In Chapter V, the overall design of the parametric studies conducted in this research 
is presented. These studies are utilized to evaluate the accuracy of the various strength 
predictor equations summarized in Chapter II as well as attributes of the maximum 
strength limit states behavior, particularly the extent and magnitude of the pre-peak 
nonlinearity and the post-collapse load-shedding characteristics as a function of the girder 
geometry. 
Chapter VI presents a sample of detailed results from the finite element parametric 
studies. The results for uniform vertical bending, high-moment low-shear, and high-
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moment high-shear cases are considered with an emphasis on synthesis of the overall pre-
and post-peak load-deflection characteristics, and the assessment of the deformed 
geometries and girder cross-section distortions at the peak load levels. Subsequently, 
Chapters VH and VDI focus on the synthesis of the parametric study results pertaining to 
the flexural and shear strengths of steel I girders. The analysis solutions for the 
maximum strength are evaluated and compared to selected design predictor equations 
described in Chapter n. 
Chapter IX investigates the interaction between flexural and shear strengths for high 
levels of combined bending (vertical and lateral) and shear, in which case, the magnitude 
of shear force may cause some reduction in the flexural capacity or vice-versa. This 
chapter deviates from the other chapters in that the elastic design analysis stresses are 
calculated using a curved first-order open-walled section beam finite element. By using 
this approach for calculation of the elastic design stresses, the implications of potentially 
neglecting second-order amplification and web distortion effects in the context of the 
proposed design rules are highlighted. By neglecting these effects in the elastic design 
analysis, the elastic lateral bending stresses are somewhat smaller, and therefore the 
capacities predicted by the recommended resistance equations are somewhat larger. First 
and second-order elastic design analysis stresses are computed using shell finite element 
models in all the other studies within this research, such that any effects of web distortion 
are accounted for. 
Chapter X provides summary observations and discusses further research needs. 
Appendices A, B and C provide detailed information from all of the individual 
parametric analyses conducted in this research. The intent of these appendices is to 
provide the data necessary for engineers and researchers to verify the design equation 
results presented in Chapters V through IX, and also to provide the data such that 
researchers can use the analysis results from this research to evaluate other potential 
design predictor equations. Appendix A provides detailed analysis and design results 
from the parametric studies that focus on flexural strength (Chapter VE), and Appendix B 
provides this information for the shear strength studies (Chapter VDI). Appendix C 
summarizes the key analysis results associated with the moment-shear interaction plots in 
Chapter IX. 
Appendix D summarizes parameters pertaining to the modeling of initial geometric 
imperfections in the full nonlinear finite element studies, and Appendix E details the 
Gauss point residual stresses defined for each of the cross-sections considered in this 
research. 
Finally, detailed miscellaneous cross-section plate lengths and thicknesses for the 
parametric test specimens studied in this research are summarized in Appendix F, while 




OVERVIEW OF DESIGN EQUATIONS 
This chapter provides a summary of a wide range of design equations for flexural 
strength, shear capacity and moment-shear interaction from current design standards as 
well as from prior research. The intent is to: (1) summarize the different resistance 
equations within a consistent notation, such that the different approaches can be easily 
compared, and (2) discuss the background and important qualities and limitations of the 
various equations. This chapter also summarizes design predictor equations that are 
recommended based on this research. The research leading to these recommendations, 
which largely involves the evaluation of the recommended as well as the most promising 
and well known existing design equations, is then addressed within the subsequent 
chapters of the report. 
Section 2.1.1 gives an overview of a slightly modified form of the current AASHTO 
LRFD (2001) flexural design equations for straight I girders. The current AASHTO 
LRFD equations for design of composite and noncomposite I girders against lateral 
buckling are implicitly the same fundamental equations, but are expressed in different 
formats within separate sections of the Specifications. The straight-girder equations 
presented in this section are a unified and simplified statement of the AASHTO LRFD 
equations, consistent with the fundamental base lateral-torsional buckling formulas. 
Several modifications are suggested to ensure a more consistent application of the lateral-
torsional buckling formulas to all types of composite and noncomposite I girders. 
Furthermore, the proposed modified equations include a change in the flange local 
buckling (FLB) resistance formulas. This change makes the recommended FLB 
equations consistent with beam and plate girder strength equations within the AISC 
LRFD (1999) Specification, and provides significant improvements relative to the 
accuracy of the current AASHTO LRFD (2001) formulas. The AASHTO LRFD FLB 
equations are grossly conservative compared to experimental and analytical data for cases 
in which the flanges are close to the (AASHTO 2001) fabrication limit of bf/2tf < 12. 
Furthermore, the shape of the current .AASHTO FLB curve (Fn versus bf/2tf) is concave, 
whereas the trend in the data from analytical and experimental studies tends to be convex. 
The AISC LRFD (1999) Specification provides a more accurate linear transition curve 
for flange inelastic buckling strength. 
After the presentation of the proposed modified AASHTO straight-I girder equations, 
an extensive summary of key existing flexural design equations for curved steel I girders 
is provided. This summary includes the equations from the Recommended Specifications 
(Hall and Yoo 1998) and from recent comparable Japanese design standards (Hanshin 
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1988), as well as various key design equations that have been proposed in prior research. 
The qualities and limitations of the various equations are discussed. 
With the discussion of the qualities and limitations of all the above equations as a 
background, Section 2.1.9 gives the motivation for and summarizes a set of proposed 
extensions to the modified AASHTO straight I girder design formulas to account for 
lateral flange bending due to torsion and/or applied lateral loading. The recommended 
flexural strength equations can be studied by reading only Sections 2.1.1 and 2.1.9. 
Section 2.2 summarizes the shear strength equations and associated concepts from the 
Recommended (Hall and Yoo 1998) and the current AASHTO LRFD (2001) 
Specifications. Also, shear strength formulas recently proposed by Lee and Yoo (1998) 
are discussed, and a simple modification of the current AASHTO LRFD (2001) shear 
strength expressions, based on the research by Lee et al. (1996), is proposed. The 
recommendations of the current research regarding the calculation of shear capacity are 
summarized at the end of this section. 
Finally, Section 2.3 summarizes how potential interaction between the bending and 
shear strengths is addressed within the Recommended (Hall and Yoo 1998) and 
AASHTO LRFD (2001) Specifications, and explains the conclusions from this research 
regarding the consideration of moment-shear interaction within the context of the 
proposed flexure and shear strength equations. 
2.1 VERTICAL BENDING STRENGTH 
2.1.1 Modified AASHTO LRFD (2001) Equations for Straight Girders 
The proposed modified AASHTO LRFD (2001) equations for straight girders can be 
expressed in a simple succinct form as summarized below. Equations for the capacity of 
straight composite girders in positive vertical bending are not listed here. These 
equations should be the same as or similar to those specified in the current Specifications 
(AASHTO 2001). All of the flexural strength equations are written in terms of the elastic 
flange stresses due to vertical bending. As discussed in Chapter I, this facilitates the 
usage of the design equations for both composite and noncomposite design. 
2.1.1.1 General Equations 
For flanges subjected to tension and for compression flanges that meet compactness 
requirements for local and lateral buckling, the girder strength can be represented as 
—^— <Fy (2-1) 
RbRh
 y 
where Fy is the yield strength of either the compression flange (Fyc) or the tension flange 
(Fyt). Furthermore, if the girder slenderness X for either lateral-torsional or compression 
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flange local buckling falls between the compact limit (Xp) and the limit associated with 
the transition from inelastic to elastic buckling (^r), i.e., if ^p < X< XT, then the strength 
can be expressed by the following inelastic buckling linear transition equation: 
fb 
R„R„ 
^ C b 
i (F y c -F L ) fX-A ^ p Fyc<Fyc (2-2) 
where FL is the flexural stress corresponding to the onset of significant inelasticity, taken 
as the smaller of (Fyc - Frs) or Fyw, and Frs approximates the effect of residual stresses 
within the compression flange. For general application of the AASHTO flexural strength 
equations to plate girders with Fyc up to 690 MPa (100 ksi), Frs= 0.5 Fyc is recommended. 
This makes Eq. (2-2) consistent with the comparable equation for plate girder design 
within the AISC LRFD Specification (1999). However, the authors have found in this 
research that slightly better correlation with finite element and experimental test results is 
obtained if Frs is assumed equal to 114 MPa (16.5 ksi). This value of Frs is consistent 
with the provisions in (AISC 1999) for welded beams. For checking of rolled beams, 
Frs = 69 MPa (10 ksi) is recommended, which is consistent with the AISC LRFD 
Specifications (1999) for checking of rolled I sections. All the AASHTO LRFD based 
evaluations in this research are conducted with Frs = 114 MPa (16.5 ksi) and Fyc = 345 
MPa (50 ksi). For homogeneous Grade 345 girders, the use of Fre = 0.5Fyc makes Eq. 
(2-2) a maximum of less than two percent conservative for the local flange buckling 
checks and a maximum of approximately nine percent conservative for checking of 
lateral-torsional buckling relative to the use of Frs = 114 MPa (16.5 ksi). 
For slenderness values large enough such that the strength is governed by elastic 
buckling, i.e., for X > XT, the strength may be expressed in terms of the compression 
flange stress as 
4 
R b R h 
^ F e < F v c (2-3) 
where the symbol Fe represents the elastic vertical bending stress corresponding either to 
lateral-torsional or local flange buckling. 
Generally, Eqs. (2-1) through (2-3) must be applied to check both the local and lateral-
torsional buckling strengths. The nominal design strength is taken as the smaller of these 
separate checks. 
2.1.1.2 Flange Local Buckling Parameters 
For checking of local flange buckling, Eqs. (2-2) and (2-3) are expressed in terms of 
the compression flange slenderness 
A, = bf/2tf (2-4) 
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1=1.901 £ — (2-6) 
Equation (2-5) is the current compact-flange slenderness limit specified in both (AISC 
1999) and (AASHTO 2001). Equation (2-6) is the current noncompact flange 
slenderness limit provided in (AISC 1999), if FL is taken as 0.5 Fyc, and if the AISC 
flange buckling coefficient is expressed as1 
k c= , \ (2-7) 
Equation (2-6) is derived simply by setting the flange elastic local buckling strength, with 
the buckling coefficient kc specified by Eq. (2-7), equal to FL. Implications regarding the 
usage of Eq. (2-7) are discussed below. Finally, for checking of flange local buckling 
Cb = 1 (2-8) 
since Cb is the modifier that accounts for the effect of moment-gradient on lateral-
torsional buckling. The effect of moment gradient on flange local buckling (FLB) 
strength can be significant for cross-sections with highly compact flanges and webs, 
resulting in reliable maximum strengths as high as 0.5(FU/Fy + 1)MP (Lay and Galambos 
1967). However, the influence of moment gradient on the FLB strength of I sections 
with noncompact or slender webs is not well understood, and to the authors' knowledge, 
is not considered in any of the major international steel design standards. 
Figures 2.1.1 and 2.1.2 compare the flange local buckling strength as predicted by 
Eqs. (2-1), (2-2) and (2-3) with Frs = 114 MFa (16.5 ksi), to a CRC-type FLB strength 
equation proposed by Johnson (1985) based on experimental tests of symmetrical I-
beams with D/tw ratios ranging up to 245, and to the AISC LRFD (1999) and current 
AASHTO LRFD (2001) flange strength equations. Figure 2.1.1 shows the comparison 
for a web slenderness of 2Dc/tw of 140, and Figure 2.1.2 compares the flange strength 
predictions for 2Dc/tw =163. The value 2Bc/tw = 163 is the maximum web slenderness 
allowed for transversely stiffened Grade 345 girders in AASHTO (2001). 

































Figure 2.1.2. Straight flange local buckling strengths (2Dc/tw = 163, Fyc = 345 MPa). 
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It can be observed that the AASHTO LRFD (2001) flange local buckling strengths 
are quite conservative relative to the other strength curves. This is due to the fact that 
the current AASHTO strength equation is based on Eq. (2-6) but with FL equal to 1.9Fyc. 
Equation (2-6), with FL = 1.9Fyc, gives a reasonable compact flange slendemess limit that 
includes an approximation of the influence of the web on the flange stability. However, 
to obtain an expression for the flange local buckling strength, AASHTO sets Fyc in the 
resulting equation to the actual applied stress under the design loading, fb, and then solves 
the resulting equation for fb. This amounts to a requirement that the compression flange 
slendemess needs to satisfy a compactness limit, based on the assumption that fb is the 
flange yield strength. However, if fb is less than Fyc, the flange does not need to be 
subjected to this strict of a requirement on its slendemess, since lesser inelastic straining 
is required to reach fb than Fyc. As a result, the AASHTO LRFD expression for the 
flange strength is quite conservative for X == bf /2tf values approaching the maximum 
fabrication limit of 12 allowed by (AASHTO 2001). 
It should be noted that for Fyc < 480 MPa (70 ksi), the flange local buckling strengths 
specified by the proposed as well as the AISC LRFD (1999) equations are never 
controlled by elastic buckling (for flanges that satisfy the requirement of bf/2tf < 12). 
Nevertheless, the flange elastic local buckling strength can be specified as 
F = kc% E (2-9) 
e 12(l-v2)(b f/2t f)
2 v J 
The AISC LRFD (1999) strength curves shiown in Figs. 2.1.1 and 2.1.2 are 
approximately equal to the strength curves obtained based on Eqs. (2-1) through (2-7). 
The only differences are that the AISC LRFD strength curve is based on the equation 
k = . 4 , 0.35 <k < 0.763 (2-10) 
VDTC 
rather than Eq. (2-7), and Frs is taken as 0.5Fyc rather than 114 MPa (16.5 ksi). The 
differences between the kc values from the two equations for 2Dc/tw = D/tw =140 are 
practically negligible. However, for 2Dc/tw = D/tw = 163, Eq. (2-7) gives kc = 0.31 while 
Eq. (2-10) limits kc to 0.35. This causes a minor shift in the inelastic transition curve in 
Fig. 2.1.2; XT = 15.6 by Eq. (2-6) whereas Xr = 19.2 by the comparable AISC LRFD 
(1999) equation with kc defined by Eq. (2-10). The lower limit of kc = 0.35 specified in 
Eq. (2-10) is approximately the minimum value of kc that can be back-calculated from 
Johnson's (1985) experimental data. The web slendemess has to be smaller than D/tw = 
27.5 for the upper limit of kc = 0.763 in Eq. (2-10) to control. Therefore, the upper limit 
on kc in Eq. (2-10) applies for many of the heavy rolled beam and column wide flange 
shapes in (AISC 1993); however, this limit does not control for any practical welded 
plate girder sections. The AASHTO LRFD Specifications (2001) disregard these limits 
and use Eq. (2-7) implicitly in several of their equations. 
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It is useful to compare Eqs. (2-7) and (2-10) to the equation 
4.05 
(D/tJl K = , „ . ' . ...46 (2-") 
developed by Johnson (1985) based on curve-fitting to kc values back-calculated from his 
experimental tests. Johnson's back-calculation of kc values is based on equating the 
strength predicted by the CRC-based equation 





T~ e J 
(2-12) 
>xc where Fe is given by Eq. (2-9), to the computed elastic flange stress fbmax = Mmax / S, 
determined from the maximum bending moment Mmax achieved within his tests. Third-
point loading through gusset plates attached to the bottom flange, producing uniform 
bending moment within the center third of the span, was employed in one set of 
Johnson's tests, and the beams were loaded with four concentrated loads through gussets 
attached to the bottom flange in a second set of tests. 
Figure 2.1.3 compares Johnson's equation for kc (Eq. 2-11) to the corresponding 
explicit AISC LRFD and implicit AASHTO LRFD equations, Eqs. (2-10) and (2-7) 
respectively, and to the values for kc back-calculated from Johnson's data using Eqs. 
(2-11) and (2-12). It can be observed that the AASHTO and AISC equations are 
accurate to conservative relative to Johnson's data. If 2Dc/tw = D/tw values less than 27.5 
are neglected as being unrealistic for checking of flange local buckling in bridge beams 
and girders, then it can be argued that the simpler Eq. (2-7) implicitly utilized in 
(AASHTO 2001) is a suitable conservative representation of Johnson's test data. 
The above equations for kc are simple expressions that consider neither the influence 
of the compression flange slendemess, bf/2tf, nor the influence of the relative area of the 
compression flange to the area of the web. These parameters are certain to affect the 
flange local buckling stability coefficient in general. Formulations are available for 
calculating the "exact" elastic kc values, e.g., (Zureick and Shih 1995 and 1998). 
However, preliminary studies indicate that such formulations do not provide an 
improvement in the correlation with the test data for girders within the flange slendemess 
limits currently given in the AASHTO bridge-design specifications. In general, the local 
buckling limit state at the current flange slendemess limit of bf/2tf= 12 in the AASHTO 
Specifications always involves inelastic response (at least for Fyc < 480 MPa (70 ksi)). It 
can be stated that Eq. (2-7) gives an estimated lower-bound effect of interaction between 
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Figure 2.1.3. Straight flange local buckling stability coefficient, kc. 
2.1.1.3 Base Lateral-Torsional Buckling Equations 
For checking of lateral-torsional buckling, Eqs. (2-2) and (2-3) are expressed in terms 
of the slenderness parameter 
X= Lb/rt (2-13) 
where as discussed below, rt should be computed as the radius of gyration of a notional 
section comprised of the compression flange plus one-third of the depth of the web in 
compression, taken about the vertical axis. The compactness limit for lateral-torsional 
buckling is taken as 
(2-14) 
Equation (2.14) is the base compact lateral bracing limit (for uniform vertical bending 
and Cb = 1) specified in AISC LRFD (1999) for plate girders, and it is the base compact 
lateral bracing limit for I-shaped members that do not satisfy the requirements for 
development of moment capacities larger than the yield moment My in the current 
AASHTO LRFD Specifications (2001). AISC LRFD (1999) uses the same limit 
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(Eq. (2-14)) for all other types of I sections as well, but with X defined as Lt/ry (which is 
generally greater than Lb/rt). AASHTO LRFD (2001) specifies that members must 
satisfy the AISC LRFD (1999) plastic design lateral bracing limits as one requirement to 
be able to develop vertical bending capacities larger than the yield moment. 
Prior to discussing the noncompact limit for lateral-torsional buckling (A,r), it is useful 
to consider the fundamental elastic lateral-torsional buckling equation for a doubly 
symmetric I beam: 
I C + E T G J (2-15) 
where Cb is the magnifier which accounts for the effect of moment gradient on the lateral 
buckling capacity, Sxc is the elastic section modulus associated with the compression 
flange, Iy is the moment of inertia of the full cross-section about the vertical axis in the 
plane of the web, Cw is the cross-section warping constant, and J is the St. Venant 
torsional constant for the section. If we make the substitutions 
I y s 2 I y c (2-16a) 
G = — - — (2-16b) 
2(1 + v) 
ivh2 ^y 
C . s - ^ s - ^ - (2-16c) 
and 
S x c = — L (2-16d) 
xc (d/2) v } 
where Iyc is the moment of inertia of the compression flange taken about the vertical axis 
of the web, h is the distance between the mid-thickness of the flanges, and d is the total 
depth of the cross-section, we obtain, after some algebraic manipulation 
F e = 7 t E - ^ i ^ >
2 | — + — — — (2-17a) 
SM Lb V l
L b J (l + v ) I , 
or 
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ÊVKI rzr_j_A.Ll (2.17b) 
b L2b 21, V n
2(l + v)SxchIyohd 
Also, we can write 




2 /12) A ch/d + AWD
2 /6 hd 
(2.18a) 
where D is the depth of the web plate. If we assume that h, d and D are approximately 
equal, Eq. (2-18a) is a close approximation of 
r2 = A c b f / 1 2 (2.i8b) 
A c + A w / 6 
where rt is the radius of gyration of the compression flange plus one third of the depth of 
the web in compression. Therefore, if we make this substitution into Eq. (2-17b), we 
obtain 
JIJ_EL 1 J 
b ^2 *'" n\l + v)Sxch 
F . = C b - r - l + - r — — — - X (2-19) 
based on X = Lb/rt. This is a very useful, simple form of the fundamental elastic lateral-
torsional buckling equation for a doubly-symmetric I section, expressed in terms of the 
flange vertical bending stress. All of the terms in this equation are well known in terms 
of their physical significance, and are commonly calculated as part of the design process. 
It should be noted that separate equations are provided for the elastic lateral-torsional 
buckling strength of composite and noncomposite girders in the current AASHTO LRFD 
Specifications (2001). However, both of the AASHTO equations are based on the same 
fundamental equation, Eq. (2.15). They are simply written in different formats. For 
composite girders in negative bending and for noncomposite transversely-stiffened 
girders in which the web load-shedding factor Rb is less than one at fb=Fyc, the current 
AASHTO provisions discount the contribution to the strength from St. Venant torsion. 
Therefore, the second term under the radical in Eq. (2-19) is taken equal to zero. The 
rationale for this approximation (in the case of noncomposite girders) is that, when Rb is 
less than one at fb=Fyc, cross-section distortion is more likely and therefore the 
contribution from St. Venant torsion may tend to be heavily nullified. By taking J = 0 in 
Eq. (2-19), we obtain 
7t2E 
F e = C b ^ - (2-20) 
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Presently, the AASHTO LRFD (2001) Specifications effectively use this equation 
with rt defined as the radius of gyration of the compression flange plus one-third of the 
depth of the web in compression for composite I girders. However, the same equation is 
used with rt = ryc, the minimum radius of gyration of the compression flange taken about 
the vertical axis, for noncomposite "slender-web" I-sections (i.e., sections for which Rb is 
less than one at fb = Fyc). This obviously produces an opposite effect from the expected 
trend in the behavior, since if anything, the torsional restraint from the bridge deck would 
tend to increase the capacity of the composite girder in negative bending. Based on the 
above developments resulting in Eqs. (2-19) and (2-20), it can be argued that rt should be 
calculated including the area from one-third of the depth of the web in compression. 
These equations are equivalent to the current AASHTO (2001) elastic lateral-torsional 
buckling equations. 
2.1.1.4 Application of Lateral-Torsional Buckling Equations to Unsvmmetric 
Girders 
Although Eqs. (2-19) and (2-20) are derived strictly based only on a doubly-
symmetric I section, they can be extended to apply to unsymmetrical noncomposite 
girders - and to composite girders in general - simply by calculating rt as defined above. 
Figures 2.1.4 through 2.1.6 compare the ratio of the strengths obtained from Eq. (2-20) to 
the strengths obtained from more accurate but more complex formulas for the elastic 
lateral-torsional bucking capacity of unsymmetric noncomposite girders presented in 
(AISC 1999) and (Kitipornchai and Trahair 1980), versus the ratio Iyc/Iy. "Exact" 
versions of the (AISC 1999; Kitipornchai and Trahair 1980) formulas (SSRC 1998) are 
used with J = 0 in producing these plots, and Iyc +1^ is used as an accurate approximation 
ofIy. 
The AASHTO LRFD Specifications (2001) explicitly restrict the use of their 
provisions for I girder design to 0.1 < Iyc/Iy < 0.9. Also, the AASHTO provisions are 
strictly applicable only to I girders in vertical bending with negligible longitudinal axial 
compression. In contrast, the provisions for rolled and built-up I-sections within 
Appendix F of the AISC LRFD Specification (1999) address combined bending with 
axial tension or compression, although the plate girder provisions in Appendix G of the 
AISC LRFD Specification also do not apply to cases with axial loads. 
It can be observed from Figs. 2.1.4 to 2.1.6 that, within the range of Iyc/Iy permitted 
by the AASHTO Specifications, Eq. (2-20) gives a conservative approximation of the 
buckling strength well within 10 percent of the exact formulas. In Fig. 2.1.4, the 
comparisons are made for girders with 2Dc/tw =139, which is the transition point 
between the definition of a nonslender and a slender web in (AISC 1999). Also, the bf/tf 
values of both flanges are assumed to be the same in order to obtain practical girder 
proportions that meet (AASHTO 2001) restrictions. The curves are plotted for D/bf 
values of 2 and 5 and b{/tf values of 10 and 24. These are intended as extreme or 
bounding values for all practical girder proportions. From Fig. 2.1.4, it can be seen that 
Eq. (2-20) is approximately two to five percent conservative compared to the exact 
equations even for Iyc/Iy = 0.5 (i.e., for a symmetrical girder). This is due to the 
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assumption of d = h = D in Eq. (2-20). Figure 2.1.5 shows the result for the most 
conservative case in Fig. 2.1.4 (2Dc/tw = 139, D/bfC = 2, bfC/tfC = iVtft =10) when the 
"exact" equation (Eq. (2-18a)) is used for rt
2. Figure 2.1.6 shows the ratio of Eq. (2-20) 
to the exact strengths for an upper bound web slendemess of 2Dc/tw = 277, corresponding 
to the limit based on AASHTO (2001) for a longitudinally stiffened girder, with D/bfC = 5 
and bfc/tfc = bft/tft = 24. Figures 2.1.4 through 2.1.6 are representative of the range of 
errors obtained for any girders with 2Dc/tw from 139 to 277, D/bfc from 2 to 5, and bfC/tfC = 
10 to 24. 
Figures 2.1.7 through 2.1.9 are similar plots to those discussed above, but with 
J = 2 bt3/3 from all the cross-section plate components. AASHTO LRFD (2001) 
specifies that this value of the St. Venant torsional constant is to be included in the 
lateral-torsional buckling calculations for "nonslender web" girders, i.e., girders in which 
Rb = 1 at fb = Fyc. When J = 0, the ratio of the approximate and exact equations is 
independent of the girder length; however, this ratio is not independent of the length for 
J > 0. Therefore, the curves in Figs. 2.1.7 - 2.1.9 are plotted at X = Lb/rt = ̂ r. 
The design parameters specified in Fig. 2.1.7 are the same as those for the curves in 
Fig. 2.1.4. It can be observed that when the St. Venant torsional constant J is included, 
the beam-theory based elastic lateral-torsional buckling strength for girders with small 
D/bfC and Iyc/Iy values tends to be significantly underestimated by Eq. (2-19). This is due 
to the fact that the use of Eq. (2-19) with rt based on one-third of the depth of the web in 
compression does not fully capture the torsional restraint offered by the large tension 
flange in these girders. Nevertheless, it can be argued that the girder proportions are 
somewhat unrealistic for the curves that show larger than ten percent conservative error 
in Fig. 2.1.7, and that for most practical girders, the errors are less than ten percent 
conservative. Fig. 2.1.8 parallels Fig. 2.1.5, and shows the errors if the "exact" rt (Eq. 
2.18a) is utilized. This curve shows the largest unconservative error (approximately two 
percent) for all the parameters studied. Lastly, Fig. 2.1.9 shows the results for the 
combination of D/bfC and bf/tf from Fig. 2.1.7, i.e., D/bfC = 2 and bf/tf =10, but with a 
representative lower-bound value for the web slendemess 2Dc/tw of 30. This case 
represents a practical upper bound for the conservative error of Eq. (2-19) with J > 0. 
It can be seen that the conservative error in this plot is approximately the same as the 
error in the curve for 2Dc/tw = 139, D/bfC = 2 and bf/tf = 10 in Fig. 2.1.7. 
For composite girders in negative bending and in which web distortion effects may 
nullify the contributions from St. Venant torsion, Eq. (2-20) can be applied 
conservatively to estimate the lateral buckling capacity of the compression flange. This 
is based on the logic that the composite girder can be replaced by an equivalent 
noncomposite girder with the same depth of the web in compression, and that for these 
equivalent girders, the composite girder would always possess greater strength due to the 
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Figure 2.1.4. Ratio of the elastic lateral-torsional buckling capacity predicted by Eq. 
(2-20) to the capacity predicted by the "exact" beam lateral-torsional buckling 
equations with J = 0 (SSRC 1998), plotted as a function of Iyc/Iy (2Dc/tw = 139, 
bfc/tfc = btt/tft). 
31 





I I I ! 
ro i l l ! ! 
i ! ! 
i i i 1 . 
*"*" O*^ <K 
— i 
0.95 
0.90 — j — ._ — | — _. — ^ — • 
0.1 0.2 0.3 0.4 0.5 
V l y 
0.6 0.7 0.8 0.9 
Figure 2.1.5. Ratio of the elastic lateral-torsional buckling capacity predicted by Eq. 
(2-20) using the "exact" rt (Eq. (2-18a) to the capacity predicted by the "exact" 
beam lateral-torsional buckling equations with J = 0 (SSRC 1998), plotted as a 
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Figure 2.1.6. Ratio of the elastic lateral-torsional buckling capacity predicted by Eq. 
(2-20) to the capacity predicted by the "exact" beam lateral-torsional buckling 
equations with J = 0 (SSRC 1998), plotted as a function of Iyc/Iy (2Dc/tw = 277, 
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Figure 2.1.7. Ratio of the elastic lateral-torsional buckling capacity predicted by Eq. 
(2-19) to the capacity predicted by the "exact" beam lateral-torsional buckling 
equations with J = Sbt3/3 (SSRC 1998), plotted as a function of Iyc/Iy (2Dc/tw = 139, 
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Figure 2.1.8. Ratio of the elastic lateral-torsional buckling capacity predicted by Eq. 
(2-20) using the "exact" rt (Eq. (2-18a)) to the capacity predicted by the "exact" 
beam lateral-torsional buckling equations with J = 2bt3/3 (SSRC 1998), plotted as a 
function of Iyc/Iy (2Dc/tw= 139, bfc/tfc = bft/tft = 10, D/bfc = 2, X = Lb/rt = Xr). 
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Figure 2.1.9. Ratio of the elastic lateral-torsional buckling capacity predicted by Eq. 
(2-19) to the capacity predicted by the "exact" beam lateral-torsional buckling 
equations with J = Zbt3/3 (SSRC 1998), plotted as a function of Iyc/Iy (2Dc/tw = 30, 
bfc/tfc = bft/tft = 10, D/bfc = 2, X = Lb/rt = Xr). 
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2.1.1.5 Relationship of Lateral-Torsional Budding Strength to Lh/bf 
If it is recognized that the radius of gyration rt can be approximated as 
r'sriI^k = Vi2aIia r )
 (2"21) 
where 
2D t a r = - ^ ^ L (2-22) 
Vfc 
is the ratio of two times the area of the web in compression to the area of the compression 
flange, utilized in the calculation of the web load-shedding factor Rb in (AASHTO 2001), 
Eq. (2-20) can be restated in a form that is more useful for understanding the influence of 
the compression flange geometric proportions: 
7T2E 7T2E 1 
F - = C b M J F = Cb(L^f)
212(l + | a r )
 (2_23) 
The relationship between this equation and rules stated in the Recommended 
Specifications (Hall and Yoo 1998) for the maximum allowable Lt/bf in curved I girders 
is commented upon in the subsequent discussions. Equation (2-21) can be obtained by 
algebraic manipulation from Eq. (2-18b). 
2.1.1.6 Lateral-Torsional Buckling Compact and Noncompact Bracing Limits 
The compact bracing limit with respect to lateral-torsional buckling is specified by 
Eq. (2-14). If Eqs. (2-19) and (2-20) are accepted as appropriate expressions for the 
elastic lateral-torsional buckling capacity, then the associated noncompact lateral bracing 
limits can be determined as 
L95E _ J _ / L 6 _ 7 6 FLSxch 





respectively. These equations are derived simply by equating the elastic lateral buckling 
strength given by Eqs. (2-19) and (2-20) to FL. That is, ^r is the slenderness Wr t 
corresponding to the transition from the inelastic lateral buckling strength curve given by 
Eq. (2-2) to the elastic lateral buckling strength given by either Eq. (2-19) or (2-20). If 
0.5Fyc is substituted for FL, Eq. (2-24b) becomes the noncompact lateral-bracing limit for 
plate girders specified in (AISC 1999). Also, this equation with FL = 0.5Fyc is the 
noncompact lateral bracing limit for composite I girders within the current AASHTO 
LRFD Specifications (2001). For I-beams and girders in which the contribution from St. 
Venant torsion is included, Eq. (2-24a) is a close approximation to the noncompact limit 
stated in (AASHTO 2001) if FL is taken as 0.5Fyc. It is a close approximation to the 
noncompact limit stated in (AISC 1999) for general I-shapes with nonslender webs, if Frs 
is taken as 114 MPa (16.5 ksi) for welded sections and 69 MPa (10 ksi) for rolled beams. 
2.1.1.7 Summary Assessment of Proposed Lateral-Tor sional Buckling Equations 
and Application of these Equations in this Research 
Based on the precedent set by the Recommended Specifications (Hall and Yoo 1998) 
and discussions with engineers on AASHTO T14 and on the AISI Bridge Research Task 
Force advisory groups to this project, a decision was made early in this research to 
discount the beneficial effects of the St. Venant torsional stiffness J when checking the 
strength of I girders subjected to lateral bending and torsion. Therefore, all the design 
studies in this work involving the use of the modified AASHTO LRFD lateral buckling 
formulas utilize Eq. (2-20) or the equivalent Eq. (2-23) as the base elastic lateral buckling 
strength. The conservatism of this simplification, and the potential for use of Eq. (2-19) 
as the base elastic lateral buckling strength for certain cases is addressed within the 
discussion of the research results (see Chapter VII). 
As noted previously, the use of Frs = 0.5Fyc is recommended in this work for general 
application of the AASHTO flexural strength equations to plate girders with Fyc up to 690 
MPa (100 ksi). However, the value of Frs = 114 MPa (16.5 ksi) is found to produce 
better correlation with the finite element and experimental test results for the 
homogeneous Grade 345 girders considered within this research than Frs = 0.5Fyc. 
Therefore, Frs1 = 114 MPa is utilized in the aipplication of recommended design equations 
throughout this report. Based on further research, it may be possible to liberalize the Frs 
= 0.5Fyc limit for other grades of steel and for hybrid girders; however, this is outside of 
the scope of the present work. 
Figures 2.1.10 and 2.1.11 show comparisons of the predictions of the resulting 
equations to other design predictor equations within the literature. It can be observed 
that the transition from inelastic to elastic buckling in the proposed equations occurs 
approximately at Lt/bf = 25. Furthermore, it can be observed that the nominal strength 
limit on the flange stress obtained from traditional straight-girder lateral-torsional 
buckling equations, utilized within the Recommended Specifications (Hall and Yoo 
1998), are slightly liberal compared to the proposed equations for Lt/bf values close to 
this noncompact lateral-bracing limit. This is due to the fact that the traditional flange 
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Figure 2.1.11. Straight girder lateral-torsional buckling curves (ar = 2). 
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same for all girders that have the same flange width, regardless of the proportions of the 
tension flange and web. The term ryc does not account for the potential destabilizing 
effects from compressive stresses in the web. 
It can be argued that the potential conservatism involved with neglecting any St. 
Venant torsional stiffness contribution to the lateral buckling capacity, and due to 
restraint from the deck in composite girders, compensates for the liberal assumption of 
the use of ryc in checking the lateral stability of the compression flange (rather than rt). 
The proposed equations are slightly liberal relative to the traditional flange lateral 
buckling strengths for Lb/bf values close to the compact bracing limit. This limit 
corresponds to Lb/bf values of about 11 to 12 in the figures (depending on the value of ar). 
The lateral buckling strength predictions using the current AASHTO LRFD (2001) 
equations for noncomposite slender-web and composite girders, but with the proposed 
interpretation of rt, are also shown within the plots in Figs. 2.1.10 and 2.1.11. As noted 
previously, these equations are based on Frs = 0.5 Fyc. Within the vicinity of the 
noncompact flange bracing limit (kT), the proposed equations are approximately a 
maximum of nine percent more liberal than the current AASHTO equations for 
homogeneous girders with Fyc = 345 MPa (50 ksi). 
Lastly, the proposed equations are also compared to the current AASHTO (2001) 
equations for noncomposite transversely stiffened I sections with Rb = 1 and for 
noncomposite longitudinally stiffened I sections, but with J taken conservatively equal to 
zero. The AASHTO (2001) Specifications allow the engineer to include J in calculating 
the capacity of these types of girders, but currently, to avoid the complexity of equations 
such as Eq. (2-24a), these Specifications do not include an inelastic buckling transition 
region. As a result, the corresponding equations, as plotted in Figs. 2.1.10 and 2.1.11, 
are more than 20 percent liberal compared to the proposed lateral buckling strength 
curves for girders with Lb/bf values close to 20. It can be shown that the corresponding 
equations also can be significantly liberal relative to the proposed equations when the 
St. Venant torsional stiffness parameter J is included. On this basis, the authors 
recommend that the AASHTO LRFD (2001) provisions for the flange lateral buckling 
capacity of longitudinally-stiffened girders and of transversely-stiffened girders with 
Rb = 1 should be modified to include the inelastic buckling transition region described by 
Eq. (2-2). 
2.1.1.8 Consideration of the Moment Gradient Magnifier Ch for Bridge Design 
The calculation of the moment-gradient magnifier Cb in bridge design merits some 
discussion. AASHTO LRFD (2001) specifies the following slightly modified version of 
the simple traditional definitions of this parameter: 
• for unbraced cantilevers, or for members where the moment within a significant 
portion of the unbraced segment exceeds the larger of the segment end moments: 
Cb = 1 (2-25) 
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• for all other cases: 
Cb = 1.75-1.05 
rn\ f P Y 
+ 0.3 _ _ i 
v p 
v hj 
< 2.3 (2-26) 
where Pi is defined as the force in the compression flange at the brace point with the 
lower force due to the factored loading, and Ph is defined as the compression flange force 
at the brace point with the higher force due to the factored loading. For noncomposite I 
girders in single-curvature bending, or noncomposite I girders in reversed-curvature 
bending with Dc = D/2, Eq. (2-26) is the same as the traditional version of this equation 
specified in the commentary of (AISC 1999). However, for noncomposite I girders in 
reversed-curvature bending with Dc > 0.5D, Eq. (2-26) is more conservative than the 
traditional equation, and conversely, for these types of girders and Dc < 0.5D, Eq. (2-26) 
is liberal relative to the traditional equation. The rationale for use of Pi and Ph in Eq. 
(2-26) is that this better reflects the fact that the dead and live load vertical bending 
moments due to factored loads are applied to different sections in composite girders. 
Also, this modification of the traditional formulas is believed to better reflect the stability 
behavior of singly symmetric noncomposite girders (AASHTO 2001). Equation (2-26) is 
intended strictly only for application to girders in which the steel cross-section is 
prismatic along the unsupported length; also, this equation is valid strictly only for a 
linear variation of the flange force along the unbraced length. 
The commentary of the AASHTO LRFD (2001) Specifications states, "It is 
conservative and convenient to use the maximum moment envelope at both brace points 
in this ratio or in computing Pi / Ph, although the actual behavior depends on the 
concurrent moments at these points." It is useful for the engineer to understand the proof 
of this statement. 
Strict application of the Cb equation requires the calculation of the concurrent 
moments at adjacent brace points; that is, calculation of the governing value of Ph at the 
brace point with the higher force using the critical moment from the maximum moment 
envelope, along with the calculation of the value of Pj at the brace point with the lower 
force using the concurrent moment at that point. However, since concurrent moments 
are normally not tracked in bridge analysis, it is convenient and always conservative to 
use the worst-case moment envelope values in calculating Pj and Ph. The worst-case 
envelope value for calculation of Ph is the critical moment envelope value causing the 
largest Ph at the brace point with the higher force, and the worst-case envelope value used 
to calculate Pi is either the maximum or the minimum moment envelope value at the 
brace point with the lower force, whichever produces a lower value of Cb. The proof that 
the use of these worst-case moment values to compute Pi and Ph is always conservative is 
as follows. 
Consider an example worst-case distribution of flange force along a critical unbraced 
length, as defined above (see Fig. 2.1.12). 0>bviously, if both Pi and Ph are defined in the 
above way, the concurrent moment value at the location of Pi for the load combination 
41 
that produces Ph will always produce a value of Cb greater than or equal to that calculated 
based on the worst-case Pi/Ph- Therefore, it is obvious that the use of the worst-case 
moment envelope values for the moments at the brace points results in a conservative 
value of Cb and a conservative check of lateral-torsional bucklingyor the specific load 
combination that produces the maximum Ph. However, an important problem that must 
be considered is that in general, it is possible that a load combination may exist which 
produces a smaller force than Ph at the maximum moment location, but yet also has a 
concurrent value of the flange force at the location of Pi that results in a flatter moment 
gradient than in the above worst-case check (thus also producing a smaller value of Cb). 
It is possible that such a load combination may be more critical with respect to lateral-
torsional buckling than the load combination that produces Ph- For purposes of the 
discussion below, we will denote the smaller flange force at the maximum moment 
location for such a potential more critical moment diagram by the symbol P2. 
Figure 2.1.12. Worst-case flange force distribution (Pi to Ph) versus a conservative 
check of a potentially more-critical concurrent flange force distribution (Pi to P2). 
We can use the worst-case Pi, as defined above, along with the force P2 as a 
conservative check of the above potentially more critical situation. Also, we assume a 
worst-case situation in which the unsupported length is long enough such that the 
increase in the member capacity due to Cb does not exceed the member strength based on 
Eq. (2-1). If we denote the value of Cb determined based on the envelope-based 
values Pi and Ph as Cbe, if we denote the value of the moment gradient parameter based on 
Pi and P2 as Q,2, and if we denote the flange bending stresses corresponding to Phand P2 
as fbh and fb2 respectively, then for the worst-case check using Pi and Ph to always control 
the design, we must have 
fb2 < Cb2 Fe(Cb=l) (2-27) 
Furthermore, if we assume that fbh = Cbe Fe(cb=i>
 w e can substitute Fe(cb=i)
= WCbe into 
Eq. (2-27) to obtain (after some minor algebraic manipulation) 
f C 
f C 
xbh ^ b 2 
(2-28) 
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If we assume only linear variations in the flange force between the two brace locations, 
we can show by varying Pi /Ph and fb2/fbh over a full range of their potential values that 
the above defined "worst case" check using the flange forces from the maximum and 
minimum design moment envelopes will always be conservative for any possible loading 
combination that the critical unsupported segment may see, including reversed-curvature 
bending. 
The above development allows the engineer to account for moment gradient effects in 
the design, whenever he or she deems that the moments may be assumed to vary linearly 
along the unsupported length. A separate more refined equation for calculation of Cb 
developed by Kirby and Nethercot (1979) is provided within the commentary of the 
AASHTO LRFD (2001) Specification for handling of cases in which the moment 
diagrams are significantly nonlinear along the unsupported length. Based on reasoning 
similar to that of the above discussion, it can be shown that Cb also can be calculated 
conservatively from this equation, using worst-case values of the flange forces obtained 
from the maximum or the maximum and minimum moment envelopes. Other more 
refined formulas for Cb are discussed in (SSRC 1998). In this research, we utilize Eqs. 
(2-25) and (2-26) for the calculation of Cb with the exception of one set of studies 
involving internal loading within a curved I girder segment, in which case the Kirby and 
Nethercot (1979) equation is employed. 
2.1.1.9 Summary 
The proposed straight I girder equations defined in this section may be used as a base 
set of equations for defining the capacity of straight or curved I girders subjected to 
vertical bending combined with torsion and lateral moments. Additional modifications of 
these equations to achieve a unified set of I girder design equations, which address 
torsion and lateral bending, are discussed in Section 2.1.9. However, before motivating 
and presenting the development of these equations, it is important to first consider a 
number of other key design equations that have been developed in prior research for 
predicting the flexural capacity of curved I girders. Sections 2.1.2 through 2.1.8 provide 
a detailed discussion of existing strength predictor equations for curved I girders. 
2.7.2 Flexural Strength Equations in the Recommended Specifications 
(Hall andYoo 1998) 
The vertical-bending strength equations for curved steel I girders in both the 
AASHTO Guide (AASHTO 1993) and the Recommended Specifications (Hall and Yoo 
1998) are based on a modified form of predictor equations developed by McManus 
(1971). In his doctoral work, McManus (1971) conducted approximate second-order 
elastic analyses of a large suite of doubly symmetric curved I girders configured as 
shown in Fig. 2.1.13. These models are subjected to equal and opposite moments (M) at 
their ends, producing near uniform vertical bending, as well as to end bimoments ( B), 
producing specified end flange moments (Mw = B / h ) and warping stresses fw . The 
girders are simply supported, and the web is held vertical at the girder ends. In his 
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approximate second-order analysis, McManus computed the compression flange vertical 
bending stress as 
- U 
Au — (2-29) 
where M is the applied end vertical bending moment and Sx is the elastic section 
modulus, and he calculated the applied end warping stress as 
- M j A b < ' 
f = 
BCD 2 2 
M ^ 
y _ w 2 
yc 
(2-30) 
M ^1^ = Radial Support M. 
Figure 2.1.13. McManms's idealized single span model. 
where B is the applied end bimoment, co is the principal sectorial coordinate at the flange 
tips, Cw is the warping constant of the cross-section, Mw = B / h gives the applied end 
lateral flange bending moments associated with B, h is the distance between the mid-
thickness of the flanges, bf is the flange width, and Iyc is the moment of inertia of the 
individual flanges about a vertical axis through the web. McManus considered a wide 
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range of values for fw /fb from -0.5 to +0.5. For purposes of discussion in this report, 
fw /fbis taken as positive when fw is compressive at the tip of the compression flange 
furthest away from the center of curvature of the beam. This is identical to the sign 
convention utilized for this ratio in the Guide and in the Recommended Specifications, 
but it is opposite to the sign convention utilized by McManus in his dissertation. 
McManus conducted two sets of parametric studies aimed at the development of 
design strength predictor equations, one set based on the assumption of "compact" cross-
section behavior and the other assuming "noncompact" cross-section response. In his 
compact-section studies, McManus defined the maximum strength as the minimum of: 
(1) the value of fb at which a fully-plastic condition is developed in the cross-section at 
either the mid-length or at the ends of his model, whichever occurs first, or (2) the value 
of fb associated with the parabolic CRC equation for inelastic lateral flange buckling that 
was in effect within the AASHTO straight girder design provisions at the time of his 
research. When the first of the above two conditions controlled, McManus assumed that 
the girder remains completely elastic until the fully plastic condition is developed at the 
critical cross-section. Furthermore, he considered the effects of estimated values for (1) 
internal second-order elastic bimoments, B2, (2) internal second-order elastic radial (i.e., 
lateral) bending moments, My2, and (3) additional internal flange lateral bending 
moments due to distortion of the cross-section, M^D, in addition to (4) the internal vertical 
bending moment M = M in determining the load level at which the full-plastic condition 
is reached at the most critical cross-section. In his noncompact section studies, McManus 
defined the maximum strength as the value of fb at the first occurrence of yielding within 
the beam, either at the mid-length or at the ends of the member, based on the estimated 
second-order elastic internal moments listed above. The effect of internal residual 
stresses is not included within McManus's first-yield check. 
Although he conducted other studies in which he considered a broader range of 
design parameters, for the specific development of his design predictor equations, 
McManus assumed the following values: Fyc = 250 MPa (36 ksi), Aw/Af = 1.0, h/tw = 
150, bf/tf = 16.7, and tw/tf = 3. He explains that the above geometric parameters are close 
to average values of Aw/Af = 1.3, h/tw = 147, bf/tf = 17.2 and tf/tw = 3 determined from a 
survey conducted of 28 curved girder bridges. Furthermore, he restricted his studies for 
development of design equations to 0 < Lt/R < 0.1, Wbf < 25, and -0.5 < fw /fb < +0.5. 
2.1.2.1 Recommended Specification Compact Section Equations 
McManus's resulting compact-section strength equations may be expressed as 
fb^FbsAcAvc^Fbs (2-31) 
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where FbS is the nominal vertical bending strength of the equivalent straight compression 
flange associated with inelastic lateral buckling, written in terms of the vertical bending 
stress fb = fb. This strength is given by 
Fbs - ^ y 1-3 
(i V F 
v b f y T^E 
(2-32) 
This is the traditional parabolic CRC inelastic column strength equation, which was in 
use for straight-girder design at the time of McManus's research. It should be noted that 
this equation is valid only for Fbs > 0.5 Fy, i.e., for flanges in which the equivalent 
straight-girder capacity is limited by inelastic buckling; however, the potential of the 
flange being controlled by elastic lateral buckling is eliminated within the Recommended 
Specifications by a maximum limit on Lb/bf of 25. If Eq. (2-32) is set equal to 0.5 Fy and 
solved for Lb/bf, we obtain Lb/bf = 30.9 as the limit at which elastic lateral buckling 
would control the strength. The terms pbc and pwc are compact-section "strength 
reduction factors," which account explicitly for the effects of horizontal curvature and the 
applied end bimoments on the vertical bending strength, and account implicitly for the 
associated second-order elastic internal bimoments, radial bending moments, and 
amplified flange lateral bending moments due to cross-section distortion. McManus 
determined these factors by curve fitting to the strengths obtained from his parametric 
studies. The term pbc in Eq. (2-31) is a correction factor that accounts for the effect of 
horizontal curvature in reducing the flange vertical bending strength in the absence of any 
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(2-33) 
Finally, the term pwc is a correction factor that accounts for the influence of the specified 
end bimoment B, but expressed in terms of the ratio fw / fb. This term may be written 
as 
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It should be noted that Eqs. (2-33) and (2-34) are expressed with respect to the terms Lb 
and bf written in consistent units. The Recommended Specifications (Hall and Yoo 
1998) include a conversion factor for the ratio Lb/bf to convert Lb from feet to inches. 
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Also, it should be noted that Eq. (2-33) exhibits some minor anomalous behavior as L\/R 
goes to zero. It is evident that this equation was intended to be applied for Lt/R > 0.01. 
The proper calculation of fw / fb for correlation with McManus's idealized girder 
configuration shown in Fig. 2.2.1 is clear. The value fw /fb is the ratio of the end flange 
warping stress associated with the specified end bimoment B to the end vertical bending 
stress associated with the specified end moment M. However, the meaning of the stress 
fw in the context of the overall analysis of a curved bridge superstructure is somewhat 
ambiguous. McManus (1971) interprets fw as the first-order lateral-bending stress in the 
compression flange, computed at the brace points (i.e., at the cross-frame locations) 
within the overall analysis of the bridge superstructure. However, Hall and Yoo (1998) 
assign a different meaning to this stress term. To understand the difficulty in the 
interpretation of fw within the context of the analysis and design of a bridge, it is 
necessary to understand the details of McManus's approximate second-order elastic 
analysis procedure. However, before addressing this, it is useful to complete the 
discussion of McManus's strength predictor equations. 
The Recommended Specifications utilize Eqs. (2-31) through (2-34), albeit with a 
different interpretation of fw than adopted by McManus (1971). However, in the 
development of these specifications, it was recognized that in some cases Eq. (2-31) can 
exceed the theoretical plastic capacity of the compression flange in combined vertical and 
lateral bending, expressed in terms of the flange vertical bending force Pb = fbAc and 
lateral bending moment Mw , or the corresponding elastic stresses fb and fw (Hall et al. 
1999). Therefore, Hall and Yoo (1998) require a separate check for this fully plastic 
flange force condition. This check is given by the simple equation 
b y 3 (2-35) 
and is referred to in this report as the compact-section based one-third rule. The basis for 
the one-third rule is discussed later in Section 2.1.8. 
It should be noted that there are two basic reasons why Eq. (2-35) can be violated by 
Eq. (2-31): (1) Equation (2-31) is an approximate curve fit to McManus's parametric 
study results and (2) McManus assumed plastification of the full cross-section, not just 
the compression flange. Furthermore, one other subtlety regarding Eqs. (2-31) and 
(2-35) should be noted. Equation (2-31) implicitly accounts for an estimated second-
order amplification of the member internal forces both at the ends of the unbraced length 
as well as at the middle of the unbraced length, and is based on full plastification at either 
of these locations, whichever is more critical as per McManus's second-order elastic 
solution. However, Eq. (2-31) focuses only on the cross-sections at the ends of the 
subject unsupported segment, and by the use of the stresses fb and fw - which the 
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Recommended Specifications specify as being determined based on a first-order analysis 
of the bridge superstructure - this equation does not account for any potential second-
order amplification of the flange lateral bending moments at the cross-frame or mid-
length locations. 
2.1.2.2 Recommended Specification Noncompact Section Equations 
For cross-sections that are defined as behaving noncompactly, McManus (1971) 
derived the following first-yield strength predictor equation 
fh ^ FbAP bsfWi (2-36) 
where FbS is the nominal vertical bending strength of the equivalent straight compression 
flange as previously defined by Eq. (2-32). The terms pb and pw are noncompact section 
strength reduction factors, which work similarly to the previously defined factors pbc and 
pwc, but are based on the reduction in the strength defined by the first-yield limit. In the 
above equation, the strength reduction in the absence of any end bimoment, i.e., for B = 
0, may be written as 
Pb = 
1 
, Lh Lh 
R bf 
(2-37) 
and the correction factor, which accounts for the specified end bimoment through the 
ratio fw / fb, may be expressed as 
Pw =
 m m 
1 
i-i 
f L ^ 
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(2-38a) 
when fw / fb > 0 (i.e., compression due to fw at the brace point compression flange tips 
furthest from the center of curvature), and as simply 
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P w = , / • x (2-38b) 
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when fw / fb is negative (i.e., compression due to fw at the brace point compression flange 
tips closest to the center of curvature). Equation (2-37) is actually a simplification of 
McManus's original equation for pb, specified in (Hall and Yoo 1998). McManus (1971) 
included an additional term in this equation that is for all practical purposes equal to 1.0 
for Lb/bf < 25. For fw / fb = 0, Eq. (2-38a) can potentially give a value less than one, but 
for all practical purposes, this equation equates to 1.0 for fw /fb =0 . Similar to the 
treatment in Eqs. (2-33) and (2-34), Eqs. (2-37) and (2-38) are expressed with respect to 
the terms Lb and bf written in consistent units. 
Equations (2-36) through (2-38) are employed within the Recommended 
Specifications (Hall and Yoo 1998), again with a different interpretation of fw than 
adopted by McManus (1971). Furthermore, Hall et al. (1999) recognized in the 
development of these specifications that Eq. (2-36) could actually exceed a direct check 
of the cross-section first-yield strength based on the stresses fb and fw at the brace points. 
Also, for small Lb/R and Lb/bf and negative fw /fb (i.e., compression due to fw at the 
brace point compression flange tips closest to the center of curvature), pbPw can 
potentially be greater than one. Therefore, the Recommended Specifications limit the 
stress fb to the value associated with first yield within the compression flange, based on 
the magnitude of fw, i.e., 
f b * F , - f - (2-39) 
Similar to the attributes discussed previously for Eq. (2-35), this equation focuses only on 
the cross-sections at the ends of the subject unbraced length, and by the use of the first-
order stresses fb and fw, it does not account for any potential second-order amplification 
of the flange lateral bending moments at the cross-frame or mid-length locations. 
2.1.2.3 Trends in the Compact and Noncompact Section Predicted Strengths 
It is important for the engineer to understand the trends in the predicted strengths 
specified by the compact section Eqs. (2-31) through (2-35) and by the noncompact 
section Eqs. (2-36) through (2-39) as a function of fw / fb. If fw / fb is positive (i.e., 
compression due to fw at the brace point compression flange tips furthest from the center 
of curvature), the compact section Eq. (2-31) predicts that the girder has a greater 
capacity with increasing fw / fb. However, for this situation, the noncompact section Eq. 
(2-36) can predict either an increase or a decrease in the girder capacity with increasing 
49 
fw / fb. Conversely, if fw / fb is negative (i.e., compression due to fw at the brace point 
compression flange tips closest to the center of curvature), the compact section Eq. (2-31) 
always predicts a decrease in the capacity with increasingly negative fw / fb, and the 
noncompact section Eq. (2-36) always predicts an increase in the capacity with 
increasingly negative fw / fb. This trend for noncompact sections is apparently due to 
the fact that the first yield, according to McManus's approximate second-order elastic 
calculations, is always delayed further by an increasingly negative fw / fb. The trend in 
the behavior of the compact section equations is more intuitive in that, if fw /fbis 
positive, the compression flange lateral bending moment at the brace points (M w) 
counters the tendency of the flange to bend outward from the center of curvature, 
whereas if fw / fb is negative, the moments Mw tend to bend the flange in the same 
direction of the flange displacements due to the horizontal curvature. 
2.1.2.4 Recommended Specification Provisions for Singly-Symmetric I Sections 
For unsymmetrical I girders, the Recommended Specifications require the 
compression flange width to be taken as 0.9bf in Eq. (2-32). Hall et al (1999) explain that 
the factor 0.9 applied to the flange width was prescribed for singly symmetric sections in 
the AASHTO Specifications at the time of McManus's research, but was omitted in the 
Guide Specifications (AASHTO 1993). Therefore, Hall and Yoo (1998) decided to 
restore this factor in the Recommended Specifications. Furthermore, the Recommended 
Specifications specify a separate tension flange strength check to address singly 
symmetric girders. Since McManus focused on doubly symmetric sections, tension 
flanges were not specifically addressed in his research. This check is the combination of 
Eqs. (2-31) and (2-35), but with FbS set to Fy. This is conservative for tensile fb since the 
tension flange tends to straighten rather than increase in curvature. 
2.1.2.5 Recommended Specification Design Limits 
The Recommended Specifications specify the following limits of applicability for the 











2.1.2.6 Assessment of McManus's Approximate Second-Order Elastic Analysis 
Approach 
As noted in the above discussions of McManus's compact and noncompact section 
strength predictor equations, the meaning of the stress term fw in the context of the 
overall analysis of a curved bridge superstructure is somewhat ambiguous. McManus 
(1971) interprets fw as the first-order lateral-bending stress in the compression flange, 
computed at the brace points (i.e., at the cross-frame locations) within the overall analysis 
of the bridge superstructure. However, Hall and Yoo (1998) assign a different meaning 
to this stress term. To understand the difficulty in the interpretation of fw within the 
context of the analysis and design of a bridge, it is necessary to understand the details of 
McManus's approximate second-order elastic analysis procedure. This sub-section 
summarizes the essential attributes of McManus's second-order elastic analysis approach. 
The next sub-section then addresses the question of the appropriate calculation of fw 
from a bridge analysis. 
Given the girder shown in Fig. 2.1.13 with the applied end moments M and 
bimoments B as outlined in the above discussion, McManus calculates the vertical 
bending stress simply via Eq. (2-29) and assumes that this stress is constant along the 
length of the girder. However, he computes four separate contributions to the second-
order elastic lateral bending stress (f#) or the internal bending moment (M#) within the 
compression flange in his approximate analysis procedure. The variation of each of these 
contributions along the length of the girder, at the compression flange tip furthest away 
from the center of curvature, is illustrated in Fig. 2.1.14. 
McManus's four contributions to f# are: 
1. The stress fnM due to the bimoment induced by the vertical bending moment M and 
the effect of the horizontal curvature of the beam (see Fig. 2.1.14a). This stress and 
its associated bimoment are largest at the middle of the unbraced length and are equal 
to zero at the ends the member (based on the assumption of torsionally-simple end 
boundary conditions). McManus applies an approximate amplification factor AF 
(detailed below) to his computed first-order internal bimoments and the associated 
warping stresses to account for geometric nonlinear effects, i.e., to account for the 
effect of changes in the geometry, due to the applied loads, on the internal forces 
required for equilibrium. That is, we can write inU = AF f̂ lM, where fgm is the first-
order warping stresses calculated based on the internal bimoments determined by 
linear curved-beam theory for a simply-supported beam with the applied end vertical 
bending moments M and torsionally-simple end conditions. 
51 
(a) 
Figure 2.1.14. Variation of second-order elastic lateral bending stress contributions 
along the length of the girder at the compression flange tip furthest away from the 
center of curvature. 
52 
2. The stress fwl due to the applied end bimoments (see Fig. 2.1.14b and c). By first-
order curved-beam theory, these stresses are largest at the ends of the unbraced span 
and they are slightly smaller within the girder's unbraced length due to the effects of 
the horizontal curvature. McManus states that he also applies his amplification factor 
AF to these stresses, i.e., f<2S = AF fnl. It is not apparent whether AF was applied 
only to the mid-span stresses or to both the mid-span stress and the stresses at the end 
of the beam. Application of AF to the stresses at the member ends is conservative, 
since f̂ 2l should be equal to the specified fw at the ends of the girder. 
3. The stress fi2Uy due to the internal second-order "radial bending" moment (see Fig. 
2.1.14d). The radial bending moment is an internal moment about the vertical axis of 
the girder cross-section (My) caused by the internal vertical bending moment M 
acting through the twist of the girder plus the internal torque T acting through the 
girder rotation associated with vertical bending. This moment is approximated by 
McManus as 
My = -M <|>i - T dvi/dx (2-41) 
where (j>i is the first-order estimate of the girder twist, T is the internal torque, and vi 
is the first-order estimate of the vertical displacement at the cross-section under 
consideration. The stress faMy is largest at the middle of the unsupported length and 
is equal to - T dv\ /dx at the girder ends, where the overbars indicate end values of 
the torque and of the slope due to vertical bending. McManus applies his 
amplification factor AF to the first term in Eq. (2-41), but not to the second term. 
Torsionally simple end conditions are assumed also in the calculation of these 
stresses. 
4. The stress fnD, which is McManus's (first-order) estimate of the increase in the 
lateral flange bending stress due to cross-section distortion, i.e., due to the potential 
lack of ability of the web to maintain its original straight shape within the cross-
section profile. McManus uses the V-load equation (Eq. 1-6) to calculate this 
estimate at the member ends. The stress at the mid-span based on the simple V-load 
model is of opposite sign and has a magnitude equal to one-half of the magnitude of 
the corresponding stress at the member ends (see Fig. 2.1.14e). McManus does not 
apply his amplification factor AF to these stresses. It should be noted that McManus 
effectively assumes torsionally fixed end conditions for the calculation of f̂ 1D. 
The result of the above four contributions to the second-order elastic compression flange 
lateral bending stress are that, at the member ends, the computed lateral bending stress is 
^ 2 = ^ 2 B + *£2Uy + *i\T> (2-42a) 
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(since fn^ in McManus's calculations is equal to zero at the member ends) whereas at 
the middle of the unsupported length, 
^£2 ~ *nu + ^2B + ^ 2 M y + *HD ( 2 - 4 2 D) 
It should be noted that at the member ends, the stress contributions f̂ 2l and fnD are of 
opposite sign if fw / fb is negative (i.e., compression due fw at the brace point compression 
flange tips closest to the center of curvature), but that they are additive if fw / fb is 
positive. The contribution faMy is always opposite to fnD at the member ends. 
Furthermore, at the middle of the unsupported length, all the contributions are additive, 
unless fw / fb is positive, in which case fwS is opposite in sign to the other stresses. 
Equations (2-42) and the above descriptions also can be stated in the form of the second-
order internal flange lateral bending moment M#. 
It is inconsistent to calculate the stress contribution f,1D based on the assumption of 
end fixity while the other stress contributions are calculated based on torsionally simple 
end conditions. McManus appears to acknowledge this when he states that his estimate 
of fnD is intended to be conservative. Upon close inspection of McManus's procedure, it 
is apparent that by including bothf^ andf£1Din his calculation of the lateral bending 
stress (or the flange lateral bending moment) at the middle of the girder unbraced length, 
McManus is indeed double counting the action of the end moments M on the curved 
beam. The stress fnU is due to the torsion induced by the horizontal curvature and the 
application of M as per curved beam theory, and the stress i'eiD is due to the same effect 
but is an estimate based on the assumption that the torsion is effectively taken entirely by 
lateral bending in the flanges. However, f£2^ is the beam-theory based stress that occurs 
on a simply-supported span, whereas fnD is actually just a first-order V-load method 
estimate of the stress on a span in which torsionally-fixed or symmetry boundary 
conditions are assumed at the brace locations. As a result, McManus effectively obtains a 
first-order estimate of the lateral bending stress at the brace points due to M based on a 
model with torsionally-flxed end conditions (since the stress fi2^ is zero at the member 
ends), and a significantly over-estimated (double-counted) estimate of the lateral bending 
stress at the mid-span of his model. 
Furthermore, by assuming torsionally-simple end conditions in calculating faU, f£2l 
and f̂ 2My, McManus's mid-span lateral bending stresses are significantly higher than they 
would be if the end restraint from adjacent segments of an internal unsupported length of 
a curved bridge I girder were considered. In fact, the maximum f^ stress associated 
with torsionally-fixed or symmetric boundary conditions by beam theory is 
approximately three times smaller than the value calculated based on torsionally-simple 
end conditions. Therefore, it can be argued that in some cases McManus could be as 
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much as quadruple counting in his calculation of the lateral bending stress due to torsion 
at the middle of the unsupported length. Of course, it is important to consider the 
various potential boundary conditions (force and/or displacement) that may exist at the 
ends of an arbitrary unsupported segment within a curved bridge I girder. However, in 
the view of the authors, the nature of McManus's calculations is much too approximate 
and conservative to provide a reasonable representation of reality. Hall et al. (1999) 
observe a number of anomalies that are produced by these approximations in Fig. B-1 of 
their report. 
In addition to the calculation of his first-order stress contributions fem, f̂ 2l and 
fnMy based on torsionally simple end conditions, McManus derives his amplification 
factor AF also based on these conditions. McManus's amplification factor is 
M 
1-0 .86— + 0.4 
M 
M 
i M i 
A F = " c r V "J (2-43) 
1- — 
Mcr 
where Mcr = Fe Sxc is the elastic buckling moment determined based on Eq. (2-15). 
McManus determines this equation by curve fitting to the results of more rigorous, but 
still approximate, second-order beam-theory solutions that he develops within the early 
portions of his thesis. Due to the effects of continuity between adjacent unbraced 
lengths, and due to the tendency of the compression flange to bend outward from the 
center of curvature within each segment, the amplification of the lateral flange moments 
and stresses would tend to be smaller in nearly all practical design situations. 
2.1.2.7 Interpretation of fr and Assessment of Implications on Predicted Strengths 
It should be noted that based on the calculations summarized in the previous sub-
section, McManus's estimated second-order elastic lateral flange bending stress at the 
member ends, given by Eq. (2-42a), is incompatible with his specified flange end 
warping stress fw. Equivalently, his estimated internal flange lateral bending moment 
Mn at the member ends is different than the specified end flange moment Mw (see Eq. 
(2-30)). This leads to some difficulty in interpreting how fw should be determined from 
the results of a first-order analysis of a bridge superstructure. McManus (1971) 
interprets that fw is the calculated flange lateral bending stress at the cross-frame 
locations from a first-order bridge analysis. However, in recognizing that McManus's 
approximate analysis calculations involve some double counting, Hall et al. (1999) state 
that fw (denoted by fm in their report and in the Recommended Specifications) should be 
the actual calculated lateral bending stress at the bracing locations from the bridge 
analysis, minus the contribution to this stress due to the horizontal curvature. This 
conclusion is logical in the sense that it can be argued that the first-order lateral bending 
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stress due to the end moments M is estimated reasonably well by the V-load equation for 
internal unbraced lengths of girders subjected approximately to uniform bending, and in 
which the brace spacing is approximately uniform along the full girder length. 
Therefore, if (1) the stress contribution fnMy at the member ends is ignored, (2) it is 
assumed that f - = fw, and (3) it is recognized that McManus's calculated value of 
f/1D at the member ends is the lateral bending stress from the V-load equation, then Eq. 
(2-42a) can be re-written as 
f „ = f « - f « D (
2-44) 
If we then assume that f# is approximated sufficiently based on the lateral flange bending 
moment determined at the brace points within a first-order analysis of the bridge 
superstructure, we arrive at the procedure that Hall and Yoo (1998) propose for 
calculation of fw (denoted as fm within the Recommended Specifications and in (Hall et 
al. 1999)). 
Hall et al. (1999) state that the above interpretation of fw leads to an improved 
prediction of the ultimate strength of curved test specimens. However, Tables B-5 and 
B-7, and Tables B-6 and B-8, of their report show that the predictions of the compact-
section equations of the Recommended Specifications are actually made worse by the use 
of this interpretation compared to the use of McManus's original interpretation. The 
results using the noncompact section equations of the Recommended Specifications are 
slightly improved; however, the average ratio of the predicted and the test strengths 
(Mn/Mtest) is 0.49 with a standard deviation of 0.18. 
Even for the test girders considered that have bf/tf values above 20, the average 
reported Mn/Mtest, using the noncompact section equations, is 0.57 with a standard 
deviation of 0.10 (Hall et al. 1999). For these same girders, the compact section 
equations with McManus's original interpretation of fw give an average Mn/Mtest of 0.98 
with a standard deviation of 0.06. It is likely that McManus's conservative calculation of 
the girder internal forces compensates for the unconservative nature of assuming compact 
section behavior for these test girders. The Mozer-Culver test girders evaluated by Hall 
et al. (1999) and the implications of the different interpretations of fw with respect to the 
Recommended Specification equations are studied further in Chapters IV and VII of this 
report. 
2.1.2.8 Compact and Noncompact Classification of Cross-Sections 
The Recommended Specifications (Hall and Yoo 1998) utilize McManus's compact-
section equations for I girders with bf/2tf < 9. This limit is liberalized from the 
corresponding limit suggested by McManus (1971) and specified in the Guide 
Specifications (AASHTO 1993) of 
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-^ - < 0.297 — (2-45) 
2tf V
Fy 
which gives a value of 7.15 for Fy = 345 MPa (50 ksi). Equation (2-45) is the traditional 
plastic design flange-slenderness limit for I sections, which theoretically permits inelastic 
flange deformation in flexure up to the onset of strain-hardening in straight beams (i.e., 
inelastic rotations in vertical bending of straight beams and girders with compact webs of 
approximately 10 to 15 times the yield rotation (ASCE/WRC 1971, Salmon and Johnson 
1996)) prior to loss of strength due to locail buckling. Culver and Nasir (1971) studied 
the behavior of curved I girder flanges analytically, and concluded that the influence of 
curvature is small for 1 x 106 < bf/R< 0.01. Based on the requirement that full yielding 
of the compression flange is necessary, such that flange strength equations which do not 
account for the effects of local flange buckling can be utilized, they recommended that 
the flange slendemess limits would need to be similar to those required for traditional 
plastic design. However, they suggest that if the flange stresses are limited, more liberal 
flange slendemess limits might be utilized. 
The new bf/tf limit specified in the Recommended Specifications corresponds 
approximately to the compact flange slendemess limit in the AASHTO LRFD straight-
girder Specifications (2001) given by Eq. (2-5) (for Fyc = 345 MPa). Equation (2-5) is 
based largely on the straight I-beam research by Lukey and Adams (1969). Lukey and 
Adams (1969) showed that I sections that satisfy this limit, and which also satisfy certain 
limits on the web slendemess and lateral brace spacing are able to develop a rotation 
capacity 
R u i t = ^ r - 1 (2-46) 
of three, where 9uu is defined as the maximum total rotation at which the resisting 
moment decreases back to the plastic moment Mp on the descending portion of the 
moment-rotation curve, and 9e is the total rotation at which a line extended through the 
linear-elastic portion of the curve intersects the Mp ordinate. Barth et al. (2000) review 
this and other plastic design slendemess limits that have been developed in prior research. 
Although the traditional plastic design flange slendemess limits include consideration of 
members subjected to uniform moment, the Lukey and Adams (1969) studies focus 
entirely on beams subjected to moment gradient. The implications of more liberal flange 
compactness limits, such as that of Eq. (2-5) need to be better understood for I girders 
subjected to uniform bending, particularly for curved I girders, which in the region near 
the middle of an unsupported length may be subjected to both near uniform vertical 
bending as well as lateral flange bending moments (Hall 2000b). Both the strength and 
the post-peak unloading characteristics of I girders with various flange slendemess values 
need to be investigated. These issues are addressed further in this report within Chapters 
IV and VI. 
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Nevertheless, it is clear from evaluation of the predictions by McManus's noncompact 
section equations versus test results, such as that conducted by Hall et al. (1999), that 
there is no sudden dramatic drop in the girder flexural strength when the flange 
slendemess is increased beyond a certain compactness limit, regardless of what that 
limit is. 
The Recommended Specifications (Hall and Yoo 1998) utilize McManus's 
noncompact section equations for girders with 
18<^-<1.02 - E - < 23 
tf ( f b + U 
(2-47a) 
The third term in this expression is based on the compactness limit of 
2U 
< 
Fk / E 




for Fy in units of ksi 
(2-47b) 
with kc= 0.70 and (Fy/Fe) = 0.49. This limit is required in (AISC 1999) for flanges of 
general I-shaped sections to be able to develop the yield stress Fy in uniform 
compression. The third term in Eq. (2-47a) is obtained by replacing Fy by fb + fw in Eq. 
(2-47b) and by factoring this equation by approximately 0.9. The 0.9 factor is consistent 
with the traditional practice in AASHTO of setting slendemess limits 10 percent smaller 
than the corresponding AISC limits. 
Equation (2-5) is a more rational limit than Eq. (2-47b) for ensuring that the flanges 
can develop their yield strength Fy in uniform compression prior to significant local 
buckling. A similar compact flange limit that explicitly includes an estimate of the effect 
of the web on the flange stability can be obtained by setting FL = 2Fy in Eq. (2-6), which 
gives 
^ < 1 . 3 4 
2L 2D, 
(2-47c) 
Equations (2-5) and (2-47c) are the same at a web slendemess, 2Dc/tw, of 150. 
If it is desired for the flange to be able to develop uniform compression at a stress less 
than Fy, then Eqs. (2-2) and (2-9) are a more rational means of achieving this goal (see 
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Figs. 2.1.1 and 2.1.2 and the discussion regarding the current AASHTO LRFD (2001) 
flange local buckling strength equations in Section 2.1.1.2). 
Of course, the compression flange of a curved I girder is subjected to both vertical 
and lateral bending stresses. In other words, the compression flange generally has a 
gradient in the longitudinal normal stress and the longitudinal normal strain across its 
width. Based on established research on compactness limits and deformation capacity of 
plates (ASCE/WRC 1971; Salmon and Johnson 1996; SSRC 1998), it is expected that the 
existence of such a gradient across the flange width is beneficial to the strength and 
deformation capacity. That is, since the stress fb + fw at elastic buckling of the flange 
plate is increased as fw is increased, it is expected that the longitudinal strain at the 
flange tip at the onset of significant inelastic local buckling, due to vertical and lateral 
bending, is increased with larger fw. However, the elastic vertical bending stress fb, i.e., 
the elastic stress at the web flange juncture, is reduced due to the existence of lateral 
bending stresses fw, and correspondingly, the vertical bending moment and any inelastic 
vertical bending deformations at the onset of significant inelastic local buckling of the 
compression flange are expected to be reduced due to increased lateral bending. It is 
expected that the third term in Eq. (2-47a) accounts for this detrimental effect 
conservatively, since it applies the traditional limit of Eq. (2-47b) as discussed above 
based on the maximum flange tip compression fb + fw , as if the flange were subjected to 
uniform axial compression at this value of the elastic stress. Furthermore, some benefit is 
expected due to the reduced compression and potential elastic unloading within the flange 
on the opposite side of the web from the peak compression. Section 2.1.9.3 reviews 
several methods that have been proposed to account for the stress gradient across the 
flange width, due to lateral flange bending, on the elastic buckling capacity of the 
compression flange, expressed in terms of the vertical bending stress fb. 
The limit of 23 on bf/tf in Eq. (2-47a) is based on experimental observations by Mozer 
et al. (1970) and analytical observations by Culver and Nasir (1971). Culver and Nasir 
(1971) observed that flange local buckling starts to have a significant detrimental effect 
on the strength in the vicinity of this limit. Mozer et al. (1970) tested two heat-curved 
and two cut-curved I girders with bf/tf = 23, and concluded that this limit was adequate if 
both vertical bending and lateral flange bending stresses are considered and the capacity 
is limited to initial yielding at the flange tips. The ratio bf/tf = 23 was the approximate 
limit within the AASHTO straight-girder specifications for Fy = 250 MPa (36 ksi) in 
effect at the time of Mozer's research. 
The current AASHTO LRFD (2001) Specifications limit bf/tf to a maximum value of 
24 "to avoid potential excessive distortion of the flange due to welding." Also, this limit 
may help to prevent damage to the flange during construction operations. This research 
investigates the implications of extending the bf/tf limit for curved girders up to the 
current maximum straight-girder limit. 
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2.1.2.9 Web Stress Limits 
Hall et al. (1999) evaluated the prior research on fatigue of curved I-girder webs, and 
concluded that fatigue problems do not occur if the web stresses are maintained below the 
elastic buckling strength (Hall 2000). There is precedent for limiting the web stresses to 
the elastic buckling stress to avoid, fatigue issues in straight I girder webs (Patterson et al. 
1970, Galambos et al. 1977, Fisher et al. 1979, Montgomery 1987, and Nowak et al. 
1993). The theoretical web elastic bend buckling stress can be expressed as 






< E (2-48) 
where 
k = 7.2 
' D > 2 
v D c y 
>7.2 (2-49) 
for unstiffened webs and 
k = 9 ' D V 
vDcy 
>7.2 (2-50) 
for stiffened web panels. Also, the Recommended Specifications require do/D < 1 for a 
panel to be defined as stiffened. The multiplier 7.2 in Eq. (2-49) results in a bend-
buckling coefficient of 28.8 for doubly symmetric girders. This is close to the theoretical 
value of k = 24 for webs with Dc = D/2 and simply supported boundary conditions on 
their longitudinal edges. The multiplier 9 in Eq. (2-50) gives a k of 36 for a doubly 
symmetric girder, which is approximately 80 percent of the difference between the 
buckling coefficient for simply supported and fully restrained longitudinal edge 
conditions. Equation (2-49) is used implicitly in the current AASHTO LRFD (2001) 
Specifications for representation of the bend-buckling resistance within the load-shedding 
parameter Rb for sections with Dc > D/2, and Eq. (2-50) gives the bend-buckling 
coefficient implicitly used within Rb for sections with Dc < D/2. Hall et al. (1999) 
explain that the smaller bend-buckling coefficient is used for unstiffened webs in the 
Recommended Specifications to account conservatively for potential moment-shear 
interaction effects. Also, they explain that the more liberal value is utilized for stiffened 
web panels since the reserve postbuckling strength of the panel in bending and in shear is 
currently ignored. The lower limit of 7.2 on the value of k is approximately equal to the 
theoretical buckling coefficient for a web plate under uniform compression assuming 
clamped boundary conditions at the flanges (SSRC 1998). 
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Daniels and Herbein (1980) conducted the most recent experimental research 
regarding fatigue of curved steel I girder bridge elements. Based on this research, the 
following equation was proposed for load factor design (Daniels et al. 1980): 
< 192 (2-51) 
If the web strength provisions in the Recommended Specifications are liberalized, this 
equation, or a modified form of this equation based on new investigations, might be 
adopted to address fatigue issues. If Eq. (2-51) were adopted directly, the result is that 
the web slendemess D/tw would be restricted significantly relative to the requirements for 
strength. Alternately, it may be possible to avoid fatigue issues by restricting the web 
stresses to the elastic buckling stress only under fatigue loading conditions, at least up to 
some horizontal curvature limit. However, this type of limit would be significantly more 
liberal than the Daniels equation or the approach of the Recommended Specifications. It 
should be noted that the Recommended Specifications currently restrict the web stresses 
to the elastic buckling stress under all loading conditions. Both shear and bend buckling 
would likely need to be considered if fatigue issues were to be controlled based on an 
elastic buckling limit under fatigue loading conditions only. However, it is expected that 
moment-shear interaction would not need to be addressed in the calculation of web 
buckling if the current buckling coefficients for both shear and bending are employed. 
This is because the current AASHTO shear buckling equations are based on the 
assumption of simply supported boundary conditions at the web-flange juncture. 
The current AASHTO LRFD (2001) Specifications limit the web stresses in straight 
I-girders under fatigue loading conditions to the elastic bend buckling stress. The 
Recommended Specifications require that the web stresses should be maintained below 
the bend-buckling stress for all loading conditions. The Recommended Specifications 
also restrict the web slendemess D/tw of unstiffened girders (i.e., girders with oVD > 1) to 
100 for R < 213.5 m (700 ft) and 150 for R > 610 m (2000 ft), with a linear transition in 
D/tw between these limits. The D/tw < 150 limit is the maximum slendemess specified to 
facilitate the handling of straight girders with unstiffened webs in (AASHTO 2001). The 
Recommended Specifications do not place any other limit on the web slendemess for 
transversely stiffened webs, but d0/D is limited to a maximum value of one for these 
types of girders. 
For oVD < 1, the limit on D/tw based on Eq. (2-48), applied to all loading conditions, 
is typically more restrictive than the Daniels et al. (1979) equation (Eq. 2-51). However, 
for do/D > 1, the Daniels et al. equation can be more restrictive than the Recommended 
Specification limits on D/tw. The reader can verify these observations by assuming 
fbw = Fy under the maximum strength loading conditions along with Eq. (2-48), and 
comparing the result to Eq. (2-51). 
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2.1.2.10 Summary 
In summary, the flexural strength predictor equations in the Recommended 
Specifications (Hall and Yoo 1998) have the following limitations: 
• They are incompatible with current AASHTO straight-girder design equations, that is, 
they do not reduce to the current AASHTO straight-girder equations in the limit that 
the radius of curvature goes to infinity. 
• They exhibit some minor anomalies as the radius of curvature approaches infinity. 
• They predict a significant discontinuity in the flexural strength of sections depending 
on whether the compression flange is classified as compact or noncompact. 
• Although they are believed to be adequate and safe for design of unsymmetrical 
noncomposite and composite girders, they are based predominantly on research 
directed only at doubly symmetric noncomposite steel I girders. The modifications to 
the base formulas aimed at addressing the strength of singly symmetric sections are 
simple and ad hoc. It is likely that the strength of unsymmetric curved I girders can be 
quantified in a simple but more rigorous fashion. 
• They focus only on the flexural strength of girders subjected to uniform vertical 
bending along their unbraced lengths; the potentially significant increases in flexural 
strength due to moment gradient for girders with intermediate to large unsupported 
lengths are not accounted for. 
• They do not separate the analysis problem, i.e., the estimation of internal moments or 
stresses, from the statement of the design resistance; as a result, these equations 
depend on a combination of several strength reduction factors that are difficult to 
understand and properly apply. 
• The above mentioned strength reduction factors are based on approximate second-
order elastic analyses, which at the time of their development required quite 
innovative research, but which involve a number of approximations that lead to 
significantly over-conservative estimates of the true second-order elastic stresses. 
• They restrict the web flexural stresses to the elastic bend buckling stress under all 
loading conditions. This restriction may not be necessary when checking the 
maximum strength limit state. 
Therefore, it is worthwhile to investigate alternative approaches that can alleviate these 
shortcomings. 
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2.1.3 Fukumoto and Nishida 's Equation 
Fukumoto and Nishida (1981) established a second-order elastic analysis solution 
based on beam theory for simply-supported horizontally-curved I beams subjected to 
three loading conditions: (1) equal and opposite vertical end bending moment, (2) a mid-
span concentrated transverse vertical load, i.e., a three-point bending test configuration, 
and (3) a uniformly distributed transverse loading. Torsionally simple boundary 
conditions were assumed at the ends of the beams, and rigid lateral (radial) supports were 
provided only at the ends. No end bimoments or flange lateral bending moments were 
applied. Fukumoto and Nishida (1981) also determined a second-order rigid-plastic 
strength curve for these types of beams, based on the assumption of fully-plastic compact 
section behavior under combined internal vertical bending moment, radial bending 
moment, and bimoment. They then derived an equation for the strength of their beams 
by determining the point of intersection of the second-order elastic and second-order 
rigid-plastic solutions. The effect of load height was not included within their 
formulation. The resulting flexural strength predictor equation may be written as 
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Mp is the plastic vertical bending capacity of the section, and Mn is the nominal moment 
capacity. It can be observed that Eq. (2-54) is the fundamental elastic lateral-torsional 
buckling strength equation with the modifier 1 - (L\JnR) , which accounts for the effect 
of the horizontal curvature on the buckling strength. For practical values of Lb/R < 0.1, 
this modifier is effectively equal to 1.0. 
Fukumoto et al. (1980) verified Eq. (2-52) against the results of experimental tests. 
This equation is useful for predicting the strength of compact section I-beams with 
torsionally simple end conditions. However, it is rare for bridge I girders to be laterally 
unsupported over the entire length of the bridge, and it is desirable to consider the 
potential benefits of continuity with adjacent unsupported lengths. Furthermore, 
Fukumoto and Nishida's equation is limited in that it does not address the potential 
reduction in strength due to inelastic lateral or local instability of the compression flange 
(which involves significant influence from residual stress effects and distributed yielding 
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through the cross-section and along the member length). This limitation can be important 
for typical unsupported lengths utilized in curved I girder bridges. Also, Fukumoto and 
Nishida do not consider the influence of load shedding from a thin web on the girder 
response. Therefore, Eq. (2-52) is not considered further in the current research. 
2.1.4 Simpson's Meth od 
Simpson (2000) proposed an improved and simplified (closed-form) expression for 
the strength of curved doubly symmetric I girders based on Fukumoto and Nishida's 
fundamental approach. He focused on the case of a simply supported beam subjected to 
pure vertical bending in his base equation development. Twisting is prevented at the 
member ends, but the section is free to warp at these locations. Simpson explained that 
he computes the flange lateral bending moment as the summation of three components: 
1) that caused by warping (due to bimoment induced by the vertical bending acting 
through the horizontal curvature of the beam); 2) that caused by the applied vertical 
bending moment acting through the deflected (twisted) geometry; and 3) that caused by 
the internal moment about the vertical axis of the girder cross-section (My) induced by 
lateral bending of the beam. He solved the governing differential equations of the 
uniform vertical bending problem considered by Fukumoto and Nishida (1981) to obtain 
the second-order elastic responses. Based on this solution, the maximum lateral bending 
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where D is the depth of the web, M is the applied vertical bending moment, 
0 R b,. 
(2-56) 
Pe is the elastic flexural buckling capacity of the cross-section defined in Eq. (2-52), Mp 
is the plastic bending capacity of the cross-section, Mn is the vertical bending strength (to 
be determined), and Me is the elastic lateral-torsional buckling capacity given by Eq. 
(2-54), except that Fukumoto's modifier that accounts for the effect of the horizontal 
curvature on the buckling strength is not included by Simpson. 
Simpson derived the following relationship to define the plastic flange lateral bending 
capacity (Mn^) as a function of plastic vertical bending capacity of the beam (Mp) and the 
applied vertical bending moment (M): 
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(2-57) 
By equating Eqs. (2-55) and (2-57), and taking M = Mn, Simpson obtained the 
following expression, which can be solved to obtain the vertical bending strength M„: 
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Simpson then simplified Eq. (2-58) by neglecting the St. Venant torsional stiffness (i.e., 
assuming J = 0) such that he can write 
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where h is the distance between the centerline of the flanges, 
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The term K in Eq. (2-62) is a slenderness parameter, and can be written as 
K = 
F (L } 
•*• v J - ' U 
7i2E vbfCy 
(2-63) 
By substituting Eqs. (2-60) through (2-63) into Eq. (2-58), a simplified form of 
Simpson's equation is obtained as (Simpson 2000): 
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+ 1 = 0 (2-64) 
where 
X = IlbA 
8 R bfe 
(2-65) 
Simpson (2000) applied a nonlinear regression analysis to Eq. (2-64), to further 
simplify this equation to the following form that can be used to compute the vertical 
bending capacity directly: 
M 
M 
*- = (l + KCl)C2 +C3 (2-66) 
where 
Cl = 0.0164 In
3 (x) + 0.1957 In2 (x) + 0.2061 In (x) + 0.6996 
c2 = ( 1.312x
2 - 1.767x - 0.00547) '* 




Simpson (2000) states that the form of Eq. (2-66) was chosen because it resembles the 
column curve formula of CSA- SI 6.1 (1994) and because it is also suited for spreadsheet 
analysis. 
The design limits of Eq. (2-66) are specified by Simpson (2000) as: 
0 < K < 0 . 1 5 







It can be observed that Eqs. (2-70c and d) effectively prevent the limit of Eq. (2-70b) 
from being violated. That is, Eq. (2-70b) is redundant. 
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The above equations are developed based on the analysis of a simply supported beam 
subjected to uniform vertical bending. However, an internal segment within a curved 
bridge does not have this boundary condition. The warping restraint due to continuity 
with adjacent unbraced segments causes a flange moment to develop at the ends of the 
unsupported length. To account for this behavior, Simpson (2000) suggested that, in the 
calculation of the vertical bending strength, an approximate effective length of Leff = 
0.6Lb, should be used instead of the full unsupported length. Simpson explained his 
rationale for this decision as follows: 
"Nakai showed that when a girder is changed from straight to curved, the 
lateral buckling mode changes from serpentine in shape to that resembling a 
fixed-fixed beam. A similar approach is considered here. If a girder's 
flange[s] are fixed against warping and the girder is subjected to a constant 
moment, the lateral flange bending moments distribute in the manner of the 
moments in a fixed-fixed beam subjected to a uniform load. Within the 
unbraced length, two points of inflection occur with respect to lateral 
bending. Between these two inflection points, the girder is loaded as assumed 
in the Fukumoto and Mshida, and Simpson equations, i.e., the strong axis 
bending moment is constant along the length of the beam and the end 
bimoments are equal to zero. Therefore, rather than use the entire beam 
length for the estimate of strength, the length between the points of inflection 
is used. For a fixed-fixed condition the distance between the points of 
inflection is equal to 0.577L, but for simplicity an approximate effective 
length, Leff = 0.6Lb has been adopted." 
It should be noted that the correct effective length for a girder in which warping is 
fully restrained at its ends is 0.5Lb. Although Simpson's developments provide 
significant improvements with respect to the ease of use and technical rigor of the 
original approach taken by Fukumoto and Nishida (1981), it can be observed that 
Simpson's final strength relationship, given by Eqs., (2-66) through (2-69), still involves a 
number of somewhat long expressions that would complicate its use within design 
practice. Furthermore, Simpson's strength equation is far removed from the current 
AASHTO LRFD (2001) expressions for the strength of a straight girder. 
Simpson (2000) concludes in his thesis that 
"In the end, "the improved" equation (herein called the Simpson method) 
yields strength results similar to Fukumoto and Nishida's equation for all 
ranges of curvature and slenderness." 
This is to be expected since the fundamental concepts behind both Simpson's and 
Fukumoto and Nishida's equations are quite close. Similar to Fukumoto and Nishida's 
approach, Simpson's solution focuses on the behavior of compact-section beams and 
does not address the influence of flange inelastic local buckling and/or web bend 
buckling on the strength. As a result, Eq. (2-66) predicts approximately the same 
normalized vertical bending strength Mn/Mp in parametric study cases considered in this 
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research where significant differences in the capacities exist (see Chapter V for a detailed 
discussion of the design of the parametric studies). Figure 2.1.15 compares the results of 
Simpson's and Fukumoto's equations versus the capacities predicted within these 
parametric studies for specimens with D/bf = 2.75, D/tw = 100, Lt/R = 0.05 and 0.10, and 
target f(l% = 0.35. It can be seen that Simpson's formulas and Fukumoto's equations give 
approximately the same prediction of the ratio of Mn/Mp for different bf/tf ratios. The 
FEA strengths for girders with W R = 0.05 are smaller than those for Lt/R = 0.10 because 
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Figure 2.1.15. Comparison between Simpson's and Fukumoto and Nishida's 
equations for specimens with D/bf = 2.75, D/tw = 100, W R = 0.05 and 0.10, and 
target f/fb = 0.35. 
Also, the handling of the flange inelastic lateral buckling capacity in Simpson's 
solution is based on the intersection between the second-order elastic load-deflection 
solution and an estimate of the cross-section plastic capacity. This approach is not 
capable of accurately capturing the lateral-torsional buckling strength behavior of I 
girders in the limit that the radius of curvature becomes large. Equation (2-64), upon 
which Simpson's final Eq. (2-66) is based, simplifies to Mn/Mp = 1 in the limit that the 
radius of curvature goes to infinity. Equation (2-66) becomes undefined for a straight 
girder. 
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Finally, the beneficial effect of a gradient in the vertical bending moment along the 
unsupported length is not addressed in Simpson's research., and Simpson's method does 
not accommodate lateral bending stresses from sources other than horizontal curvature. 
Therefore, Simpson's design predictor equation (Eq. 2-66) is not considered further 
within this research. 
2.1.5 Nakai 's Equation 
Nakai et al. (1984a) proposed a simple design equation to predict the ultimate 
bending strength of horizontally-curved I girders based on curve fitting to the results 
from 19 experimental tests of compact section I beams with transverse stiffeners spaced 
at do < D. This equation is of the form 
M„ = 
r L L A 
1.92 + 0.357-*—*-
V R b f y 
Mns (2-71) 
where Mns is the nominal bending strength of a straight girder of equal unsupported 
length, as per Japanese design standards. Equation (2-71) is intended for curved I girders 
with a curvature parameter d0
2/8Rtw < 1. The term within the brackets of Eq. (2-71) is 
intended as a strength reduction factor. However, it can be seen that this term actually 
predicts that Mn is increased relative to the equivalent straight girder capacity as L/R 
increases. This is obviously counter-intuitive and incorrect. The SSRC Guide (SSRC 
1998) shows example anomalous strength predictions using this equation. One 
possibility is that the sign within the strength reduction factor in Eq. (2-71) may be a 
typographical error. However, if this sign were intended to be negative, this equation still 
does not predict any reduction in the strength due to the horizontal curvature for practical 
Lb/R and Lb/bf values less than or equal to 0.10 and 25 respectively. Equation (2-71) is 
not considered any further within the current research. 
2.1.6 Hanshin Equations 
In addition to the Guide Specifications (AASHTO 1993) and the Recommended 
Specifications (Hall and Yoo 1998), to the authors' knowledge, there is only one other 
design standard for horizontally curved steel bridges worldwide. This is the Guidelines 
for the Design of Horizontally Curved Girder Bridges (Hanshin 1988). This document 
was developed by the Hanshin Expressway Public Corporation in Japan. Hence it is 
referred to here as the Hanshin Guidelines. Nakai and Yoo (1988) provide a detailed 
discussion of the background research resulting in the design predictor equations 
contained within these guidelines. The strength provisions within the Hanshin Guidelines 
were developed in part based on inelastic finite element analyses and curve fitting. 
The Hanshin Guidelines refer to the Specifications for Highway Bridges (Japan 
Road Association 1990) for their base requirements and primarily contain only provisions 
that pertain to the effects of horizontal curvature. Although these provisions, as well as 
the requirements in (Japan Road Association 1990) are written in an allowable stress 
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design format, the combined set of strength predictor formulas may be expressed in terms 
of a nominal maximum strength. These equations may be summarized as follows. The I 
girder strength predictor equation in the Hanshin Guidelines is a linear interaction 
equation relating the vertical bending stress (fb) and the flange lateral bending stress (Q, 
i.e., 
^ - + - ^ < 1.0 (2-72) 
Fbc Fy 
where 
F b c =F y i | / (2-73) 
is the vertical bending capacity in terms of the flange stress in the absence of any lateral 
flange bending, considering the potential reduction in strength due to lateral-torsional 
instability. It should be noted that if Fbc is equal to Fy, i.e., if \\f is equal to 1.0, then Eq. 
(2-72) amounts simply to a first yield check of the compression flange based on the 
vertical and lateral flange bending stresses, neglecting residual stresses. The term x\f is 
defined as 
\j/ = 1.0 if Lb/R < 0.02as (2-74a) 
and 
\\f = 1 .0-1 .05^(L b /R + 4.52(Lb/R)
2) if 0.02as < Lb/R < 0.2 (2-74b) 
where 
(2-75) 
7T̂ | 2AC bf V E 
and 
otc = y as (2-76) 
The term y in Eq. (2-76) is defined as 
y = 1.0 if Lb/R < 0.02 a s (2-77a) 
and 
y = 1.0 - 1.97 (Lb/R)
1/3 + 4.25 (Lb/R)
2 - 26.3 (Lb/R)
3 if 0.02 as < Lb/R < 0.2 (2-77b) 
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The application of the Hanshin equations is limited to girders with a compression 
flange slenderness satisfying the restriction 
(2-78) 
For Fy = 345 MPa (50 ksi), Eq. (2-78) limits bf/tf to 21, 
Equation (2-72) with FbC = Fy could be used to check the tension flange of a general 
unsymmetrical girder; however, this check would tend to be very conservative relative to 
the true tension flange capacity. An equation based on the true flange plastic capacity 
might be more appropriate for this situation. Furthermore, it can be questioned that the 
linear interaction between fb = FbC and f̂  = Fy may be somewhat conservative for the low 
values of f£ that are encountered in US design practice, based on the lateral bending stress 
restrictions in the Guide Specifications (AASHTO 1993) and the Recommended 
Specifications (Hall and Yoo 1998). Equation (2-72) is conservative relative to the use 
of the AASHTO LRFD (2001) beam-column interaction equations for checking of the 
compression flange, and as discussed in Chapter I, the AASHTO LRFD (2001) beam-
column interaction equations are likely to be conservative for checking of a rectangular 
flange in many cases (see Fig. 1.2). It should be noted that, based on Eqs. (2-74), FbC in 
Eq. (2-72) is taken equal to Fy whenever Lb/R < 0.02as. From the developments 
reviewed in Section 2.1.8.2, it can be observed that Eq. (2-72) is simply a nominal first 
yield limit in this situation (if f̂  and fb are located at the same cross-section). 
Furthermore, Eq. (2-72) does not include any terms that would account for the beneficial 
effects of moment gradient within the curved girder unbraced length. Finally, Eq. (2-72) 
does not account for potential reduction of the flange strength due to local buckling. It 
would appear that the limit specified by Eq. (2-78) is related to the resulting need to 
prevent any influence of flange local buckling on the design strength. 
In Chapter VII, the Hanshin Guidelines equations are evaluated in detail along with 
the predictor equations from the Recommended Specifications and new proposed 
equations that have been developed within the current research. 
2.1,7 Simplified Equation Proposed by Yoo 
Yoo (1996) and Yoo et al. (1996) propose a simple formula for determining the 
flexural capacity of a horizontally curved I girder that is based on the same general 
concept as that considered by Nakai et al. (1984a). This equation is referred to as a 
potential ultimate strength formula for design evaluation of curved I girders in Hall et al. 
(1999) (p. 82) and is compared versus other strength predictor equations in Yoo and 
Davidson (1997). Yoo et al. (1996) propose that the bending capacity of a horizontally-
curved girder can be calculated based on the bending capacity of the equivalent straight 
girder of equal unsupported length Lb, multiplied by a strength reduction factor. Their 
proposed strength reduction factor is developed as the reduction in the elastic lateral-
torsional buckling strength due to horizontal curvature, and is stated as a function only of 
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the parameter IVR. They obtain this reduction factor based on curve fitting to the results 
of a large number of elastic linear buckling analyses of curved I girders based on beam 
theory. The resulting proposed equation for the design strength can be written as 
Mn = 
f / T ^2.129 V'





where Mns is the flexural capacity of the equivalent straight girder. Although the strength 
reduction factor in Eq. (2-79) is an accurate fit to the reduction in the elastic lateral 
buckling strength due to horizontal curvature, this reduction is less than 0.5 percent at the 
maximum Lb/R of 0.10 permitted in the AASHTO Guide Specifications (AASHTO 1993) 
and in the Recommended Specifications (Hall and Yoo 1998). Inspection of the available 
test and analytical data for the flexural strength of curved I beams and girders indicates 
that: (1) the horizontally-curved girder problem is generally a load-deflection problem in 
which the maximum strength is reached, even for girders with large unsupported lengths, 
well before the elastic lateral-torsional buckling capacity is achieved, (2) in most 
practical cases, the maximum capacity is associated with some degree of inelastic 
response, and (3) the reduction in the vertical bending capacity due to horizontal 
curvature is generally much larger than 0.5 percent. Because of these discrepancies 
between Eq. (2-79) and observed results, this equation is not considered further within 
this research. 
2.1.8 Cross-Section Yield Interaction Equations Proposed by Yoo 
Yoo (1996) and Yoo and Davidson (1997) have developed a family of 17 sets of yield 
interaction equations which quantify the maximum strength of general noncomposite and 
composite I girders subjected to vertical bending moment (M) and lateral flange bending 
moments due to torsion (Me), with second-order (i.e., geometric nonlinear) effects 
neglected. These interaction equations are based directly on the static equilibrium of the 
cross-section at the most critically loaded location along the member length. As stated by 
Yoo and Davidson (1997), these "formulations offer a theoretically pure starting point for 
defining the strength of curved composite sections and offer distinct advantages over 
works previously presented by others involving the strength of noncomposite curved 
girders." Yoo and his colleagues base their cross-section analysis on the beam-theory 
based assumption that the lateral flange moments due to torsion (Me) within a general 
doubly- or singly-symmetric I section are self-equilibrating. That is, it is assumed that at 
any given location along the length of an I girder, the lateral bending moments in the top 
and bottom flanges are equal and opposite. In general, this assumption may be violated 
due to (1) distortion of the web and (2) the existence of second-order radial bending 
moments within the girder. Also, in general, the flexural stresses within I girders may 
deviate somewhat from the predictions of beam theory, due to web bend buckling. 
However, all of the above deviations from first-order beam theory are likely to be small 
in many practical cases. 
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Yoo and his colleagues also include approximate analysis equations for the lateral 
flange bending moments due to the torsion induced by horizontal curvature. These 
approximate equations are of the same form as the V-load equation (Eq. 1-6), which 
predicts the maximum M^to be at the ends of the unbraced length, but the coefficient 
"12" in the denominator of the V-load equation is replaced by a variable constant. Yoo 
(1996) suggests that a value of 10 should be used for this coefficient, instead of 12, to 
indirectly account for the omission of the web in the V-load calculations. Yoo and 
Davidson (1997) find that a value of 14 gives somewhat better correlation with the actual 
maximum lateral flange bending moments in 18 hypothetical horizontally curved bridges. 
It is important to note that the yield interaction equations developed by these 
researchers can be used more generally with the results of any bridge superstructure 
analysis that produces predicted values of the vertical and lateral flange bending 
moments, M and M^ (or the vertical bending moments M and bimoments B). In general, 
it is important to separate the analysis solution from the resistance equations since the 
actual internal forces within many bridge structures can vary significantly from the 
predictions of the V-load type equation due to many factors, including bridge skew and 
applied loadings on the girders. Yoo's interaction equations can give an estimate of the 
girder flexural capacity for any set of computed elastic moments M and Me. 
It is assumed implicitly in Yoo's cross-section strength analysis that the lateral (or 
radial) bending moment is equal to zero. Although this is a limitation of the existing 
yield interaction equations, this limitation can be removed by application of the basic 
principles established within Yoo's research. Yoo and Davidson (1997) state that 
"... the assumed stress states may not appropriately represent the actual 
conditions of the composite or noncoirmposite curved girder system at either 
first yield or ultimate strength. Furthermore, secondary amplification 
effects, residual stress effects and fabrication and erection concerns may be 
significant." 
However, it is possible that these issues may turn out to be minor upon further 
investigations, or adjustments to Yoo's procedures may be possible to account for these 
effects where they are important. 
2.1.8.1 Cross-Section Yield Interaction Equations for Composite Beams 
Yoo and Davidson (1997) detail the yield interaction equations for composite beams. 
These equations may be particularly useful in quantifying the strength of curved 
composite I girders in positive bending, where it is expected that some of the limitations 
discussed above are particularly minor. For composite girders in positive bending, the 
maximum vertical bending strength is typically significantly larger than Rh My, where My 
is the moment capacity at first yield of the short-term composite section, not including 
residual stress effects. The AASHTO LRFD (2001) straight girder specifications permit 
flexural capacities up to the plastic moment capacity Mp, in simple spans and in 
continuous spans with compact sections in the negative flexural regions over the interior 
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supports. They specify a maximum capacity of Mn = 1.3 Rh My by the most commonly 
used approach for continuous-span girders with noncompact interior support sections. 
Yoo and Davidson's (1997) yield interaction equations provide a particularly useful 
means for extending the AASHTO LRFD (2001) formulas for composite I girders in 
positive bending to include the effect of lateral bending within the bottom flange. If 
curved composite girder system studies can demonstrate that the nonlinearity associated 
with the development of these capacities is not detrimental to the overall bridge 
performance, these equations will provide a significant advance over current strength 
equations in the Guide and Recommended Specifications, and in the Hanshin Guidelines, 
which limit the girder vertical bending capacity to a maximum of My. 
2.1.8.2 Noncomposite Compact-Flange Section and Noncompact Section Formulas 
In the current research, the authors focus on the development of unified I girder 
strength equations that are based on consideration of the bottom flange of a composite I 
girder as an equivalent steel beam-column. This approach is believed to be an accurate 
idealization for composite girders in negative bending. It is expected to be conservative 
for the maximum strength of isolated composite girders in positive bending. Within this 
context, the predictions of two of Yoo's noncomposite yield interaction equations are 
evaluated in the subsequent chapters. These are the yield interaction equations that Yoo 
(1996) and Yoo and Davidson (1997) define as the "noncomposite compact-flange 
section" and the "noncomposite noncompact section" equations. Compact-flange 
sections are defined as all-steel sections in which the compression flange behaves 
compactly (i.e., the flange slenderness is sufficiently low such that full plastification of 
the flange on one side of the web can be achieved), but in which the web is not capable of 
developing strengths beyond its first yield strength. Noncompact sections are defined as 
those in which neither the flange nor the web is capable of developing combined stress 
states beyond first yield. 
As described in Chapter V, webs with D/tw = 160, 130 and 100 and flanges with 
bf/tf = 15, 20 and 25 are considered in the parametric studies of this research. Yoo's 
compact flange section equations are utilized in this research to estimate the capacities of 
the I girders with bf/tf = 15, and his noncompact section equations are utilized for all the 
other cases. In the experimental tests discussed in Chapter IV, Eq. (2-5) is utilized to 
define the slenderness corresponding to the transition between the compact-flange and 
noncompact section equations. 
Figures 2.1.16 and 2.1.17 illustrate the general states of internal stress that can exist 
within a noncomposite compact flange section and a noncomposite noncompact section 
respectively. The dark shaded stress blocks within the top and bottom flanges represent 
the stresses due to flange lateral bending and the white stress blocks correspond to the 
stresses due to vertical moment. The top flange is labeled as the compression flange in 
the figures; however, the section analysis is the same if the sign of the vertical bending 
moment is reversed. 
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Figure 2.1.16. Stress distribution at strength limit of a noncomposite compact-
flange I-section (Yoo 1996). 
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Figure 2.1.17. Stress distribution at strength limit of a noncomposite noncompact I-
section (Yoo 1996). 
76 
For the compact flange section (see Fig 2.1.16), the lateral flange bending moment 
(Me) is calculated from static equilibrium, the fact that the net axial force due to the 
lateral flange bending stress blocks (shaded in black) must equal zero, and from similar 
triangles. Based on the these considerations, the lateral flange bending moment in the 
smaller top flange (Me) for the compact flange section is obtained as 
M , = ^ ( l - x ) b f c A f c F y (2-80a) 
This equation can be written in terms of a flange elastic lateral bending stress by dividing 
through by the elastic section modulus of the flange to obtain 
f ' = l i ( l " x ) F y (2-80b) 
This equation can in turn be solved for x, resulting in 
192 f 1 f 
X = 1_IZ±ILSI_±IL (2-gOc) 
390 Fy 2 Fy 
For noncompact sections, Yoo (1996) assumes that the cross-section cannot sustain 
any nominal yielding when subjected to the vertical and lateral flange bending moments 
obtained from the overall bridge analysis. That is, the combined stress state, neglecting 
initial residual stresses, is limited to first yield. Based on this limit and the consideration 
of static equilibrium, i.e., no net axial force in the flanges due to vertical bending 
moment, and the use of the classical elastic bending formulas, the lateral flange bending 
moment in the smaller top flange of the noncompact section is obtained as 
M,=i ( l -x )b f c A f c F y ( M i a ) 
o 
or if written in terms of a flange elastic lateral bending stress 
f, =( l -x )F y (2-8 lb) 
If we solve this equation for x, we obtain simply 
x = l - -^- (2-8 lc) 
F 
y 
It is important for the engineer to understand the meaning of the parameters "x", "z" 
and "P" shown in Figs. 2.1.16 and 2.1.17. Both of these figures illustrate a general 
singly symmetric I section in which the top flange is smaller than the bottom flange. Due 
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to the smaller top flange, the depth of the web in compression Dc = zD is larger than D/2, 
i.e., z>0.5. 
In Fig. 2.1.16, the strength of the cross-section is defined as the loading at which the 
maximum flexural stress in the web, located at the top of the web in this case, becomes 
equal to Fy. Therefore, the strain at the top of the web is exactly equal to the yield strain 
ey at this state. Yoo and his colleagues assume in their cross-section analysis that the 
stresses and strains at the mid width of the I girder flanges are identical to the stresses and 
strains at the top or at the bottom of the web (i.e., the differences between the depth of the 
web D, the distance between the mid-thickness of the flanges h, and the total depth of the 
section d are neglected in their cross-section analyses). Therefore, based on the 
assumption of a homogenous I section, the top flange is also at incipient yielding at its 
mid width. 
If we continue with the consideration of the effects of the lateral flange bending 
moments, it can be observed that due to the lateral bending within the top flange, and due 
to the top flange being at incipient yield at its mid width, the stresses on the right-hand 
side of the top flange are all equal to Fy. Also, due to the fact that the total axial force 
due to the lateral flange bending is zero, the total area under the dark shaded part of the 
stress distribution due to M^ must integrate to zero. Therefore, if we assume that a 
certain fraction of the total stress at the mid width of the top flange xFy is due to vertical 
bending, we can then calculate the corresponding stress (3Fy that must exist at the left-
hand tip of the top flange. Yoo and his colleagues assume that this flange tip does not 
yield, which is a sufficient assumption for practical values of x. Given the 
corresponding lateral bending stress distribution, shown in black within Fig. 2.1.16, we 
obtain Eq. (2-80a). 
Based on the above cross-section analysis, it can be seen that the girder vertical 
bending capacity associated with the stress state in Fig. 2.1.16 can be approximated as 
Mn s xMy (2-82a) 
(the actual moment is slightly larger, due to the maximum stress in the web being larger 
than xFy; however, the increase in the capacity resulting from these additional web 
stresses is small). In terms of an elastic vertical bending stress, the strength may be 
written as 
Fn = x Fy (2-82b) 
These equations may be applied in design practice by determining x from Eq. (2-80c) 
based on a value of fe computed from an elastic analysis of the bridge superstructure. 
The calculations pertaining to Fig. 2.1.17 are simpler to describe since there is no 
yielding anywhere within the cross-section. In this case, the strength is controlled by 
reaching Fy at the right-hand tip of the top flange (assuming additive compressive stresses 
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on this side of the top flange). If we then assume that the average stress in the top 
flange, which is equal to the stress at the flange mid width since the cross-section is 
elastic, is equal to xFy, we obtain Eqs. (2-82) exactly for the vertical bending capacity, 
and Eqs. (2-8la) and (b) for the flange lateral bending moment or stress. Similar to the 
above developments for compact flange sections, Eqs. (2-82) may be applied in practice 
for noncompact sections by determining x from Eq. (2-8 lc) based on a value of f̂  
computed from an elastic analysis of the bridge superstructure. 
2.1.8.3 Implications With Respect to Hybrid I Girder Design 
Yoo and Davidson (1997) state that there is little benefit to making the web hybrid in 
compact-flange and noncompact I girders. It appears that their reasoning on this issue is 
based on the cross-section analysis shown in Fig. 2.1.16. However, it is well known that 
in the design of hybrid I girders, the web is allowed to yield under the maximum design 
loading conditions, regardless of whether it is compact or not (Schilling and Frost 1964; 
Schilling 1968; ASCE 1968). The reduction in the flexural capacity due to web yielding 
and web bend buckling is accounted for within the hybrid Rh and load-shedding Rb 
factors of the AASHTO (2001) Specifications. The capacity of a hybrid girder does not 
need to be limited to first yielding of the web based on a beam-theory analysis. 
Similarly, there is no reason why a noncompact or slender homogeneous I girder web 
needs to be limited to first yield under the loading conditions for maximum strength 
evaluation. It can be shown that generally, the overall contribution of the web to both 
vertical and lateral bending is relatively small compared to that of the flanges of an I 
girder. It should be possible to allow some yielding within a noncompact or slender web 
at the maximum load levels without any significant detriment to the overall girder 
vertical and/or lateral bending capacity. This issue is considered within the context of 
homogenous I girders in the parametric studies of this research. 
For horizontally-curved hybrid I girders, the extent of yielding in the web at the 
maximum strength limit state will typically be less than in straight hybrid I girders, since 
part of the girder flexural capacity is "used up" by the lateral bending in the flanges. 
Therefore, the influence of a hybrid web on the girder flexural strength may be of lesser 
consequence in curved than in straight I girder design. The consideration of hybrid 
horizontally-curved I girders is beyond the scope of the current research. However, one 
set of experimental tests considered in Chapter IV involves I girders that are effectively 
hybrid. 
2.1,9 Proposed Unified Vertical Bending Strength Equations for Design of I Girders 
Subjected to Vertical Bending, Lateral Bending and Torsion 
2.1.9.1 Motivation 
Section 1.4 explains the key concepts adopted in the current research for development 
of a set of unified vertical bending strength equations for design of I girders subjected to 
vertical bending, lateral bending and torsion. Briefly, these concepts are: (1) use of an 
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equation format based on the flange vertical bending stress in order to facilitate both 
composite and noncomposite I girder design, (2) focusing on the tension and compression 
flanges as equivalent beam-columns, subjected to loadings produced by horizontal 
curvature as well as other internal loadings induced by the geometry of the bridge 
superstructure or directly applied loadings, and (3) conservatively neglecting the torsional 
restraint provided to the top flange of the I girder from the bridge deck, thus permitting 
the development and verification of formulas by studies of all-steel girders. 
Section 2.1.1 addresses modifications to the current AASHTO LRFD (2001) 
Specifications that significantly improve the accuracy of their flexural strength prediction 
equations for certain situations, and which improve the simplicity and ease of use of the 
associated AASHTO provisions. 
This section provides further specifics on the logic behind, and the motivation for, the 
proposed extension of these equations to handle lateral flange bending. Section 2.1.9.2 
then summarizes the proposed equations for handling of flange lateral bending moments 
due to lateral bending and torsion. 
Flange Plastic Capacity 
Consider one of the flanges of an I girder subjected to combined vertical and lateral 
bending. The lateral moment in the flange is related to the flange elastic lateral bending 
stress, fe, by the equation 
M , = ^ i (2-83) 
If the flange behaves compactly, it can develop the strengths associated with the idealized 
fully plastic stress distribution shown in Fig. 2,1.18. 
Within this idealized fully plastic stress distribution, the lateral moment is generated 
by the strips of width c at the tips of the flange, and the remaining width of the flange 
(bf- 2c) develops the flange force associated with the vertical bending moment. By 
equating the elastic flange force due to vertical bending, fb bf tf = fb bf tf / (Rb Rh), to this 
fully plastic flange force, Fy tf(bf — 2c), the elastic vertical bending stress associated with 
the flange plastic strength may be expressed as 
bf - 2 c f b = F y ^ r — - (2-84) 
b f 
where fb = fb/(RbRh) is the elastic flange vertical bending stress, accounting for load-
shedding from the web due to hybrid and/or web bend-buckling behavior. Similarly, by 
equating the right-hand side of Eq. (2-83) to the lateral flange moment associated with 
Fig. 2.1.18, we obtain 
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f,bjc = Fyc(b f-c) (2-85) 




1- 1 - ^ 
I 3 F y y 
(2-86) 
Figure 2.1.18. Idealized plastic stress distribution in a flange due to lateral and 
vertical bending. 
Finally, by substituting Eq. (2-86) into Eq. (2-84), an expression for the elastic flange 
vertical bending stress (fb) associated with the plastic strength of the flange is obtained 
as a function of the elastic lateral bending stress at the flange tips (Q as 
f = F h - - ^ -
b yA 3F„ 
(2-87) 
If we consider the practical design of bridge I girders, in which the elastic stress f̂  is 
generally much smaller than Fy, e.g., f̂  < 0.5 Fy, Eq. (2-87) is accurately approximated by 
the following simple linear equation 




The accuracy of this approximation is illustrated in Fig. 2.1.19. As noted in Section 
2.1.2.1, Hall and Yoo (1998) originally developed this formula as a restriction on the 
flange capacity predicted by McManus's strength equations. However, if we neglect any 
conditions such as holes fabricated within the section for field splice connections, etc., 
this equation can potentially serve more generally as a specific limit for the vertical 
bending capacity of a tension flange subjected to whatever lateral bending moments (and 
corresponding elastic lateral bending stresses) are encountered within the overall analysis 
of a bridge superstructure. Equation (2-88) would need to be checked for the most 
critical combination of fb and fe at any cross-section along the length of the girder, where 
fb and f£ are the computed second-order elastic stresses within the flange, including the 
effect of load-shedding from the web due to bend buckling. This is consistent with the 
AISC LRFD (1999) and AASHTO LRFD (2001) philosophies for checking of beam-
columns loaded in tension. Furthermore, in practical design situations, it is commonly 
assumed that the above second-order elastic stresses are estimated sufficiently well based 
on a first-order elastic analysis of the structure, since axial tension tends to make the 
stresses smaller than the first-order elastic values. Equation (2-88) is referred to in this 







f from Eq. 2-87 
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Figure 2.1.19. Comparison of the "exact" flange plastic strength and the compact-
section based one-third rule. 
Equation (2-88) would tend to give an upper-bound estimate of the strength of a 
compression flange as an equivalent beam-column, since the strength in compression 
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may be limited by local and/or lateral instability. The consideration of an appropriate 
representation of the effect of lateral bending on compression flange strength is discussed 
in the following sub-section. 
Consideration of Flange Local and Lateral Stability 
Obviously, the above compact-section based one-third rule does not account for the 
reduction in girder vertical bending capacity due to local flange or lateral-torsional 
buckling. However, as discussed in Section 1.4.2, it is expected that the compression 
flange of a curved I girder can be treated adequately as an equivalent beam-column. 
Therefore, based on this hypothesis, the (AISC 1999; AASHTO 2001) beam-column 
interaction equations should provide a conservative check of the compression flange 
strength, if the maximum second-order elastic lateral bending moment is utilized along 
with the compression flange axial force due to vertical bending. If the AISC (1999) and 
AASHTO (2001) beam-column checks are expressed in terms of the second-order elastic 
stresses fb and f, (calculated based on a first-order analysis of the bridge superstructure 
along with appropriate approximate second-order amplification factors), and if the flange 
vertical bending strength from the straight girder specifications is taken as the equivalent 
column strength, then we obtain compression flange design strength interaction curves 
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Figure 2.1.20. Comparison between the strengths predicted by the proposed one-
third rule and the AISC LRFD (1999) - AASHTO LRFD (2001) beam-column 
interaction curves. 
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As noted in Chapter I, for small f,/Fy, the AISC LRFD (1999) and AASHTO LRFD 
(2001) beam-column strength interaction curves are often quite conservative for checking 
of I-shape members in weak-axis bending (ASCE 1997; Yura 1988), or more relevant to 
the case at hand in this research, beam-columns with rectangular or T shaped cross-
sections. For a compact flange with an unsupported length such that the vertical bending 
strength of the compression flange is equal to or approximately Fy, it would be expected 
that the compact-section based one-third rule equation (Eq. 2-88) should work well as a 
design strength approximation. Furthermore, for a compression flange that is at the 
transition between the elastic and inelastic buckling strength, i.e., Fn = 0.667 Fyc in the 
straight-girder specification (for Fyc = 345 MPa (50 ksi) and Frs = 114 MPa (16.5 ksi)), 
Fig. 2.1.20 shows that the one-third rule, with Fyc replaced by Fn, and the direct usage of 
the Specification beam-column interaction equations are nearly equivalent. 
For the intermediate case, it can be observed from Fig. 2.1.20 that the one third rule -
expressed as Fn - 1/3 is - 0.854 F y - 1/3 f£ in the figure - is significantly liberal 
compared to the direct usage of the beam-column interaction equations. However, as 
explained above and in Chapter I, it is possible that this liberal estimate of the equivalent 
beam-column strength, relative to current AISC LRFD (1999) and AASHTO LRFD 
(2001) beam-column strength equations, is justified. Studies need to be conducted to 
verify this hypothesis. This is the subject of a large portion of this report. It should be 
noted that Fn = 0.854 Fy is obtained from the proposed modified AASHTO straight-girder 
strength equations based on the local buckling strength of a flange with bf/tf = 25 along 
with a corresponding web slenderness of 2Dc/tw of 130 (see Sections 2.1.1.1 and 2.1.1.2). 
Also, this is the flange lateral buckling strength obtained from the proposed straight 
girder strength formulas for L/bf = 16.13 at ar = 2 and L/bf = 17.24 at ar = 1 (see Sections 
2.1.1.1, 2.1.1.3 and 2.1.1.6). 
It is interesting to note that, based on Yoo's (1996) yield interaction equations for a 
compact flange section (see Eqs. (2-80c) and (2-82b) and Fig. 2.1.16), it can be stated 
that web yielding will never occur in a non-hybrid member (based on the beam theory 
assumptions employed within the yield interaction equation derivations, neglecting the 
effect of residual stresses) if the flange vertical bending stresses are limited to 
ir=Fy4f< <2-89) 
Kb I 
It should be noted that this equation is a reasonably close approximation of the AISC 
LRFD (1999) - AASHTO LRFD (2001) interaction equations for Fn = Fy in Fig. 2.1.20. 
Therefore, it can be stated that the use of the AASHTO LRFD (2001) beam-column 
interaction equations would limit the maximum average vertical bending strain within 
the compression flange approximately to the yield strain of the material ey (neglecting 
residual stress effects). However, Eq. (2-89), with Fy replaced by Fn, becomes 
significantly conservative relative to the use of the AASHTO LRFD (2001) beam-column 
interaction equations as Fn/Fy reduces below one. Nevertheless, all of the interaction 
relationships discussed here are significantly liberal relative to the simple linear 
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interaction equation specified by the Hanshin Guidelines (Japan Road Association 1990) 
(see Eq. 2-72). As noted previously, in many cases, this equation is equivalent to the use 
of Yoo's (1996) yield interaction equation for a noncompact section member (see Eqs. 
(2-8lc) and (2-82b) and Fig. 2.1.17). In summary, the 1/3 rule (with Fy replaced by Fn) is 
proposed in this research because this rule gives the best correlation in general with the 
strength data from experimental tests as well as with the results of the parametric studies 
conducted by the authors (see Chapters IV through IX). 
2.1.9.2 Recommended Equations 
The one-third rule equations proposed in this research for handling the effects of 
lateral flange bending, based on a modification of straight-girder vertical bending 
strengths, can be expressed as follows: 
• For flanges in tension, or for flanges in compression with X < Xp 
~^—< F - - f , 
RbRh
 y 3 
(2-90a) 
For flanges in compression with XP<X< Xr 
R b R h 
< C 
\ (Fy c-FL)f\-\ . 
yc 
X, - X 
pj 
F y c - - f . 




where all of the parameters with the exception of f, are defined within the straight-girder 
design provisions (see Section 2.1.1). The term f£ is the maximum second-order elastic 
flange lateral bending stress within the unsupported length under consideration. As in 
the straight-girder design provisions, the smaller of the local and lateral-torsional 
buckling strengths determined from these equations controls. Equations (2-90) are 
shown here in the form of a limit on the flange stresses due to vertical bending, amplified 
by the inverse of the factors Rb and Rh to account for load shedding from slender and/or 
hybrid webs. They may be written directly as flange vertical bending-lateral bending 
interaction equations simply by moving the term f£ I 3 to the left-hand side of these 
formulas. 
The hybrid-girder factor Rh is included within Eqs. (2-90). However, hybrid girders 
are not specifically addressed within this research. Based on this and the fact that the 
Recommended Specifications do not permit the use of hybrid-curved girders, the authors 
do not recommend the use of these equations for hybrid curved I girders at the present 
time (May 2001). However, engineers need some way of checking lateral bending in 
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straight hybrid I girders. It is likely that the format of Eqs. (2-90a) and (2-90b) is 
applicable for these cases and for curved hybrid I girders, but there is a possibility that 
the form of the factor Rh might need to be modified. It should be noted that the Guide 
Specifications (AASHTO 1993) do permit the design of hybrid curved I girders, and that 
there has been some limited evaluation of these types of girders by Culver (1972). 
Several of the experimental tests considered with Chapter IV are effectively hybrid 
girders. 
A one-third rule modification of elastic local and/or lateral buckling strengths is not 
shown in Eqs. (2-90). This is because, if the flanges are limited to a maximum bf/tf of 
24, as is required in the current AASHTO LRFD (2001) Specifications, elastic flange 
local buckling never controls for Fy < 480 MPa (70 ksi). Furthermore, the corresponding 
elastic lateral-torsional buckling based equations are not shown either because it is 
expected that the lateral flange bending stresses will tend to be dramatically amplified by 
second-order effects for bridge girders designed beyond the inelastic-elastic lateral-
torsional buckling transition limit. Therefore, in the view of the authors, it is wise to 
limit the design of bridge girders subjected to significant combined vertical and lateral 
flange bending to X < XT with respect to the straight-girder lateral-torsional buckling limit 
state. It is interesting that this corresponds approximately to the Wbf < 25 limit required 
by McManus (1971), the AASHTO Guide Specifications (AASHTO 1993), and the 
Recommended Specifications (Hall and Yoo 1998). 
It is possible that under construction loading conditions, I girders that have large 
unsupported lengths within the elastic buckling realm may need to be checked for 
combined vertical and lateral bending. In these cases, the elastic lateral-torsional 
buckling based one-third rule equation may be used. It is important to note that this 
equation is typically more restrictive than a first-yield check for these types of conditions, 
i.e., use of a first yield check with the results of elastic analysis can be significantly 
unconservative, unless an accurate second-order elastic analysis is employed that is 
capable of capturing the large amplification of the lateral bending stresses as the lateral-
torsional buckling load is approached. 
The proposed one-third rule equations are based on the following design limits: 
bf/tf < 24 (2-9la) 
f, <.0.5Fy (2-91b) 
Lb/R < 0.1 (2-9 lc) 
and 
Lb/rt < A,r (2-9Id) 
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Figure 2.1.21 shows a sample comparison of the proposed one-third rule to results 
from the parametric studies conducted in this research for girders with bf/tf = 25, and in 
which the strengths are controlled by the inelastic flange-local buckling based design 
equations. Two design curves are shown in the figure, one corresponding to 2Dc/tw =130 
and one corresponding to 2Dc/tw = 160. The design strengths for these cases differ only 
slightly. Also, the values of fb/Rb/Fy corresponding to elastic flange buckling are shown 
for each of these cases. These curves are discussed within the next subsection. 
Furthermore, the limit on fb/Rb/Fy imposed by the current conservative AASHTO (2001) 
flange local buckling strength equation (see Figs. 2.1.1 and 2.1.2) is shown in the figure. 
Figure 2.1.22 shows sample predictions relative to the results from parametric studies 
in this research for girders that are controlled by inelastic lateral-torsional buckling and 
which have (X - Xp) I (XT - Xp) = 0.4 with respect to lateral-torsional buckling. Detailed 
discussion of the results of the parametric studies (with respect to the flexural capacity) is 
provided in Chapter VII. 
The proposed equations do not utilize an effective length for girder lateral-torsional 
buckling. The actual unsupported lengths are to be used. It is expected that this leads to 
a conservative representation of the strength within interior unsupported segments of 
bridge girders, due to the continuity with adjacent unbraced segments. Also, this helps to 
prevent the second-order amplification of the flange lateral bending stresses from 
becoming large. However, for an unbraced length at the end of a bridge, it is possible 
that the physical boundary conditions at one end of the unsupported length may actually 
be close to torsionally simple. This type of situation is considered within the parametric 
studies of this research (see Section 5.11). It is expected that the use of the actual 
unsupported length within the design equations is conservative with respect to the use of 
an effective length for these cases as well. 
2.9.1.3 Calculation of Flange Elastic Local Buckling Strengths 
In addition to the results of the one-third rule based equations shown in Figure 2.1.21, 
the flange elastic buckling strengths are also shown. These strengths are based on Eq. 
(2-9) with the buckling coefficient given by Eq. (2-7), combined with a reduction 
coefficient developed by Davidson and Yoo (1996). This reduction coefficient accounts 
for the effect of lateral bending (due to horizontal curvature) on the elastic buckling 
capacity, and can be written as: 
(Fe)cv - (Fe)st 1.0643 °'
15f< 
0.35 fb 
< (Fe)st (2-92) 
where 
(Fe)cv
 = elastic buckling stress of the curved plate 
(Fe)st
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Figure 2.1.22. Lateral-torsional buckling strengths for (kb - A.p) / (Xr - Xp) = 0.4. 
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It should be noted that these buckling stresses should be compared against the vertical 
bending stress at the web-flange juncture, ft, not to the total longitudinal normal stress at 
the flange tip (ft + fe). Davidson and Yoo (1996) developed this equation as a lower-
bound fit to finite element elastic buckling analysis results for a range of horizontal 
curvatures. It is interesting that the slope of the elastic buckling strength curves in Fig. 
2.1.21, as per Davidson and Yoo's reduction formula, is slightly larger than the slope of 
the one-third rule curves. 
The buckling of plates subjected to a gradient in stress is often written in terms of the 
maximum elastic stress. Eurocode 3 (GEN 1992) provides the following formula for the 
buckling coefficient corresponding to the flange tip stress in flanges subjected to 
longitudinal compression and a constant gradient in stress across the flange width: 
kmin = 0.57 - 0.21(|-) + 0.07(^-)
2 (2-93a) 
f2 f2 
where fi = ft + fe is the larger stress, located at the flange tip, and f2 = ft is the smaller 
stress located at the web-flange juncture. This equation is based on the assumption of 
simply supported boundary conditions at the edge connected to the web. It is interesting 
to compare the result of this equation to the prediction determined by Davidson and 
Yoo's (1996) formula. The equivalent fonn of Eq. (2-93a) that corresponds to the stress 
at the web-flange juncture, f2 = ft, is obtained simply by multiplying this equation by 
f2/fi, and after some minor algebraic manipulation may be expressed as 
kmin = 0.43 - 0.57 —&— + 0.07 -f (2-93b) 
rb + ^ *b 
Figure 2.1.23 compares (2-93b) to the corresponding flange buckling coefficient based on 
Eq. (2-92) combined with a buckling coefficient of 0.43 corresponding to simply 
supported conditions at the web-flange juncture. It should be noted that Davidson and 
Yoo (1996) do not provide any information about the actual buckling strengths calculated 
in their studies. They only provide information pertaining to the reduction in the elastic 
buckling capacity due to lateral bending associated with horizontal curvature. 
2.1.9.4 Summary 
The proposed one-third rule equations have the following advantages relative to other 
predictor equations that have been evaluated by the authors: 
• They are very simple, but they also have a strong conceptual basis in that they allow 
the engineer to conceptualize the flexural strength of I girder based on the strength of 
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Figure 2.1.23. Flange elastic buckling coefficients based on simply supported 
conditions at the web-flange juncture versus f/fb. 
They reduce to recommended AASHTO1 LRFD formulas for the strength of straight I 
girders in the limit that R approaches infinity. The recommended modifications to the 
AASHTO straight-girder design strength equations provide more rational and realistic 
limits for the local buckling strength of compression flanges, and are essentially the 
same equations as provided in the AISC LRFD (1999) Specification for doubly-
symmetric noncomposite plate girders. Also, these equations provide a simpler and 
more consistent treatment of flange lateral stability for all types of composite and 
noncomposite I girders than the current AASHTO LRFD (2001) Specifications. 
They do not exhibit any anomalies as the radius of curvature of a curved I girder 
approaches infinity. 
They do not have any discontinuity in the predicted design strength at the transition 
between a compact and a noncompact flange, i.e., at X = X? pertaining to local flange 
buckling. 
They are applicable to doubly- and singly-symmetric as well as noncomposite and 
composite I girders, although as noted in Sections 2.1.1 and 2.1.8.1, other formulas 
based on cross-section plastic strength may provide a better characterization of the 
strength for straight and curved composite I girders in positive vertical bending. The 
proposed formulas adopt the same idealization as the current AASHTO LRFD (2001) 
approach with respect to composite I girders in negative bending, i.e., they neglect the 
potential beneficial effect of the torsional restraint provided to the tension flange from 
the bridge deck. 
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• They account for the potential increase in vertical bending strength due to gradients in 
the vertical bending moment. 
• They allow flange b/tf values up to 24, which is the limit on the flange slenderness in 
the current AASHTO (2001) straight-girder LRFD provisions. This may lead to 
significant advantages in terms of the overall economy of the design for resistance to 
lateral bending and torsion effects, since it allows the flanges to be made wider 
without increasing the amount of material to satisfy more restrictive bf/tf limits. 
• They separate the structural analysis problem, i.e., the calculation of the elastic 
stresses fb and f̂ , from the characterization of the structural resistance. This 
significantly improves the clarity and transparency of the formulas compared to 
approaches in which approximate analysis solutions have been "built inside" of the 
design resistance equations. 
• They unify the AASHTO LRFD flexure equations for design of curved and straight I 
girder design, and handle lateral bending from all potential sources. Furthermore, 
they maintain a format of the design predictor equations that is close to that of the 
AISC LRFD (1999) Specification. This should make it easier for young engineers 
that first learn structural steel design with the AISC LRFD Specification to 
understand the background behind the fundamental strength prediction equations 
utilized for bridge design. 
• In general, they offer significant improvements in the strength predictions compared 
to the other flexural strength predictor equations that are evaluated in this research 
(see Chapters IV, VII, and IX). 
2.2 SHEAR STRENGTH 
The shear strength of curved I girders has been studied in prior research both 
analytically and experimentally (Mozer et al. 1970, 1971 and 1975; Mariani et al. 1973, 
Abdel-Sayed 1973; Davidson 1996; and Lee and Yoo 1999b). It is generally agreed that 
horizontal curvature has an influence on both the elastic shear buckling strength as well 
as the maximum strength. The elastic buckling strength of a curved web panel is greater 
than that of a straight girder panel with the same aspect ratio, material properties, web 
slenderness ratio, and boundary conditions (Davidson 1996; Mariani et al. 1973; Abdel-
Sayed 1973). Both the AASHTO Guide Specifications (AASHTO 1993) and the 
Recommended Specifications (1998) ignore this benefit and calculate the shear buckling 
strength based on the current AASHTO equations for straight girders. 
Regarding the influence of horizontal curvature on maximum shear strength, results 
obtained from the experiments conducted by Mozer et al. (1970, 1971, and 1975) indicate 
that tension field action can indeed be developed in curved girder webs with transverse 
stiffeners. These investigators observed that the magnitude of the postbuckling strength 
is reduced by the curvature effects. However, they found that there appears to be no 
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significant reduction in the web shear strength for practical values of horizontal curvature 
(e.g., Lb/R < 0.10). Lee and Yoo (1999) have confirmed these observations. Similar 
observations have been made in experimental shear tests conducted under the Curved 
Steel Bridge Research Project (Zuireick et al. 2001). It is apparent from these tests that 
significant postbuckling strength can be developed in web panels of curved I girders. 
In this section, four methods of calculating the nominal shear strength of curved and 
straight steel I girders are discussed and a recommended approach is outlined. First, the 
method suggested in the Recommended Specifications (1998), which utilizes only the 
shear buckling strength based on research by Timoshenko (1910), Bergmann and 
Reissner (1932), Seydel (1933), Bleich (1952) and Basler (1961b), is presented in 
Section 2.2.1. Next, the approach adopted in the current AASHTO LRFD Specifications 
for straight girders (AASHTO 2001), which includes the postbuckling reserve strength 
from Basler's (1961b) tension-field theory in addition to the web buckling strength, is 
outlined in Section 2.2.2. This is followed by an explanation of ultimate shear strength 
equations recently proposed by Lee and Yoo (1998) in Section 2.2.3. In Section 2.2.4, a 
procedure is described that utilizes the shear buckling coefficients proposed by Lee et al. 
(1996) along with the fundamental shear buckling equations and Basler's tension-field 
theory for the postbuckling strength. This approach is referred to in this research as the 
modified AASHTO method. Finally, based on the current and prior research, equations 
for calculating the shear strength of straight and curved I girders are recommended. 
2.2,1 Recommended Specifications (Hall and Yoo 1998) 
The Recommended Specifications suggest that, based on prior experimental research 
on curved girders, Basler's (1961b) analytical model for the buckling strength of flat 
webs can be used safely for the design of curved webs within stated limitations. The 
Recommended Specification formulas for the web shear strength are the same as the 
shear strength equations in the AASHTO Guide Specifications (AASHTO 1993). 
To calculate the web shear strength, the Recommended Specifications classify curved 
web panels into two categories, unstiffened and transversely stiffened. The maximum 
spacing of transverse stiffeners in stiffened webs is limited to the web depth D, which is 
the same as that specified in the AASHTO Guide Specifications (AASHTO 1993). 
Furthermore, the maximum stiffener spacing is limited to D/2 at simple supports. 
Apparently, this is intended to allow the girder to develop postbuckling shear strength, 
although this strength is not included in the shear capacity calculations. The web shear 
strengths for both stiffened and unstiffened girders are calculated based on shear buckling 
alone; the postbuckling reserve strength is ignored. The boundary conditions at the web-
flange juncture are conservatively assumed to be simply supported. On this basis, the 
shear strength of a curved web panel, Vcr, can be calculated as: 
Vcr= CVP (2-94) 
where 
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C = 1.0 f D 1 m E k for — < 1.10 — 
t„, V F„ 
(2-95a) 
C = — for U 0 H ^ , L 3 8 Ek 





V ^ y 
^ D 1 ™ E k for — > 1.38 — (2-95c) 
and Vp is the web plastic shear strength 
Vp = 0.58 Fy D tw (2-95d) 
Equation (2.95a) corresponds to a web that can develop the mil plastic shear strength, Eq. 
(2-95b) gives the strength for a web that buckles inelastically, and Eq. (2.95c) is the web 
strength corresponding to elastic buckling. The elastic to inelastic buckling transition 
occurs at 0.8VP. The buckling coefficient in these equations (based on simply-supported 
edge conditions) is specified as 
k = 5 (2-96a) 
for unstiffened webs and 
k = 5 + 
' d . ^ 
(2-96b) 
v D / 
for transversely stiffened webs (i.e., webs with do/D < 1). It should be noted that Eqs. 
(2-95) and (2-96) are also utilized to quantify the web shear buckling strength of straight 
I girders in the AASHTO LRFD (2001) Specifications. However, these specifications 
consider girders as transversely stiffened for d0/D < 3. Equations (2-96) are simplified 
from other approximate equations for the shear buckling coefficient utilized by Bleich 
(1952) and Basler (1961b). 
2.2.2 Current AASHTO LRFD Equations 
The current AASHTO LRFD equations (AASHTO 2001) subdivide the shear strength 
into the buckling resistance plus a contribution from postbuckling strength. The buckling 
resistance equations are the same as those in the Recommended Specifications. As noted 
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in the previous section, these strengths are based on the assumption of simply supported 
longitudinal edge conditions. The full set of AASHTO LRFD equations, which are based 
on the research by Basler (1961b), allow webs with a panel aspect ratio (do/D) up to three 
to be considered as stiffened. Basler initiates the development of his equations by 
assuming that the plate bending stiffness of the flanges is sufficiently small such that they 
are not capable of withstanding transverse normal stresses from the web. Based on this 
assumption, he postulates that the postbuckling strength is developed by constant 
additional normal stresses at within the diagonal band shown in Fig. 2.2.1. 
D 
TriangularWedge outside. 
of the tension 
field 
do 
Figure 2.2.1. Assumed tension field in the original and true Basler solutions. 
The corresponding contribution to the postbuckling shear resistance is therefore 
VPB = at s tw sin 0 (2-97) 
where 
s = D cos 0 - do sin 0 (2-98a) 
from the geometry of the panel. Basler then assumes that VPB is maximized with respect 
to 0 to obtain (Salmon and Johnson 1996) 
tan 20 = D/do (2-98b) 
After some trigonometric and algebraic manipulation, the sum of the buckling and 
postbuckling resistances may be written as 
V„=rc rDtw+o- t 
Dt. 1 
d ^ 2 
, 1 + 1 ^ D 
(2-99) 
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where xcr is the web shear buckling stress. This equation has become known as the "true" 
or "correct" Basler solution (Gaylord 1963; Porter et al. 1975; SSRC 1998). It implicitly 
assumes that the state of stress within the triangular wedges outside of the tension band 
remains constant at xcr once the shear buckling stress is reached. 
However, in the next step of his derivation, Basler deviates from this assumption. He 
considers the free-body diagram shown in Fig. 2.2.2, which is extracted from the girder 
by making cuts at the mid-depth of the web and at the mid width of the web panels on 
each side of one of the transverse stiffeners. Based on the previous derivation, it can be 
shown that the mid-depth cut in this free-body diagram is always inside of the tension 
band, i.e., the tension band always intersects the transverse stiffeners at a position closer 
than D/2 from the flanges. Therefore, the horizontal shear force on the mid-depth cut, 
due to the tension field action, is at tw d0 sin 9 cos 6. Basler neglects the increment in the 
web force Fw due to the girder shear or moment gradient, and assumes that the moment 
gradient effect is dominated by the increment in the flange force AFf. Given these 
assumptions, Basler obtains the sum of the buckling and postbuckling contributions to the 
shear strength as 
V„ = x„Dtw + a, gj=- • ' , (2-100a) 
f® 
or 
Figure 2.2.2. Free-body diagram at stiffener location. 
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V„ = x„Dt, + a tDtwsin0cos0 (2-100b) 
where the postbuckling contribution is based on horizontal force and moment equilibrium 
of the free-body diagram in Fig. 2.2.2. Equations (2-100) are the basis for the (AASHTO 
2001) shear strength formulas, and are referred to here as the "original" Basler shear 
strength. It is apparent from these equations that the panel aspect ratio d0/D plays an 
important role in the development of tension-field action and postbuckling strength. 
If one considers the possibility that the stresses c t can be developed over the full 
height of the web at any given location along the length of the girder, as shown in Fig. 
2.2.3, the contribution of the tension-field membrane stresses to the postbuckling shear 
resistance is obtained as 
VPB = crt D tw sin 0 cos 0 (2-101) 
X D 
Figure 2.2.3. Membrane stresses associated with a complete tension field. 
This postbuckling shear strength contribution is identical to the second term in Eq. 
(2-100b). In other words, based on the idealized free-body diagram showhiin Fig. 2.2.2, 
Basler implicitly violates his initial assumption that the stresses oi are only developed 
within the tension band of width s. Basler's original shear strength equation is based on 
the optimum angle 0 determined in the context of his initial assumption (Eq? 2-98b), but 
his final shear strength expression is implicitly based on the stresses a t being developed 
at this angle throughout the entire web panel. That is, Basler's original shear strength 
formula corresponds to a "complete" tension field. This fact was first noted by Gaylord 
(1963), and subsequently by Fujii (1968a) and Selberg (1973). 
Porter et al. (1975) present an alternative tension field theory that has become known 
as the Cardiff model. This model explicitly accounts for the contribution of the flanges 
to the postbuckling resistance, and is possibly the most popular shear strength model 
outside of the United States. Porter et al. (1975) explain that if the contribution of the 
flanges to the resistance is neglected, the Cardiff model reduces to the true Basler 
strength equation, although there is a minor typographical error in the expression for the 
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true Basler strength in their paper. Therefore, it can be stated that Basler's original 
formula overestimates the postbuckling strength of a girder whose flanges are incapable 
of supporting lateral load from the tension field. Gaylord (1963) suggested that this 
partly explains the tendency of Basler's equations to overestimate his experimental shear 
strengths as the panel aspect ratio is decreased. Basler (1963) acknowledged Gaylord's 
observations, but indicated that the stress state in the triangular wedge outside of tension 
field does not exceed that of the primary tension field, which satisfies the yield condition. 
To obtain a simple final solution, either for the original or the true Basler shear 
strength, it is necessary to make an additional conservative assumption that the angle 6 is 
45 degrees, such that a principal stress of at + xcr can be assumed along the tension 
diagonal direction (which is still otherwise assumed to be oriented at the optimum value 
of 6) and such that the other principal stress can be assumed to be at -xcr. Based on this 
estimate, along with a straight-line approximation of the Mises yield condition within the 
possible range of these principal stresses (Salmon and Johnson 1996), the tension field 
membrane stress is obtained as 
a t = F y w 
r \ 




where Fyw is the yield stress of the web plate and Tyw is the shear yield stress, which is 
typically taken as Fyw /V3 . By substituting Eq. (2-102) into Eq. (2-100a), the web shear 
strength equation is obtained in the following form stated with the AASHTO 
Specifications (2001): 





To clarify the shear strength predictions based on the original and true Basler 
solutions, Figs. 2.2.4 and 2.2.5 compare the ratios of these strengths to the web plastic 
strength, as a function of the web slenderness ratio, for do/D = 1 and 3 respectively. It 
can be seen that for do/D = 1, the ratio of the shear capacity based on the original Basler 
solution to that based on the true Basler solution varies from 1.04 to 1.30 as D/tw varies 
from 100 to 160, whereas for do/D = 3, this ratio varies from 1.13 to 1.32. 
Aydemir (2000) studies a practical range of straight hybrid I girders. He considers I 
shapes that are practical as bridge girders, but which have relatively small flanges. In his 
most extreme cases, his flanges have a slenderness bf/2tf of 8.75 and the ratio of the area 
of the web to the average area of the flanges 2Aw/(Afc + Aft) is equal to 2.4. It is believed 
that these parameters represent a reasonable extreme for practical bridge I girder design. 
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D/t* 
140 150 160 
Figure 2.2.4. Shear strengths by Basler's original equations (equivalent to 
(AASHTO 2001)), the true Basler solution, and the web shear buckling formulas for 
girders with d0/D = 1 — shear buckling strength calculated by Basler's equations 
(Eqs. 2-95) with the (AASHTO 2001) buckling coefficients (Eqs. 2-96). 
100 110 120 130 
D/t, 
140 150 160 
Figure 2.2.5. Shear strengths by Basler's original equations (equivalent to 
(AASHTO 2001)), the true Basler solution, and the web shear buckling formulas for 
girders with d0/D = 3 — shear buckling strength calculated by Basler's equations 
(Eqs. 2-95) with the (AASHTO 2001) buckling coefficients (Eqs. 2-96). 
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It is interesting to note that Aydemir observes the same trends in the behavior of 
Basler's original shear strength equation versus the results of refined full nonlinear shell 
finite element analyses that Basler (1961b) observes in comparisons to his experimental 
results. For web panels with large do/D, the shear strengths are predicted accurately to 
conservatively; however, for small d0/D, Basler's original formula tends to overestimate 
the capacities somewhat. The maximum unconservative error in Eq. (2-103) observed by 
Aydemir is 6.2 % for low moment cases, i.e., M < 0.75 Mn, and 10 % for high-shear 
high-moment cases. This supports Basler's claims that the results of his ten ultimate 
load tests in shear were sufficient to substantiate his equations, and justify their use 
within American design practice, e.g., (AISC 1999) and (AASHTO 2001). Basler's 
(1961b) maximum unconservative error for Eq. (2-103) versus his experimental shear test 
data is 12%. 
Since Basler (1961b), many alternative tension field theories have been proposed by 
various researchers (SSRC 1998). Although better accuracy is achievable with some of 
the alternative models, such as the Cardiff model (Porter et al. 1975), it can be argued 
that none of the other models retain the combined simplicity and accuracy of Basler's 
shear strength equations. The more accurate alternative models typically include explicit 
contributions from the girder flanges both in postulating the stress distribution (e.g., the 
extent of a tension field) in the web at failure, as well as in providing resistance due to 
frame action (i.e., plate bending of the flanges) after the web capacity is exhausted. 
These developments tend to complicate the strength prediction equations substantially. 
2.2.3 Lee and Yoo's Equations (1998) 
Lee and Yoo (1998) propose shear strength equations that are also based on the 
summation of an elastic buckling strength (Vcr) and a postbuckling strength (VPB). 
However, they consider the restraint provided by the flanges in calculating the web 
elastic buckling strength by using simplified equations for the shear buckling coefficient 
developed by Lee et al. (1996)2. Lee et al. (1996) determine that the buckling restraint 
from the flanges can be quantified sufficiently based on the geometric parameters do/D 
and tf/tw- Lee and Yoo's (1998) representation of the postbuckling strength is explained 
later in this section. 
Lee et al. (1996) studied the degree of restraint at the web-flange juncture numerically 
using elastic finite element models. Figure 2.2.6 shows an idealized model of a plate 
girder segment between two adjacent transverse stiffeners utilized by Lee et al. (1996) in 
their research. In order to simulate a state of pure shear, Lee et al. (1996) applied the 
shearing forces V and V(D/do) as shown in figure. Also, they imposed the displacement 
boundary conditions illustrated in Fig. 2.2.6. The variables studied in their research 
include do/D, D/tw, D/bf, and tf/tw. Lee et al. (1996) found that the mode shapes of web 
panels with relatively low values of tf/tw are essentially identical to the mode shapes of a 
2 Lee and Yoo (1998) also use a form of the elastic shear buckling equation with the coefficient 1.55 rather 
than 1.52 as shown in Eq. (2-95c). The coefficient of 1.55 is obtained when Tyw is taken as Fyw / V3 instead 
Of 0.6 Fyw. 
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plate with simply supported boundary conditions at the web-flange juncture. However, 
as the value of tf/tw increases, the mode shapes change from the simply supported case 
toward that associated with fixed support at the web-flange juncture. They also found 
that the buckling characteristics are identical in models with the two extreme values of 
D/tw examined in their study (D/tw =80 and 200). Based on these results, Lee et al (1996) 
concluded that the boundary condition at the web-flange juncture is close to a fixed 
support for high tf/tw ratios, and that the web slenderness ratio does not affect the 
buckling coefficient significantly. 
Constrained dofs, t 
left end of flanges (Typ) 
T 
Constrained dofs, / 
left end of web ^ 
V(D/do) 
Constrained dofs, 
right end of flanges (Typ) 
t 
Constrained dofs, / 
right end of web v " 
V(D/dQ) / 
D 
Figure 2.2.6. Typical segment of a plate girder web; panel between two adjacent 
transverse stiffeners, subjected to pure shear edge loading and with zero 
displacement boundary conditions (Lee et al. 1996). 
Lee et al. (1996) propose two equations to be used in the determination of the shear 
buckling coefficient. For — < —- < 2, they suggest 
k = k s s + j ( k s f - k j l - - 9 _ 
tf (2-104) 
tf and for —- > 2, they specify 
k = k s s + - ( k s f - k s s ) (2-105) 
100 
where kss and ksf are the regression formulas for the shear buckling coefficient provided 
in (SSRC 1998) for a plate simply supported on all sides, and for a plate fully fixed on its 
longitudinal edges and simply supported on its transverse boundaries: 
kss = 4 + 
5.34 fori. < i 
D 
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1.99 for ^2. > i 
D 
(2-106b) 
Bradford (1996) also studies the effect of restraint from the flanges on the web elastic 
shear buckling capacity, and develops charts for the shear buckling coefficient that give 
values very close to those predicted by Eqs. (2-104) through (2-106). 
For the contribution from postbuckling strength, Lee and Yoo (1998) conclude that, 
when the plastic shear force (Vp) is greater than the elastic shear buckling strength (Vcr), 
the postbuckling strength (VPB) is approximately equal to 40% of the difference between 
Vp and Vcr. Therefore, they suggest that the postbuckling strength can be predicted by 
VpB = 0.40(VP-Vcr) (2-107) 
They then obtain the nominal shear strength by adding VPB to Vcr. By introducing C, 
defined as the ratio of shear buckling strength to plastic shear strength (see Eqs. (2-94) 
and (2-95)), the base nominal shear strength equations proposed by Lee and Yoo can be 
expressed as 
Vn = VP(C + 0.4[1-C]) (2-108) 
Lee and Yoo (1998) state that the above equation is applicable only for web panels 
with relatively small initial out-of-fla.tness (equal to D/120000). Furthermore, they 
observe that due to web initial out-of-flatness and the postbuckling response, significant 
plate bending occurs within the web prior to the development of the maximum shear 
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strength. They conclude that a significant limitation of prior web strength models is that 
these plate bending stresses are not considered, and that their effects should be accounted 
for directly. To account for these effects, Lee and Yoo evaluate the shear strengths via 
finite element analysis for web panels with an initial out-of-flatness equal to D/120, 
which is within the fabrication tolerances for transversely-stiffened girders specified by 
AWS/AASHTO (1996). They find from their analysis results that, when the elastic 
shear buckling strength is greater than the 80 percent of the shear yield strength (i.e., 
when the web slenderness is smaller than that associated with the elastic to inelastic 
buckling web transition from Eq. (2-95b), D/tw < l . lOJEk/F^ ), the ultimate shear 
strength is reduced by approximately 20 percent due to initial out-of-flatness. On the 
other hand, the strength reduction due to initial imperfections for web panels with 
D/tw > 2.20JEk/Fyw is found to be insignificant. Furthermore, for the range of web 
slenderness ratios between these two limits, Lee and Yoo report that the strength 
reduction varies almost linearly from 20 to zero percent. Therefore, they propose a 
reduction factor to represent the influence of initial imperfections as 
R = 0.8 for — <1.10 — (2-109a) 
R = 0.8 + 0 . 2 - 4 ^ for 1.10 p ^ < — < 2.20 p ^ (2-109b) 
y yw w V yw 
and 
D Fk 
R=1.0 for — >2.20 — (2-109c) 
yw 
The final form of the shear strength equation proposed by Lee and Yoo (1998) is thus 
Vn = R VP(C + 0.4 [1 - C]) (2-110) 
Based on the results of the current research, the authors find that the use of the shear 
buckling coefficient from Eq. (2-104) generally gives an improvement in the prediction 
of elastic shear buckling strength (see Section 8.2); however, Eq. (2-110) yields 
nonintuitive results for the postbuckling strength. Figure 2.2.7 plots VPB/VP and 
(Vn - Vcr)/Vp from Eqs. (2-107) and (2-110) versus the panel aspect ratio for an I girder 
with Fyw = 345 MPa (50 ksi), D/tw =160 and Vtw >2. It can be stated that VPB in these 
equations is the unreduced postbuckling resistance, and that (Vn - Vcr) is the actual 
postbuckling resistance after the imperfection factor R is applied. It can be seen that Eq. 
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(2-107) predicts a slight increase in VPB as the panel aspect ratio is increased, and that 
when the postbuckling strength is interpreted as (Vn - Vcr), this increase is accentuated. 
Figure 2.2.7. Predicted ratio of VPB/VP and (V„ - Vcr)/Vp from Eqs. (2-107) and 
(2-108) as a function of d</D for a girder with D/tw =160 and tf/tw > 2. 
Equation (2-107), i.e., the assertion that the postbuckling resistance VPB is constant at 
40 percent of the difference between the plastic shear and elastic buckling strengths, is 
simply a coarse approximation of the postbuckling strengths observed in full nonlinear 
finite element analyses of nearly flat web panels (out-of-flatness of D/120,000) with the 
idealized load and displacement boundary conditions shown in Fig. 2.2.6 (Lee and Yoo 
1998). It does not have a theoretical basis. However, the buckling load Vcr generally 
decreases with increasing panel aspect ratio; therefore, the postbuckling resistance 
estimated by Eq. (2-107) (or based on (Vn - Vcr), with Vn obtained from Eq. (2-108)) 
tends to increase with increasing d</D. This is contradictory to prior experimental and 
analytical research (e.g., Basler 1961b and Porter et al. 1975) as well as results from this 
research presented in Chapter VIE. The correct contribution from the postbuckling 
strength tends to decrease as the panel aspect ratio is increased. 
Nevertheless, the observation by Lee and. Yoo (1998; 1999a) that significant plate 
bending exists in web panels at their shear strength limit state, and that these actions may 
influence the web shear capacity, are in the view of the authors important new 
developments. Furthermore, Lee and Yoo provide evidence in their papers that 
anchorage of a tension field by the flanges is not necessary for the development of 
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postbuckling strength. They observe in their finite element and experimental studies that 
the flange plate-bending stresses do not increase noticeably to any degree after the 
buckling strength of the web is exceeded. Furthermore, they show that at the maximum 
shear capacity of the web, the plate bending stresses in their flanges are typically small 
(i.e., much smaller than that required to initiate a flange plastic collapse mechanism), and 
that the flange rigidity appears to have little effect on the postbuckling strength of web 
panels. 
Lee and Yoo provide the theoretical sketch shown in Fig. 2.2.8a to explain that, after 
buckling, additional shear stresses equal to x - xCT can equilibrate the diagonal tension, at; 
therefore, there is no need for any anchoring system from the flanges. However, their 
argument via this sketch requires an equal compressive stress due to tension-field action 
on the other diagonal of the differential element. Conversely, additional diagonal 
membrane compressive stresses (if any) must be smaller than the incremental diagonal 
tension stresses after shear buckling occurs. Therefore, some transverse loading on the 
flanges would still be expected within the postbuckling range of the behavior based on 
this sketch. 
Marsh and Ajam (1987) and Marsh et al. (1988) provide a more precise theoretical 
argument for development of postbuckling strength without anchorage from the flanges. 
Fig. 2.2.8b summarizes their explanation. Based; on Mohr's circle, it can be concluded 
that significant diagonal tension, along with a smaller diagonal compression in the other 
principal direction, can be developed at the web-flange boundary without the 
development of any transverse loading on the flanges. Marsh and Ajam (1987) further 
explain that 
"In practice, for an imperfect panel, the stress is never uniform and, as the 
panel distorts after the bifurcation stress is reached, the distribution is 
radically modified. The diagonal strips in compression are shorter the closer 
they are to the 'tension corner' and thus can sustain higher stresses before 
buckling. In the corner, where the strips are very short, the yield stress in 
shear can be resisted along the boundary. At this stage, in the corner, the 
principal tension and compression stresses are then equal to half the yield 
stress in tension [based on the Tresca yield criterion]. In this limiting 
condition, the shear stress varies along the boundary from a value close to 
the initial critical shear stress at one end, to the yield stress in shear at the 
other. The system is elastic and requires only that the flanges have axial 
rigidity, as no stress normal to the boundary is postulated.... For long panels 
with end stiffeners only, the direction of the principal stresses is rotated in 
such a manner that an increasing shear force can be sustained with a 
constant principal compressive stress equal to the critical shear stress...." 
Unfortunately, the strength prediction model proposed by Ajam and Marsh (1991) 
requires consideration of the flange proportions and loading due to vertical bending in 









Figure 2.2.8. Diagonal tension and lack of a need for anchorage from the flanges: 
(a) Differential element in the web, at the web-flange juncture, after buckling (Lee 
and Yoo 1998) and (b) Stress state illustrated by Ajam and Marsh (1991). 
It is clear from Lee and Yoo's (1999) experimental research that the failure of a web 
panel in shear can occur prior to the development of plastic hinges in the girder flanges. 
However, it should be noted that the girders studied experimentally by Lee and Yoo 
(1999a) have a small ratio of the area of the web to the average area of the flanges 
(2Aw/(AfC + Aft) in their ten experimental tests ranges from 0.60 to 1.23), four of these 
tests have quite stocky flanges with bf/2tf < 5, and seven have compact flanges with bf/2tf 
< 6.65. For girders with smaller and more slender flanges, the bending of the flanges 
may be more significant. Furthermore, Marsh and Ajam (1987), Marsh et al. (1988) and 
Ajam and Marsh (1991) show significant enhancement in the shear capacity due to frame 
action in girders with heavy flanges. 
Lee and Yoo (1998) consider a wide range of flange sizes (i.e., flange rigidities) in 
numerical studies of the maximum shear strength of web panels. However, these studies 
are based on the idealized boundary conditions along the edges of the web panel shown 
in Fig. 2.2.6. It is suspected that their numerical results, particularly within the 
postbuckling range of the response, could be falsely skewed by the idealized applied pure 
shear loading along the web boundaries. This difficulty is circumvented within the 
current research by modeling complete girders with support and loading conditions 
exactly as would be utilized in experimental laboratory shear tests. Also, since the 
rotations are not restrained about a horizontal axis at the ends of the flanges in their finite 
element model (see Fig. 2.2.6), the development of frame action would be limited in their 
analysis predictions. 
Basler (1961b) also recognizes the behavior discussed above regarding anchorage 
from the flanges. He states regarding his experimental results, "Strain gages mounted on 
the flanges of the test girders confirm that the plate bending effect prior to ultimate load 
is negligibly small." Furthermore, Basler argues that although Eq. (2-103) would 
indicate that the flanges in his tests would be loaded substantially beyond their yield 
stress in plate bending, his theory is still acceptable. Gaylord (1961) also states that, 
105 
"The good correlation between predicted values and experimental results 
cannot be dismissed. For this reason, the author's analysis may be an 
acceptable prediction of the postbuckling behavior of thin-webbed girders 
for the practicable range of parameters in civil engineering practice." 
It should be noted that 2Aw/(Afc + Aft) is relatively low also in Basler's ten shear tests 
(ranging from 0.72 to 1.09, including the area of cover plates welded to the flanges in 
two of the tests) (Basler et al. 1960), and all of his flanges have bf/2tf = 8. As noted in 
Section 2.2.2, Aydemir (2000) considers larger 2 Aw/(AfC + Aft) and bf/2tf values in his 
finite element studies. These studies confirm the adequacy of Basler's (1961b) shear 
strength equations for straight girders up to 2Aw/(Afc + Aft) = 2.4. 
It should be noted that the shear strength equations proposed by Lee and Yoo (1998) 
are somewhat more complex than the corresponding current AASHTO LRFD (2001) 
equations, due to the calculation of the more accurate shear buckling coefficient, and due 
to the application of the imperfection factor R in the nominal capacity equations. 
Nevertheless, if these equations provide significantly more accurate results, their minor 
additional complexity may be merited. Unfortunately, the results of this research, the 
research reported in (Zureick et al. 2001), and Aydemir's (2000) research indicate that 
Eq. (2-110) does not perform as well as the current AASHTO LRFD (2001) equations. 
2.2 J Modified AASHTO LRFD Equations 
It is desirable to maintain the simplicity of the current AASHTO equations as much 
as possible in considering any potential enhancements in predictors of the shear capacity. 
One possible approach considered in this research is the use of the shear buckling 
coefficient equations proposed by Lee et al. (1996) for calculation of the buckling 
strength, along with Basler's model for the postbuckling strength, within the present 
AASHTO shear strength equation (Eq. 2-103). As shown later in Chapter VIII, Lee and 
Yoo's shear buckling coefficient gives significantly improved predictions of the shear 
buckling load for the girders studied in this research, compared to the use of the current 
AASHTO shear buckling coefficient (Eqs. 2-96). The resulting shear strength equations 
are referred to here as the modified AASHTO equations. Also, Chapter VIII shows that, 
of the equations considered in this research, the best predictions of the maximum shear 
capacities are obtained from this approach. 
It is interesting to evaluate the application of Lee and Yoo's shear buckling 
coefficient in conjunction with the true as well as the original Basler equations. Figures 
2.2.9 and 2.2.10 compare the results for both of these models for panel aspect ratios 
(do/D) of 1 and 3. A value of tf/tw > 2 is assumed. These figures parallel Figs. 2.2.4 and 
2.2.5 so that the effect of the modified shear buckling coefficient also can be ascertained. 
The term Vn(onginai Basler) represents the modified AASHTO equations using Basler's 
original solution for tension field action, as adopted in the current AASHTO LRFD 
equations, whereas the term Vn(True Basler) represents the modified AASHTO equations 
using the true Basler solution for tension field action. 
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Figure 2.2.9. Shear strengths by Raster's original equations, the true Basler 
solution, and the web shear buckling formulas for girders with d0/D = 1 and tf/tw > 2 
— shear buckling strength calculated by Basler's equations (Eqs. 2-95) using the 
shear buckling coefficients by Lee et al. (1996). 
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Figure 2.2.10. Shear strengths by Basler's original equations, the true Basler 
solution, and the web shear buckling formulas for girders with do/D = 3 and tf/tw > 2 
— shear buckling strength calculated by Basler's equations (Eqs. 2-95) using the 
shear buckling coefficients by Lee et al. (1996). 
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It can be observed that the modified AASHTO equations based on the true Basler 
solution yield significantly conservative predictions compared to the modified AASHTO 
equations with Basler's original tension field equation. The ratio of the shear capacity 
obtained from the modified equations using the original Basler solution to that using the 
true Basler strength ranges from 1.02 to 1.24 for do/D = 1 as D/tw varies from 100 to 160, 
and from 1.04 to 1.24 for do/D = 3. Based on the significantly higher strengths associated 
with the original Basler solution, and based on the lack of significantly unconservative 
results with Basler's original equation (Eq. 2-103) relative to tests and finite element 
analyses considered in this research, only the original Basler postbuckling strength 
contribution is considered further in this research. However, both the corresponding 
AASHTO (2001) and modified AASHTO equations are evaluated. 
By comparing the results based on the original Basler postbuckling strength in Fig. 
2.2.9 to those in Fig. 2.2.4, it can be observed that the increase in the predicted shear 
capacities for do/D = 1 associated with the use of Lee and Yoo's (1996) shear buckling 
coefficient ranges only from 1.03 to 1.06. In other words, for small transverse stiffener 
spacing (do/D < 1), the difference in the maximum shear strengths predicted assuming 
simply-supported boundary conditions at the web-flange junctures versus assuming 
substantial restraint from the flanges is small. However, by comparing Figs. 2.2.10 and 
2.2.5, it can be determined that the corresponding increase in capacities for do/D = 3 
ranges from 1.33 (at D/tw = 100) to 1.19 (at D/tw = 160). These comparisons are shown 
for several values of do/D in Fig. 2.2.11. 
2.2.5 Recommended Equations 
Based on the results of this and other contemporary iresiearph, it is recommended that 
as a minimum the AASHTO LRFD (2001) equations, including tension-field action, 
should be adopted to quantify the maximum shear strength of ibjpth straight and 
horizontally-curved I girders. These equations provide a simple and acceptable 
prediction of the shear strength. From consideration of maximum strength alone (other 
issues are addressed below), the current research shows that the limits on the web 
slenderness and panel aspect ratios in the Recommended Specifications can be relaxed. 
The limit of do/D < 3 for designing girders as transversely stiffened, as required by the 
current AASHTO LRFD (2001) straight-girder Specifications, is found to be adequate 
also for curved I girders with LD/R < 0.10. Since the shear strength data for transversely-
stiffened I girders with a large ratio of the area of the web to the area of the flanges is 
very scarce, it is suggested that 2Aw/(Afc + Aft) = 2.4 be taken as a practical upper limit 
for including the contribution of tension field action to the shear strength. 
The modified AASHTO LRFD equations (see Section 2.2.4) are found to provide the 
best accuracy of the equations considered. The improvement in accuracy and the 
increase in the nominal shear strength relative to the current equations are minor for small 
do/D values, but they are significant for large panel aspect ratios. Therefore, the modified 
AASHTO equations should be given serious consideration. The current AASHTO LRFD 
(2001) shear strength equations tend to give liberal predictions for small do/D values (see 
Section 2.2.2). The modified AASHTO LRFD equations tend to give liberal strength 
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predictions for some cases with intermediate tiVB values (see Section 8.1.1). When 
combined with appropriately derived resistance § factors, it is expected that the factored 
design shear strengths with the modified AASTHO equations will be slightly more 
conservative than the current AASHTO equations for small dJD. However, the factored 
shear strengths will likely be significantly larger than the values predicted by the current 
AASHTO equations for large do/D values. 
100 110 120 130 140 150 160 
D/tw 
Figure 2.2.11. Ratio of Vra from modified AASHTO equations to Vn based on 
current AASHTO equations for girders with tf/tw > 2. 
The above recommendations are focused on transversely stiffened I girders of Grade 
345 steel, with D/tw values up to 160. It should be noted that Lee and Yoo (1998) show 
substantial overprediction of the web shear capacity by Basler's (1961b) equations for 
larger web slenderness and dVD < 1.5. Further discussion of these recommendations is 
provided in Section 8.4. 
There is one major issue that still needs to be addressed before the more accurate 
shear buckling coefficients from the research by Lee et al. (1986) can be adopted 
universally within the AASHTO LRFD (2001) Specifications. The current specifications 
restrict the shear stresses within I girder webs to the elastic buckling stress under fatigue 
loading conditions, based on the assumption of simply-supported boundary conditions at 
the flanges. Montgomery (1987) observed that girders tested under fatigue loading above 
the elastic shear buckling capacity - based on the current AASHTO LRFD (2001) 
equations - generated cracks along the welds connecting the web to the flange and also to 
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the stiffeners. The implications of the use of the more accurate shear buckling 
coefficients on this check needs to be investigated before these coefficients can be 
applied to these provisions. However, short of reinvestigating these fatigue limits, the 
shear buckling coefficients based on simply-supported boundary conditions at the flanges 
can be utilized for the fatigue provisions, and the more accurate shear buckling 
coefficients can be utilized for checking of maximum strength. 
Prior to liberalizing the shear strength provisions as described above, further research 
on the fatigue strength of curved girder webs would be useful. As noted previously, the 
most recent experimental research regarding fatigue of curved I girder webs was 
conducted by Daniels and Herbein (1980). Based on this research, limits on web 
slenderness were proposed as summarized in Section 2.2.2 (see (Eq. 2-51)). If the 
Recommended Specification provisions for web design are liberalized, this equation, or a 
modified form of this formula based on further research, might be adopted to address 
fatigue issues. Alternatively, it is possible that checks based on web buckling under 
fatigue loading conditions might be sufficient up to some limit on the horizontal 
curvature. The reader is referred to Section 2.2.2 for a discussion of these issues. 
2.3 MOMENT-SHEAR INTERACTION 
2.3.1 Recommended Specifications 
Interaction between moment and shear is not considered in the Recommended 
Specifications (Hall and Yoo 1998) for neither stiffened nor unstiffened curved I girders. 
This is also the practice in the AASHTO Guide Specifications (AASHTO 1993). Hall 
and Yoo (1998) explain that, for unstiffened webs, the bend-buckling coefficient is 
lowered to 7.2 to provide some conservatism for cases where unstiffened web panels are 
subjected to both high shear and high moment (note that (AASHTO 2001) also assumes 
k = 7.2 for calculation of Rb in girders with Dc > D/2). Also, for stiffened webs, the 
postbuckling strength in bending and shear is not included within the member design 
equations. As a result, there is no need to check moment-shear interaction for either 
stiffened or unstiffened webs. 
2.3.2 AASHTO LRFD (2001) 
The design strength curve for moment-shear interaction in the current AASHTO 
LRFD Specifications (2001) is shown in Fig. 2.3.1. This curve is based largely on the 
research by Basler (1961c). Reduction in the shear capacity due to bending moment is 
assumed to be negligible when M < 0.75 Mn. Similarly, the reduction in bending 
capacity resulting from coincident shear is ignored when V < 0.60Vn,. However, when 
either of these limits is exceeded, plate girders with webs designed for tension-field 
action must satisfy the following flexure-shear interaction check: 
M V 
— + 0.625— < 1.375 (2-111) 
Mn Vn 
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For unstiffened girders and for other girders designed based only on the shear buckling 
strength, AASHTO LRFD (2001) does not require any moment-shear interaction check. 
Equation (2-111) is a conservative fit to analytical moment-shear interaction curves 
developed by Basler (1961c), and to Basler's experimental test data, feasler bases his 
conclusions regarding moment-shear interaction largely on a theoretical lower-bound 
plastic analysis of the web, considering possible states of stress that are in equilibrium 
with the applied moment and shear, yet nowhere violate the yield condition. In this 
analysis, he assumes that the section can attain the plastic moment capacity in the 
absence of shear, and that the plastic flanges, by themselves, resist the moment at the 
maximum shear capacity of the section (associated with uniform shear yielding within the 
web). He takes the cross-section yield moment My as the design moment capacity. 
0.0 0.2 0.4 0.6 
M/M„ 
0.8 1.0 1.2 
Figure 2.3.1. AASHTO LRFD (2001) moment-shear interaction for panels designed 
based on tension-field action versus theoretical M-V interaction curves from 
Basler's (1961c) developments. 
Figure 2.3.2 shows the stress distributions associated with the moments used in 
Basler's derivation. Based on the assumption of a homogeneous doubly-symmetric I 
section, the moment resisted by the flanges when they are fully yielded is computed as 
Mf=AfFyD (2-112) 
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Furthermore, Basler calculates the corresponding contribution of the web to the yield 
moment as 
FyAwD 
M,„ = — (2-113) 
such that the yield moment can be approximated as 
( 
Mv = M f +MW =A f F D 
1 A, \ 
1 + -11IW 
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Figure 2.3.2. Reference moments utilized by Basler (1961c). 
Basler develops his theoretical moment-shear interaction relationship by assuming 
that a central portion of the web of depth Dwy yields in shear as shown in Fig. 2.3.3. The 
remaining plastic section is assumed to be available to resist the moment. The nominal 
shear resisted by the middle portion of the web is taken as 
V -L'wy t\y Ty (2-115) 
Therefore, Basler obtains 
P. 
(2-116) 
Basler's remaining flexural capacity is thus 
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Figure 2.3.3. Shear and moment strengths under combined bending and shear. 
Finally, if we divide Eq. (2-117b) by Eq. (2-114), we obtain 
A, 
M ' 1VAn _ 
M „ 
1 + ^ w . 
4Af 
f ( ^l\ 
' V ^ 1 
V V P V J 
i + i 
6 
^-w 
v A f y 
(2-118) 
Based on Eq. (2-118), it can be observed that the theoretical reduction in the moment 
capacity due to shear depends on the ratio of the applied web shear force to the web shear 
capacity (V/Vp) and on the ratio Aw/Af. Easier then considers that for practical girders, 
Aw/Af will be less than or equal to two. This analysis has subsequently been 
extrapolated to represent a theoretical M-V strength interaction curve for plate girders by 
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replacing My in Eq. (2-118) by the nominal moment capacity in the absence of shearing, 
Mn < My, and by replacing Vp in this equation by the nominal shear capacity (including 
the postbuckling strength) in the absence of bending moment, Vn < Vp. The resulting 
curves are shown in Fig. 2.3.1 for Aw/Af =1,1.5 and 2. It can be seen that when 
Aw/Af = 2, M n ' = 0.75My at V/Vp = 1 in Eq. (2-118). 
There are several places where potentially conservative assumptions are introduced in 
the above developments: 
• In the lower-bound plastic analysis of the web. Basler (1961 c) shows an alternative 
lower-bound solution that produces less severe moment-shear interaction for the 
compact-section assumptions utilized in his derivation. 
• In the selection of Aw/Af = 2 as a practical upper-bound value for substitution into Eq. 
(2-118). Note that for Aw/Af > 2, Eq. (2-111) is unconservative relative to the 
theoretical M-V interaction equations. 
• In setting Vp to Vn and My to Mn in Eq. (2-118). In a typical plate girder, Vn is 
significantly smaller than Vp and Mn is somewhat smaller than My. As a result, it is 
possible that the interaction effects are less severe than inferred by Basler's lower-
bound plastic analysis. The actual stress state in the web of a slender-web plate girder 
subjected to high moment and high shear is of course very different than the simple 
stress-distribution assumed in Basler's derivation. 
• In neglecting the potential benefit of localized strain-hardening within the web panel. 
For the only type of cross-section that Basler's analysis strictly applies (i.e., a 
compact web section), plastic design research has shown that the corresponding 
moment-shear interaction can be neglected (ASCE-WRC 1971). 
• In approximating the lower-bound plastic analysis results for the moment-shear 
interaction by a linear equation (although it can be observed from Fig. 2.3.1 that a 
linear relationship between 0.6Vn and Mf represents Basler's theoretical predictions 
rather well). 
• In the conservatism of the nominal design Mn and Vn values relative to the actual 
girder capacities for many (but not all) cases. In many girders, even though there is 
some small reduction in strengths due to high moment and high shear, all the data 
points for the strengths (M, V) fall outside of the rectangular box defined by the 
nominal girder moment and shear capacities. 
Therefore, it is to be expected that in many practical situations, the actual strength under 
the action of high moment and high shear is significantly greater than implied by the 
AASHTO LRFD (2001) M-V interaction equation (Eq. 2-111). 
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Furthermore, as noted in Chapter I, Aydemir (2000) observes that Easier introduces 
conservative assumptions in comparisons of his experimental test data to his moment-
shear interaction curves. Basler (1961c) discusses that, based on the fact that local 
buckling does not occur at the maximum moment location in his tests (due to the 
presence of a transverse stiffener at that location), the proper position for calculating the 
applied moment for the M-V interaction check is at a minimum of (D/2, d0/2) from the 
maximum moment point. This interpretation is incorrect. The proper location for 
checking the flexural s t rength^ conditions of low shear is the peak moment location. 
At regions subjected to high shear and high bending moment, the moment drops rapidly 
as we move away from this position. This drop is required for satisfaction of 
equilibrium, and is not due to M-V interaction. Therefore, by using the moment at min 
(D/2, do/2) for checking moment-shear interaction, Basler inadvertently introduces a false 
magnification of the M-V interaction behavior for high moment and high shear. Basler 
(1961c) shows data points on moment-shear interaction plots using both the moment at 
min(D/2, dJ2) and Mmax. His data points based on the moment at min(D/2, do/2) show 
only minor reduction in the moment capacity due to the presence of high shear, relative to 
the AASHTO LRFD (2001) bending strength Mn, and his data points based on Mmax 
clearly show negligible M-V interaction. 
Aydemir (2000) surveys the literature for other M-V interaction tests of transversely-
stiffened girders and concludes that the available test data is sparse, but that of the tests in 
the literature, no significant moment-shear interaction is found if the maximum panel 
moment is used3. Aydemir then conducts refined finite element studies of a number of 
straight hybrid I girders, and shows that if the maximum panel moment is always used, 
the resulting finite element based capacities are reduced below the nominal design shear 
capacities - without consideration of any moment-shear interaction - by a maximum that 
is about the same magnitude as for the largest unconservative predictions associated with 
the shear strength equations (both with the current AASHTO (2001) and the modified 
AASHTO shear strength formulas). It can be shown that if the value of M at the 
maximum moment location in the panel is always used in the design checks, the 
statistical distribution of the strengths obtained in experimental and finite element based 
high-moment high-shear tests, relative to either the nominal moment capacity or the 
nominal shear capacity, whichever controls (without the consideration of any moment 
shear interaction), is actually better than the statistical distribution of the strengths 
relative to the nominal capacity predicted by the current AASHTO and recommended 
modified AASHTO shear strength formulas for high-shear low-moment tests. These 
conclusions are considered to be valid for girders with 2Aw/(Afc + Aft) up to 2.4. 
3 Lee and Yoo (1999a) present results for one high-moment high-shear test (G10) that exhibits some of the 
largest strength reduction due to M-V interaction of the transversely-stiffened girder tests documented in 
the literature. They report a maximum shear strength in their test of 0.93 of the shear strength predicted by 
Basler's original equations, which is consistent with the observations by Aydemir. Based on the equations 
presented in this report and the material data reported by Lee and Yoo, the authors obtain a ratio of the 
shear strength in this experimental test to that predicted by the AASHTO LRFD (2001) equations of 1.03. 
The ratio of the measured test capacity to the predicted flexural strength from the modified AASHTO 
LRFD (2001) strength equations recommended in this research (see Section 2.1.1) is 1.00. 
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Based on Aydemir's work, it can be inferred that the M-V interaction effects might be 
absorbed into the calculation of the resistance factors in LRFD, thus eliminating the need 
for M-V interaction checks within the I girder design process. Unfortunately, Aydemir 
(2000) did not include residual stresses in many of his analyses pertaining to M-V 
interaction. His analyses with residual stresses included show slightly more rounding of 
the moment-shear strength interaction for high moment and high shear, and lower 
flexural strength. It can still be concluded from these analyses that M-V interaction in 
straight hybrid I girders is minor. However, further finite element studies are needed to 
consider the effect of residual stresses on the moment-shear interaction behavior for a 
wide range of girder geometries, and further experimental tests are needed to confirm the 
finite element predictions. In this research, a large number of finite element solutions are 
generated for curved homogeneous I girders, including the consideration of residual 
stresses. 
One aspect of bridge design that should be factored into the consideration of the 
recommended potential changes is that in most (if not all) cases, engineers check M-V 
interaction based on maximum envelope values for the shear and moment. This 
introduces further conservatism into the M-V interaction check, since the true strength is 
influenced only by the concurrent values of the moment and shear. It is expected that the 
over-prediction of the combined moment and shear values based on the moment and 
shear envelopes more than compensates for the minor unconservatism that occurs for 
some cases due to neglecting M-V interaction. Furthermore, in composite I girders, 
there is an incidental contribution from the bridge deck to the shear strength. This 
contribution is generally not included in steel I girder design, but its influence on the 
shear strength can be significant. 
2.3.3 Recommendations 
Figure 2.3.4 summarizes the analysis results from all of the tests within the primary 
suite of the parametric studies conducted in this research (see Section 5.3). These studies 
include uniform vertical bending tests, shear strength tests with loadings applied to 
produce the maximum possible V/M within the test segment, and high-shear high-
moment tests in which the ratio of V to M is reduced from that of the shear strength tests. 
All the girders in the primary test suite are doubly symmetric. Test results for 
monosymmetric I girders are discussed later in the report; these results are similar to 
those shown in the figure. 
In Fig. 2.3.4, the nominal moment capacity based on the proposed one-third rule is 
used for Mn, and the nominal shear capacity based on the modified AASHTO shear 
strength equations (see Section 2.2) is used for Vn. The term V is the shear within the 
critical test length when the capacity of the specimen is reached, and M is the maximum 
vertical bending moment within the critical unsupported length at the limit load of the 
test, based on full nonlinear finite element analyses as specified in Chapter III. 
Since in the one-third rule, Mn depends on the flange elastic lateral bending stress f̂ , 
it is important to explain the procedure for determining the M/Mn values for the data 
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points in Fig. 2.3.4. Subsequent to the execution of the full nonlinear analyses to 
determine the capacities M and V, each of the specimens is subjected to a first-order 
elastic analysis with the same ratio of th6 applied loadings (as well as MTV) as employed 
within the corresponding full nonlinear analysis. An open-walled section curved beam 
finite element is utilized for these analyses4. These first-order elastic analyses are used 
to calculate the maximum ratio of f/fb within the test segment, which is a constant for all 
load levels in each test (since the analysis is first-order). This ratio is then substituted 
into Eqs. (2-90), and these equations are solved for the single unknown, fb, corresponding 
to the nominal vertical bending strength. This value of fb is then multiplied by the elastic 
section modulus to obtain Mn. The above design analysis lateral bending stresses are a 
lower-bound estimate of the second-order elastic stresses that would exist in the actual 
girders, including the effects of web distortion. Therefore, the vertical bending strengths 
Mn computed using these f/fb values tend to be liberal relative to the strengths computed 
with accurate second-order elastic stresses, and the M/Mn values within Fig. 2.3.4 tend to 















x * ^c ** I V ' ^ / * 1 ' * * : x Y / x x£ 
• Uniform Vertical Bending 
xMaxV/M 
A High-Shear High-Moiment 
• Max V/M tests that fail by lat. bending 
**x xx 
0.2 0.4 0.6 0. 1.0 1.2 1.4 1.6 
M/M n(l/3 rule) 
Figure 2.3.4. Moment-shear interaction results from the primary finite element 
parametric studies conducted in this research. 
4 As noted in Sections 1.2 and 1.5, second-order elastic shell finite element models are utilized for 
calculation of the elastic design analysis stresses in the majority of this research, to account for potential 
web distortion effects. ' 
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The lack of any significant moment-shear interaction is even more apparent here than 
in Aydemir's (2000) straight-girder studies. In fact, it can be seen that there is no 
evidence of any moment-shear interaction in Fig. 2.3.4, in spite of the use of first-order 
elastic design analysis to determine ft This is not surprising once it is understood that the 
behavior in Fig. 2.3.4 actually corresponds to a three-way interaction: vertical bending 
moment, lateral flange bending moment, and vertical web shear. The combination of 
moment gradient (equal to the web shear force) and smaller flange lateral bending 
moments produces an increase in the flexural capacity in the high-shear high-moment 
loading cases. Also, the maximum moment occurs at a brace location in the high-shear 
high-moment tests, as well as in typical cases of high-shear high-moment in bridge 
structures. 
Figure 2.3.4 illustrates that the one-third rule is generally conservative in predicting 
the maximum strength for the high-shear high-moment test cases. On this basis, pending 
experimental confirmation of these results, the authors recommend that moment-shear 
interaction does not need to be considered in horizontally-curved I girders. Also, as 
noted previously, based on Aydemir's research (2000) and parallel experimental and 
finite element studies at the University of Missouri at Columbia and at the University of 
Nebraska, it is expected that it may be possible to eliminate moment-shear strength 
interaction checks for a wide range of straight I girder proportions. 
Figure 2.3.4 also shows significant scatter in the strengths for tests that are controlled 
by shear. However, the scatter in the shear strength predictions in this figure is reduced 
significantly compared to that associated with the current AASTHO LRFD (2001) shear 
strength equations. That is, the modified AASTHO shear strength equations give overall 
improved predictions of the shear strengths, although many of the data points for the 
shear tests are somewhat unconservative. The reader is referred to Chapter VIII for 
detailed discussions of these findings. 
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CHAPTER III 
FINITE ELEMENT MODELING 
3.1 OVERVIEW 
The analysis studies in this research are conducted with the finite element software 
ABAQUS version 5.8-14 (HKS 1998a). The general-purpose shell element type S4R is 
used to model all of the plate components of the girders (i.e., the web, the top and bottom 
flanges, and the stiffeners) in the majority of the studies. This is a large strain shell 
element based on the exact geometric description of the large rotation kinematics. The 
element allows for transverse shear deformation, but the Kirchhoff thin shell assumption 
is matched as the shell thickness decreases (HKS 1998c) as would be expected 
physically. Five integration points and a trapezoidal integration rule are used through the 
thickness of the shell element. A J2 plasticity model (incremental flow theory) with 
multi-linear isotropic hardening is utilized in all the full nonlinear analyses. The B320S 
curved beam element is employed for geometrically linear (i.e., first order) analyses to 
obtain elastic design analysis stresses in some of the studies. This element also allows for 
transverse shear deformation, and includes a seventh nodal degree of freedom at its two 
end nodes that accounts for warping of open-walled cross-sections. 
The numerical solution provided by the finite element models tends toward the 
"exact" solution, for a given structural idealization, with increasing mesh density. 
However, high mesh refinement can significantly increase the solution time. Preliminary 
studies by the authors indicated that ten shell elements across the width of the flange and 
20 elements through the depth of the web give converged results in the prediction of the 
girder capacities. However, a discretization of 20 elements across the width of the 
flanges and through the depth of the web is utilized in all the studies unless noted 
otherwise. The number of elements in the direction of the girder length is set to maintain 
an element aspect ratio of approximately one in the web panels. Somewhat larger aspect 
ratios are generally acceptable within the flanges because these components are subjected 
predominantly to longitudinal normal stresses. 
Additional important modeling issues and details are described in the following 
sections. Section 3.2 explains the material stress-strain representations used within all the 
full nonlinear finite element analyses. In Section 3.3, the idealizations of the support 
conditions, the loading application, cross-frame or bracing members, and connectivity 
between web stiffeners and the flanges are explained. Next, in Section 3.4, the modeling 
of initial geometric imperfections is described. This is followed by a discussion of the 
residual stress idealization in Section 3.5. The chapter concludes with an explanation of 
the procedure employed for calculating the stresses in the elastic design analyses (Section 
3.6). 
119 
3.2 STRESS-STRAIN REPRESENTATION 
All of the parametric studies in this research are conducted based on idealized 
properties of A572 Grade 50 steel. Experimental data obtained from coupon tests of one 
of the bending specimens tested at the FHWA Turner-Fairbank Laboratory (Fig. 3.2.1) is 
used as a basis to develop representative stress-strain curves. The experimental 
engineering stress-strain data is converted to a multi-linear representation of a nominal 
true stress-strain curve, which is then input for the finite element analyses. This process 
is conducted as follows: 
1. The ordinate of the experimental engineering stress-strain curve is scaled such that 
Fy = 345 MPa (50 ksi) (see Fig,. 3.2.1). 
2. The data from the above scaled curve is converted to true stress-strain using the 
following equations (HKS 1998b): 
6true = ln(l+6eng) (3 -1 ) 
^true = tfeng(l+£eng) (3 -2 ) 
where e^g is the engineering strain and tfeng is the engineering stress. This is shown as 
the solid line curve in Fig. 3.2.2. 
3. A multi-linear curve is then fit to the curve obtained in step 2 using an approximate 
(visual) least squares approach. This curve is indicated by the dashed curve with the 
labeled data points in Fig. 3.2.2. 
The elastic modulus of the material is assumed at E = 200,000 MPa (29000 ksi). "Strain 
hardening" begins within the multilinear curve at a strain of 0.0209 mm/mm, which is 
12.1 times the yield strain. The initial strain-hardening modulus of the multi-linear true 
stress-strain curve (Est)true is 2590 MPa (375 ksi). This is somewhat low compared to 
typical reported values for strain-hardening stiffness, and is a by-product of the scaling 
operation to normalize the yield strength to 345 MPa (50 ksi). The scale factor 
employed in step one above is 450/345 = 1.3. However, it should be noted that the scaled 
value for the ultimate engineering stress is 580/1.3 = 450 MPa (65 ksi) based on the curve 
shown in Fig. 3.2.1. Since 450 MPa (65 ksi) is specified as the minimum ultimate stress 
for A572 Grade 345 material, it is felt that the scaled nominal true-stress-strain curve 
developed here is an optimum representation of the nominal material characteristics. It is 
believed that typical reported values for the strain-hardening modulus are larger than the 
value of 2590 MPa typically because the actual ultimate stress is significantly higher than 
the ASTM minimum required value. Furthermore, by using (Est)true
= 2590 MPa for the 
strain-hardening modulus, it is felt that the effect of strain-hardening is represented in an 
approximate lower-bound sense. 
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Figure 3.2.1. Typical engineering stress-strain curve for A572(345) steel and 
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Figure 3.2.2. True stress-strain curve used in parametric studies. 
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Similar procedures are utilized to obtain representative engineering and true stress-
strain curves for the analysis of experimental tests conducted in this research, as shown in 
Figs 3.2.3 and 3.2.4. However, the ordinate of the physical stress-strain curves is not 
scaled in these analyses. 
Figure 3.2.3 shows typical multi-linear engineering and true stress-strain curves used 
in the analysis of the Mozer-Culver tests (Mozer et al. 1970, 1971 and 1973). Mozer et 
al. report only the yield and ultimate tensile strengths and the modulus of elasticity. 
Therefore a representative value of est = 0.014 mm/mm and Est = 6200 MPa (900 ksi) for 
A36 steel according to (Salmon and Johnson 1996) and (Brockenbrough and Johnston 
1968) is assumed in this study. For these tests, a simple multi-linear representation of the 
engineering stress-strain response is employed: a flat yield plateau, followed by linear 
strain-hardening up to the ultimate strength, and a constant engineering stress subsequent 
to reaching the ultimate strength. This engineering stress-strain curve is converted to a 
true stress-strain curve for input to the analysis by application of the equations discussed 
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Figure 3.2.3. Typical engineering and true stress-strain curves used in the analysis 
of the Mozer et al. tests - flange of test LI-A. 
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Figure 3.2.4 shows typical engineering and true stress-strain curves used in the 
analysis of FHWA Turner-Fairbank Laboratory bending test specimens. The specific 
curves shown here are developed from coupon tests of the compression flange of 
specimen Bl. In these analyses, two linear segments are utilized for representation of the 
strain-hardening region of the engineering stress-strain curves. The first segment starts at 
the strain-hardening strain sst and has a specified modulus equal to the initial strain-
hardening modulus determined by Zureick and Kim (2000). The second segment starts at 
an engineering stress of Fy + 0.667(FU - Fy), and it connects this point on the first 
segment with the point (EU, FU). This curve is then converted to the corresponding true 
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Figure 3.2.4. Typical engineering and true stress-strain curves for analysis of 
Curved Steel Bridge Research Project tests - compression flange of tests Bl to B4. 
It should be noted that the effect of the differences in the multi-linear representation 
of the strain-hardening responses in Figs. 3.2.2, 3.2.3 and 3.2.4 is minor since the strain-
hardening strain is typically not significantly exceeded except within very localized 
regions such as the folds of local buckles. Furthermore, these localized large strains 
typically do not occur until well into the post-peak response of the tests. 
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3.3 MODELING OF SUPPORTS. LOAD APPLICATION. CROSS-FRAMES OR 
BRACING. SPLICES AND STIFFENE&FLANGE CONNECTIVITY 
With the exception of the analyses of the experimental shear tests conducted at the 
Georgia Institute of Technology (Zureick et al. 2001), the support idealizations utilized in 
this research are as follows: 
• Vertical supports: Every node across the width of the bottom flange is restrained in 
the vertical direction, i.e., the vertical supports are modeled as a knife edge or roller. 
• Tangential support: The node at the web-flange juncture at one of the vertical support 
locations is restrained in the direction tangent to the curved longitudinal axis of the 
girder to prevent rigid body rotation in the horizontal plane about the center of 
curvature. 
• Radial supports: Unless noted otherwise, within the single girder studies, the nodes at 
the web-flange juncture on both the top and bottom flanges are rigidly restrained in 
the radial direction at every loading and support location. However, in a number of 
parametric studies, radial displacements are specified at some of the brace locations 
to simulate the effects of relative torsional rotations between the cross-frames in a 
bridge superstructure. The reader is referred to Chapter V for a discussion of these 
details. 
The support idealizations for the shear specimens tested at the Georgia Institute of 
Technology (Specimens Sl-0.10 and SlS-0.10) (Zureick et al. 2001) have the following 
attributes: 
• Pin-ended bracing members, which frame in a radial direction from the girder to a 
massive reaction wall, are modeled directly within the finite element analysis. 
Spherical bearings were utilized at the brace ends, and therefore the pinned 
idealization is a close representation of the physical boundary conditions for these 
members. The braces were slightly inclined at the start of the physical tests, and 
rotate based on the girder displacements during the loading. The initial orientation of 
the braces, and the changes in this orientation during the loading are included in the 
analysis. 
• The vertical support at one end (location 1) is modeled by restraining the 
displacements in the vertical direction along a line across the width of the bottom 
flange. This closely represents an actual roller support at this location. 
• The vertical support at the interior support location (location 3, see Section 4.1) is 
assumed to be rigid in compressive contact over the full area of the bearing plate, but 
uplift is allowed at any location of the bottom flange that would tend to lift off of the 
bearing plate due to the deformations of the girder. 
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• Tangential displacements are assumed to be rigidly restrained along a line of nodes 
across the entire width of the bottom flange at location 3. 
• Linear springs, oriented in the tangential direction, are provided across the flange 
width at location 2 to model the effect of the restraint provided by the 
actuator/loading frame against tangential movement. The total combined stiffness of 
these springs is estimated based on an elastic torsion analysis of the reaction beam of 
the test frame, and is specified as 43.8 kN/mm (250 kips/in) (Phoawanich et al. 
1999a). 
hi all cases, with the exception of the internal loading test suite discussed in Section 
5.10 and the eccentrically-loaded tests discussed in Section 4.1, concentrated loads are 
applied as a trapezoidal line load across the width of the bearing stiffeners as shown in 
Fig. 3.3.1. In the internal loading test suite, the concentrated load is applied as a 
distributed line load along the length of the web sufficient such that web yielding or web 
crippling due to the transverse load do not occur. The load location does not have a 
bearing stiffener in these tests. In the eccentrically loaded cases, a similar trapezoidal 
load with the required eccentricity is applied to the bearing stiffener. Self weight of the 
girders, bracing, cross-frames and bridge test systems is included in all the analyses as 
applicable, and is applied within the first step of the solution. In the redundant testing 
systems, potential stresses due to the sequence of erection are not considered. 
Figure 3.3.1. Typical line loading pattern at load locations. 
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The elements at the ends of bearing stiffeners (always two-sided) are constrained to 
the top and bottom flanges in all of the finite element studies within this research. Unless 
noted otherwise, the transverse stiffeners (one-sided) are stopped one element short of the 
tension flange, but are constrained to the compression flange. 
In the analyses of the two- and three-girder system experimental tests (see Chapter 
IV), moment continuity of the cross-frame or diaphragm members with the girder 
connection plates is assumed within the finite element models. These members are 
modeled using five three-node quadratic-displacement beam elements (B32) between 
each joint of the cross-frame or diaphragm assemblies. The B32 element includes 
transverse shear deformation. The cross-sections of these elements are specified based 
on the type of member used in the physical tests, i.e., angle sections for the intermediate 
cross-frames and channel sections for the end diaphragms of the two-girder system tests, 
and pipe sections for the cross-frames in the three-girder system tests. The three-girder 
system tests also contain bottom chord WT bracing members near the ends of the bridge. 
The cross-frames within the three-girder system tests involve substantial connection 
plates that are not modeled explicitly within the finite element analysis. The joints are 
assumed to be infinitesimal in size, and the cross-frame, diaphragm and bracing members 
are assumed to frame concentrically into these joints in all of the finite element studies. 
In the three-girder system tests, the splice connections of the component specimens to 
the bridge test frame are modeled by using multi-point constraints. The flange nodes at 
the juncture between the ends of the specimens and the girder G3 to which they are 
attached are constrained to deflect as if they are connected to a rigid bar across the width 
of each of the flanges. Aside from the attachment to the component and girder G3 
flanges, these rigid bars are free to displace and rotate such that the flanges are able to 
warp at the splice connection. Direct nodal displacement and rotation compatibility is 
directly enforced at the web nodes of both the specimen and Girder G3 at the juncture 
between the components and the test frame. The above constraints do not explicitly 
model the splice plate connections between the bridge system and the components, but 
they are believed to adequately represent the overall behavior since the splices are located 
outside of the critical unsupported length of the specimens. 
3.4 MODELING OF INITIAL GEOMETRIC IMPERFECTIONS 
Three types of initial geometric imperfections are considered in the analyses 
conducted in this research: out-of-flatness of the web, tilt of the compression flange, and 
lateral sweep of the compression flange. With the exception of the definition of the 
imperfection magnitude, the modeling of these imperfections is handled in the same way 
for both the analyses of experimental tests as well as for the parametric studies. 
For the parametric studies, the magnitude of the imperfections relative to the perfect 
horizontally curved geometry is based on the following AWS (1996) fabrication 
tolerances: 
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1. An initial out-of-flatness of the web of d/67 for panels of interior girders with one-
sided stiffeners (where d is the least panel dimension) and D/150 for unstiffened 
girders. In this work, the d/67 limit is used for girders with panel aspect ratios do/D 
less than three whereas D/150 is used for the girders with do/D = 3. 
2. A tilt of the flanges equal to the maximum of 1/100 of the flange width or 6.35 mm 
(% in). 
3. A lateral sweep of the compression flange of W960. 
For the analyses of the experimental tests, measured values are used for the above 
quantities when this information is available. Otherwise, the above AWS (1996) values 
are assumed. 
In both the analyses of the experimental tests as well as the finite element parametric 
studies, the displaced shape associated with the initial imperfections is established based 
on an elastic linear buckling analysis of the shell finite element model, or a form of the 
model modified as described below. The magnitude of the selected eigenmode (usually 
the first or fundamental buckling mode) is scaled up from zero until one of the above 
limits is satisfied. That is, a buckling mode shape is applied to the model as an initial 
displacement (with corresponding zero internal strains). 
For the bending and high-moment high-shear tests, the flange tilt and the lateral 
sweep of the compression flange are expected to have the most significant effect on the 
girder strengths. However, for the girders that have thin webs, the first several buckling 
modes for these load cases are typically dominated by web bend buckling, or a 
combination of web bend and shear buckling. Therefore, the web is artificially thickened 
for the linear buckling analysis of these tests such that the buckling mode shape is 
dominated by flange deformations. 
The specific procedure for generation of the initial imperfections is as follows: 
1. An elastic linear buckling analysis is performed using the same loading as employed 
in the full nonlinear analysis. For most of the girders, the first three buckling modes 
are dominated by web local buckling if the actual girder geometry is employed. 
a. For shear capacity tests, the first buckling mode is used directly. 
b. For high-moment tests, it is well known that web imperfections have only a minor 
influence on the bending strength. Therefore, to obtain a mode shape that has a 
significant influence on the maximum strength, the web is thickened artificially 
for the linear buckling analysis to obtain a mode associated with flange local 
and/or lateral buckling within the test section. An artificial web D/tw of 
approximately 100 is targeted for this analysis. 
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2. The computed buckling mode is scaled up until one of the AWS (1996) or 
experimentally measured limits is satisfied. This scaled buckling mode is then 
applied to the perfect horizontally curved geometry. 
Example initial geometric imperfections for several of the experimental tests studied 
in this research are shown in Figs. 3.4.1-3.4.4. The artificially increased web thickness 
used within the linear buckling analyses is indicated within the figure captions as twib, and 
the scale factors applied to the buckling modes (which are initially normalized such that 
they have a maximum nodal displacement of 1.0) are indicated by the parameter sf. The 
scale factor sf is set such that the dominant initial imperfection is at an AWS (1996) limit 
or actual measured imperfection for every model. The sf and twib values are given in 
Chapter IV for the analyses of the experimental tests. For the parametric studies, this 
information is provided in Appendix D. It should be noted that the buckled shapes are 
magnified in Figs. 3.4.1 through 3.4.4 to illustrate the associated deformed geometry. 
For the parametric study test specimens studied in this research, a set of sample 
specimens was first analyzed to assess the imperfection sensitivity of the models. Results 
from these preliminary analyses revealed that the combined effects of initial geometric 
imperfections and initial residual stresses can be significant for the uniform vertical 
bending and high moment-high shear loading cases. A maximum strength reduction of 
15 percent was obtained, corresponding to several specimens with bf/tf = 25. In contrast, 
the inclusion of the initial geometric imperfections and residual stresses produced 
insignificant strength reduction for the maximum V/M loading cases (less than 4 percent 
in all the cases studied). Therefore initial geometric imperfections and residual stresses 
are introduced into the parametric study specimens for the uniform vertical bending and 
high moment-high shear loading cases only. Unless noted otherwise, the finite element 
shear strength predictions are based on the perfect horizontally curved geometry with 
zero residual stresses. 
Sections 4.4 and 4.7 discuss the quality of the finite element predictions with and 
without initial residual stresses and geometric imperfections versus the experimental 
behavior of curved girders in high shtear (Zufeick et al. 2001), as well as for the uniform 
vertical bending tests conducted at the FHWA Turner Fairbank laboratory (Zureick and 
Kim 2000; Grubb and Hall 2001). The design of the parametric studies is presented in 
Chapter V. 
Both full nonlinear finite element simulations, to predict the physical load-deflection 
response and maximum strength, and geometrically linear and nonlinear design analyses, 
to determine elastic stresses for use in design predictor equations, are conducted within 
this research. As noted previously in Chapter I, the elastic design analyses are conducted 
with the same shell finite element discretization as used for the full nonlinear simulations 
in the majority of the studies. Geometric imperfections and residual stresses are not 
included in the elastic design analyses. The calculation of elastic design analysis stresses 
is discussed in more detail in Section 3.6. 
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Figure 3.4.1. Assumed initial geometric imperfection for Mozer et al. (1971) test Ll-A (twib = 5.66 mm (0.223 in), 
sf = 0.295), magnification = 5.0. 
t>l 
Figure 3.4.2. Assumed initial geometric imperfection for test Bl (Zureick and Kim 2000; Grubb and Hall 2001) 
(twib = 12.2 mm (0.48 in), sf = 0.357), magnification = 5.0. 
to 
Figure 3.4.3. Close-up of assumed initial geometric imperfection in the component specimen for test Bl (Zureick and Kim 
2000; Grubb and Hall 2001) (twlb = 12.2 mm (0.48 in), sf = 0.357), magnification = 5.0. 
U ) 
Figure 3.4.4. Assumed initial geometric imperfection for test Sl-S-0.10 (Zureick et al. 2001) 
(tW|b = 8.33 mm (0.328 in), sf = 0.369), magnification =20.0. 
3.5 MODELING OF RESIDUAL STRESSES 
It is well known that residual stresses can have a major impact on the stability and 
strength of steel structures. The nonlinearity in the response due to the presence of 
residual stresses can have a measurable impact on member pre-peak deflections and on 
the maximum load capacity. 
Typically, in welded plate girders, the residual stresses are essentially equal to the 
yield stress of the material in tension within a small width at the heat affected zones, and 
a smaller near-constant self-equilibrating compression stress is developed within the 
other regions of the plates. In curved I girders, residual stresses can be introduced by 
flame cutting and welding as well as by heat curving. However, Hall (2000) suggests 
that heat curving is not used significantly in current practice due to difficulties in 
controlling the radius of curvature, making the process time consuming. Due to this 
deficiency of heat curving procedures, the sources of residual stress resulting from 
fabrication of curved girders at the present time (May 2001) are expected to be 
predominantly due to cut curving and welding. However, to obtain an estimate of the 
effect of heat curving on the ultimate strength of the test specimens, a selected set of test 
specimens is analyzed using a representative residual stress pattern developed by Culver 
and Nasir (1971). The results of these studies are compared to analysis predictions based 
on residual stresses due to cut curving and welding (see Section 7.13). 
In this work, residual stress effects are represented by specifying initial stress 
conditions at the beginning of the analyses, in accordance with the following models: 
• The (ECCS 1976) model, which estimates the residual stresses from welding and 
flame cutting. 
• The Culver and Nasir (1971) model, which includes residual stresses from flame 
cutting, welding and heat curving. 
The (ECCS 1976) model is explained in detail in Section 3.5.1 and the Culver-Nasir 
(1971) model is described in Section 3.5.2. 
3.5.1 ECCS (1976) Model 
The ECCS residual stress distribution is idealized based on the fact that when the 
section is free of external forces, the resultant forces due to the sum of the residual 
stresses over the entire cross-section must be zero. The stresses in the flanges and web 
are defined here in accordance with the equations of the Manual on Stability of Steel 
Structures (ECCS 1976), which address residual stresses due to both welding and flame 
cutting. 
The idealized residual stresses are equal to the yield stress in a narrow strip of plate 
near the heat affected zones, and a smaller constant self-equilibrating compression stress 
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is generated within the other regions of the plate. ECCS (1976) specifies the width of the 
equivalent tension block (cfc) for a plate that is flame-cut as 
nooVt 
c f c = — = ( 3 " 3 ) 
F y 
where t is the plate thickness in mm and Fy is the plate yield stress in MPa. In addition, 
based on the assumption of a continuous single pass weld between the web and the 
flange, the resulting tension block on each side of the centerline of the weld in the flange 
plates and at the top and bottom edges of the web plate is given by 
c-=^r <3-4> 
FyLX 
where p is the process efficiency factor, which depends on the welding process and is 
equal to 0.90 for submerged arc welding, Awid is the cross-sectional area of the added 
weld metal in mm , and St is the sum of the plate thicknesses meeting at the weld in mm. 
Single pass submerged arc welds are assumed in this research. The residual stresses 
produced by an assumed single-pass weld are generally larger than those produced by a 
multiple-pass weld of the same size. 
The combined effect of flame cutting and welding on the web does not result in the 
algebraic sum of the above tension block widths, since the processes are not concurrent 
and the weld heat tends to relieve the tension block formed due to cutting. The ECCS 
Manual (1976) suggests that the final tension block width (CfC.wid) in the web can be 
calculated by 
cfc-wld = c f c + cwld ( 3 _ 5 ) 
where Cfc is the tension block width due to flame cutting alone and cwid is the tension 
block width due to welding. 
Based on the assumption that the web is fillet welded on each of its sides to the flange 
plates, ECCS (1976) proposes that the width of the tension block in the flanges on each 
side of the centerline of the web-flange juncture maybe approximated as 
C2= cwid + 0.5 tw for tw < 2cwid (3-6) 
Given the widths that have stress equal to the yield stress (Fy) (cfc and 2c2 at the edges 
and interior of the flange plates, and CfC.wid at both edges of the web plate), and neglecting 
the reduction in the residual stresses at the flange tips due to the compressive residual 
stresses caused by the welding, smaller constant self-equilibrating compressive stresses 
(FrCf and Frcw) can be calculated that exist within the majority of the plate areas based on 
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equilibrium of the longitudinal residual stresses. A nominal representation of the 
corresponding residual stress patterns for the flange and web plates is shown in Fig. 3.5.1. 
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Figure 3.5.1. Idealized residual stress distribution in flange and web plates due to 
flame cutting and welding (ECCS 1976). 
It should be noted that the current cutting technology is likely to produce smaller 
residual stresses than specified in ECCS (1976). Therefore, it is expected that the 
residual stress patterns computed in this work are conservative relative to girders 
fabricated in current practice. 
The assumed fillet weld sizes are based on the minimum requirements according to 
the AASHTO LRFD Specifications (2001) as follows: 
• 6.35 mm (1/4 in) for specimens having a material thickness of the thicker part joined 
of 12.7 mm to 19.1 mm (1/2 to 3/4 in), and 
• 7.94 mm (5/16 in) for specimens having a material thickness of the thicker part joined 
greater than 19.1 mm (3/4 in). 
For the shell finite element used in this research, i.e., the S4R element (HKS 1998c), 
one Gauss integration point location is employed within each element, with five 
integration points through the thickness at this location. The number of elements used in 
the finite element models is as follows: 
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• Twenty elements are used across the width of the top and bottom flanges as well as 
through the depth of the web for the specimens tested by Mozer et al. (1970, 1971, 
and 1973), and in all the parametric study tests. Therefore, there are 20 integration 
points across the width of both the top and bottom flanges and through the depth of 
the web for the girders in these tests. 
• Ten elements are used across the width of the top and bottom flanges and 20 elements 
are used through the depth of the web for the bending component specimens tested in 
the Curved Steel Bridge Research Program at the FHWA Turner-Fairbank laboratory, 
and for the shear specimens tested at Georgia Institute of Technology (Zureick et al. 
2001). Therefore, there are ten integration points across the width of both top and 
bottom flanges and 20 integration points through the depth of the web in these 
models. 
Results from preliminary investigations by the authors revealed that ten elements 
across the width of both top and bottom flanges and twenty elements through the depth of 
the web provide converged results while minimizing the usage of computer resources and 
time to complete the analyses. However, to provide a refined representation of the 
Culver-Nasir (1971) residual stresses, and to eliminate any factors in comparing the 
results of these analyses with the results using the ECCS (1976) pattern, twenty elements 
are used across the width of both the top and bottom flanges as well as through the depth 
of the web in the tests listed above under item one, with both the Culver-Nasir (1971) and 
the ECCS (1976) residual stress patterns. 
Based on the equations in (ECCS 1976), the width of the tension blocks is either 
wider or narrower than the width of an individual finite element. Thus, for the elements 
having residual stresses in both tension and compression, the total longitudinal force from 
the tensile and compressive residual stresses is divided by the cross-section area 
associated with the element to obtain the net residual stress at the integration point. 
Figures 3.5.2 to 3.5.4 show examples of the idealized Gauss point residual stresses, based 
on the ECCS (1976) residual stress patterns, utilized in analysis of three of the 
experimental tests. Complete illustrations of the self-equilibrating Gauss point residual 
stresses for all of the experimental and parametric study tests analyzed in this research are 
summarized in Appendix E. 
3.5.2 Culver-Nasir Model (1971) 
The Culver-Nasir (1971) residual stress pattern is utilized as an estimate of the 
residual stress effects due to heat curving. This pattern includes residual stresses from 
flame cutting and welding, as well as heat curving. 
Figure 3.5.5 shows the idealized residual stress distribution in the flanges specified by 
Culver and Nasir. Figure 3.5.6 illustrates the self-equilibrating Gauss point residual 
stresses specified for the finite element analyses conducted in this study. The residual 
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Figure 3.5.2. Assumed Gauss point residual stresses for Mozer et al. 
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Figure 3.5.3. Assumed Gauss point residual stresses for Curved Steel Bridge 













Figure 3.5.4. Assumed Gauss point residual stresses for Curved Steel Bridge 














Figure 3.5.5. Idealized residual stress distribution in flanges due to heat curving 
(Culver and Nasir 1971). 
3.6 CALCULATION OF ELASTIC DESIGN ANALYSIS STRESSES 
As noted in Chapter I, the same shell finite element models are used for full nonlinear 
analyses and for calculation of elastic design analysis stresses in the majority of the 
studies in this research. Therefore, the effect of web distortion is directly included within 
the computed flange lateral bending stresses. Also, for the design predictor equations that 
are based on second-order elastic stresses, the second-order amplification of these 
stresses is estimated by the use of these models. 
A cylindrical global coordinate system is employed for definition of the stresses in 
the finite element models. The elastic vertical and lateral bending stresses at a given 
location along the girder length, fb and fe, are calculated from the shell finite element 
models in the following manner: 
1. When the maximum vertical bending occurs at a support location, the element Gauss 
point tangential normal stresses in the shell elements at the flange tips and at the 
outermost integration points through the flange thickness (located at the extreme 
fibers of the flanges) are averaged between the shell elements on each side of the 
bearing stiffener at each flange tip. Otherwise, the maximum Gauss point stresses in 
the shell elements at the flange tips are obtained directly from the finite element 
model. 
Since the above Gauss points are located at the mid-width of the flange tip shell 
elements, the above two flange tip Gauss point stress values are linearly extrapolated 
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Figure 3.5.6. Idealized Gauss point residual stresses in flanges for analysis of heat-curved girders (Culver and Nasir 1971), 
e.g., Mozer et al. (1970) test C8-
3. The flange tip stresses obtained from step 2 are averaged to obtain fb. The lateral 
bending stress fe is calculated as one-half of the difference between the stresses from 
step 2. 
Generally, for the doubly symmetric test specimens, the fe values calculated in this way 
are slightly larger in the compression flange than in the tension flange at the maximum 
moment (or stress) locations along the girder length. These larger f̂  values are taken as 
the design analysis lateral bending stresses. As would be expected, the fb values 
calculated in this way are approximately the same in the tension and compression flanges 
for the doubly symmetric specimens. Furthermore, for the tests that are statically 
determinant, the fb values calculated in the above fashion are a close match to the fb 
values that can be determined based on first calculating the vertical bending moment (M) 
at the corresponding cross-section by static equilibrium on the initial undeformed 
geometry, and then calculating fb using the beam theory solution fb = M/Sx. 
The distribution of the shell element normal stresses in the direction tangent to the 
girder length is typically not perfectly linear across the width of the flanges. This is due 
predominantly to local flange plate bending effects. These local plate bending effects 
tend to be most significant at flanges corresponding to applied load positions (see Fig. 
3.3.1 for a sketch of how the loads are applied at bearing stiffener locations). They are 
less significant at flanges corresponding to knife-edge or roller supports, and they are 
particularly minor at flanges that do not have any direct applied loading or support 
conditions. Nevertheless, in all cases, these local plate bending effects are small 
compared to the overall girder vertical and lateral bending effects. 
The maximum values of the shell second-order elastic stresses fb and f̂  within the 
critical unsupported length are utilized in all the design predictor equations considered in 
this work, with the exception of the Recommended Specification (Hall and Yoo 1998) 
equations. In the Recommend Specification equations, the maximum first-order elastic 
stress at the cross-frame locations is used. 
In all cases in which second-order elastic design analysis stresses are obtained, the 
second-order elastic stresses are computed at the load level corresponding to satisfaction 
of the subject design strength equations. This presents a problem in that, in general, the 
values of fb and f£ and the ratio ft/ fb vary nonlinearly in the second-order elastic analysis. 
The appropriate values of f£ and fb are determined by incrementing the loads at less than 
one percent of that corresponding to the maximum strength in the full nonlinear analysis, 
and checking for a load level that satisfies the applicable design equations to within one 
percent. It should be noted that, in general, the design may be controlled either by 
flexure or by shear strength equations. The shear strength of course is checked directly 
against the maximum web shear force, whereas the flexural strength equations generally 
depend on both fb and it 
As noted in Sections 1.2,1.5 and 2.3.3, the elastic design analysis stresses are 
calculated in some cases using a geometrically-linear (i.e., first-order) solution with an 
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open-walled section curved beam finite element. Specifically, the evaluation of moment-
shear interaction in Chapter IX is conducted in this way. The calculation of f̂  and fb is 
much simpler with these models. Since the analyses are first-order, the ratio f̂  / fb is a 
constant and does not depend on the load level. Therefore, reference loads which have 
the same relative magnitudes to one another as the loads applied in the full nonlinear 
shell analyses may be applied to determine fe I fb. Given a calculated bimoment B and 
vertical bending moment M, this ratio can be computed based on thin-walled beam theory 
as 
L = 1L!L.1. (3-7) 
f„ M S , h 
for a doubly-symmetric I girder, where Syf is the elastic section modulus of the isolated 
flange corresponding to lateral bending, and h is the distance between the mid-thickness 
of the flanges. For monosymmetric I girders, the ratio of the flange lateral to vertical 
bending stress can be computed as 
f< B " S ~ (3-8a) 
fb M Cw 
assuming that the compression flange is the smaller of the two flanges, where 
» - y « ^ - (3-8c) 
is the sectorial coordinate at the tips of the compression flange, 
y»=7^frh (3-8d) 
yt yc 
is the distance from the shear center to the mid-thickness of the compression flange, Iyt 
and IyC are the moments of inertia for the tension and compression flanges about a vertical 
axis within the plane of the web, h is the distance between the mid-thickness of the 
flanges, and 
C ^ M h - y ^ + I ^ y J (3-8e) 
is the cross-section warping constant. 
Once fe/ fb is calculated, it may be;substituted into the flexural strength equation 
being evaluated to obtain the corresponding nominal flexural capacity. In general, the 
design may be controlled by flexural strength or by shear strength. 
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CHAPTER IV 
COMPARISON TO EXPERIMENTAL RESULTS 
This chapter presents comparisons between the results from prior experimental tests 
and finite element analyses conducted as prescribed in Chapter III, as well as between the 
experimental results and predictions of various design strength equations. These 
experiments include single curved girders (Mozer et al. 1970 and 1971), a test system 
with two curved girders (Mozer et al. 1973), and a test system with three curved girders 
(Zureick et al. 2000; Zureick and Kim 2000; Hartmann 2000; Grubb and Hall 2001; 
Hartmann and Wright 2001). Table 4.0.1 summarizes the types and objective parameters 
for each of these tests. 
As noted in Chapter I, reduction and extensive interpretation of the experimental data 
from the prior and ongoing experiments conducted within Curved Steel Bridge Research 
Project (CSBRP), and correlation of the data from these experimental tests with the 
results from refined finite element analyses, is to be addressed in other project reports. 
However, to provide some confirmation of the accuracy of the finite element models 
developed in this research, this chapter is devoted to a comparison between analysis 
predictions and basic responses determined from this and other experimental test data. 
Also, key design predictor equations are compared to the experimental data. 
The organization of this chapter is as follows. Section 4.1 summarizes the layout and 
the loading and displacement boundary conditions for all of the tests. The detailed 
geometric and material properties of the specimens are described in Section 4.2. 
Information about the geometric imperfections and residual stresses assumed within the 
finite element models is provided in Section 4.3. Next, the strengths obtained from 
physical tests are compared to the finite element predictions, as well as to the results of 
key design equations in Section 4.4. The one-third rule equations (Section 2.1.9), the 
flexural strength equations prescribed by the Recommended Specifications (see Section 
2.1.2), and the yield interaction equations developed by Yoo (1996) (see Section 2.1.8) 
are evaluated. The Hanshin Guideline equations (Section 2.1.6) are evaluated with 
respect to the finite element parametric studies in Chapter VII. However, these equations 
are not considered here. The discussion of the various strength predictions is followed by 
Section 4.5, which provides example calculations to clarify how the design strengths are 
determined. Section 4.6 then discusses the effect of different interpretations regarding 
the calculated flange lateral bending stresses fw on the predictions by the flexural strength 
equations in the Recommended Specifications (Hall and Yoo 1998). The reader is 
referred to Sections 2.1.2.6 and 2.1.2.7 for a thorough discussion of the background 
regarding these calculations. The load-vertical deflection data measured in the 
experimental tests are compared to the finite element predictions in Section 4.7. Finally, 
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Section 4.8 considers the measured and predicted specimen distortions from several of 
the tests. 
Table 4.0.1. Types and objective parameters of girders examined experimentally. 
Type Specimen Objective Parameter Reference 
Single Girder C8-2 3-Point Bending Mozeretal. (1970) 
C9-2 3-Point Bending 
D13 3-Point Bending 
D14 3-Point Bending 
Ll-A 4-Point Bending Mozeretal. (1971) 
L2-A 4-Point Bending 
L2-B 3-Point Bending 
L2-C 3-Point Bending 
Sl-0.10 
S1S-0.10 
Shear Zureicketal. (2001) 
( Shear 














Uniform Vertical Bending Zureick et al. (2000) 
Zureick and Kim (2000) 
Grubb and Hall (2001) 
Hartmann and Wright (2001) 
Uniform Vertical Bending 
Uniform Vertical Bending 
Uniform Vertical Bending 
Uniform Vertical Bending 
Uniform Vertical Bending 
B7 Uniform Vertical Bending Hartmann (2000) 
Grubb and Hall (2001) 
Hartmann and Wright (2001) 
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4.1 TEST CONFIGURATIONS 
4.1,1 Single Girder Tests 
Figures 4.1.1 through 4.1.6 illustrate the layout and the loading and displacement 
boundary conditions for the single girder tests studied herein. These tests include three-
point bending (C8-2, C9-2, D13, D14, L2-B, and L2-C), four-point bending (Ll-A and 
L2-A), and high shear-low moment configurations (SI-0.10 and S1S-0.10). All of the 
specimens except C8-2 are flame cut. 
A schematic of the test setup for specimens C8-2, C9-2, D13 and D14 is presented in 
Fig. 4.1.1. In these tests, a single loading is applied eccentrically at the center of the 
3.048 m (10 ft) simple span. Lateral and torsional restraints are provided at the end 
supports only. The eccentricity of the loading, e, is specified for each specimen such that 
the ratio of the lateral flange bending stress to the vertical flange bending stress (f^/fb) is 
approximately equal to 0.30 based on the strains measured in the tests at an undefined 
low load level. The eccentricities actually utilized in the tests are not reported in (Mozer 
et al. 1970). Therefore, in the current research, e is first calculated for each test based on 
curved beam theory, and second-order elastic analyses of the perfect specimens are 
performed with this e to a load level of 25 percent of the maximum applied load attained 
in the experiments. Subsequently, e is varied in the second-order elastic analyses to 
obtain a close approximation of f/fb = 0.30. It is found that a constant e of 45.72 mm (1.8 
in) produces this value of f/fb to within ± 0.013, and therefore e = 45.72 mm is selected 
for all of these studies. The corresponding values of f/fb are listed in Table 4.1.1. The 
eccentric loading is applied as a trapezoidal distributed line load at the top of the bearing 
stiffener on the side of the web closest to the center of curvature. 
Figures 4.1.2 to 4.1.4 show schematics of the setup of specimens Ll-A, L2-A, L2-B, 
and L2-C. Each of these test specimens is flame cut to a nominal radius of 15.24 m 
(50 ft). Full-depth intermediate transverse stiffeners are used in specimen LI (test Ll-A) 
while the intermediate transverse stiffeners are cut-short in specimen L2 (tests L2-A, 
L2-B, and L2-C). This allowed Mozer et al. (1971) to compare the influence of stiffener 
types on the behavior and strength of the test specimens. The shaded areas in Figs. 4.1.2 
and 4.1.3 represent the test panels. 
Tests Ll-A and L2-A are four-point bending tests with radial supports provided at all 
the loading and support locations. The loads are applied concentrically at the two middle 
bracing locations (see Fig 4.1.2). Tests L2-B and L2-C are three-point bending tests with 
lateral restraints at the support locations only. The loads are applied eccentrically to 
obtain specified ratios of lateral to vertical flange bending stress (f/fb). For test L2-B, an 
eccentricity of e = 43.43 mm is imposed to obtain a target ratio of f/fb = 0.50 (computed 
by beam theory), and for test L2-C, an eccentricity of e = 49.78 mm (1.96 in) is specified 
to achieve a computed f/fb ratio of 0.25 (see Figs 4.1.3 and 4.1.4). These eccentric loads 
are modeled in a similar fashion to that described above for the Mozer et al. (1970) tests. 
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Figure 4.1.1. Tests C8-2, C9-2, D13 and D14 (Mozer et al. 1970). 
Table 4.1.1. Values of the second-order elastic f/fb at 25 percent of the experimental 
maximum load level utilized within the finite element models of the tests by Mozer 
et al. (1970), based on an eccentricity e of 45.72 mm (1.8 in). 
Test C8-2 C9-2 D13 D14 
f/fb 0.313 0.303 0.287 0.309 
148 
Radial Brace Point (Typ.) 
K-
1524 mm 1524 mm 1524 mm 
Figure 4.1.2. Mozer et al. (1971) tests Ll-A and L2-A, side view. 
Radial Brace Point (Typ.) 
*= 
K 
1524 mm 1524 mm 





Test L2-B, e = 43.43 mm 
Test L2-C, e = 49.78 mm 
Figure 4.1.4. Load eccentricity of tests L2-B and L2-C (Mozer et al. 1971). 
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Figure 4.1.5. Test setup for specimens Sl-0.10 and SlS-0.10 (Zureick et al. 2001). 
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Figure 4.1.7. Loading scheme and the corresponding shear and vertical bending 
moment diagrams of specimens Sl-0.10 and S1S-0.10 (Zureick et al. 2001). 
Figures 4.1.5 and 4.1.6 show the setup for specimens Sl-0.10 and S1S-0.10, and Fig. 
4.1.7 shows the loading scheme and the corresponding approximate shear and vertical 
bending moment diagrams for these tests. A three-segment test configuration is utilized 
in which the center unsupported length (segment 2-3) contains the test panel(s). Vertical 
loads of 3P and P are applied at location 2 by a large capacity ram and at location 4 by an 
actuator, respectively. Vertical supports are positioned at locations 1 and 3. Radial 
bracing is provided at the supports and at the load locations. These braces have spherical 
bearings at both ends, to eliminate any restraint of displacements transverse to their line 
of orientation, and they are anchored to a massive reaction wall at their far ends. 
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The braces are inclined slightly upward at the beginning of the tests, such that they pass 
through a horizontal orientation at the loading locations prior to the end of the tests. 
The downward loads of 3P and P at locations 2 and 4 produce a shear force of 
approximately 2P in the central test segment (the reactions at locations 1 and 3 are 
slightly different than P and 3P, due to the horizontal curvature of the girder; however, 
this difference is small). The moment is approximately zero at the center of the critical 
unsupported length, thus minimizing the influence of bending moment on the response. 
Specimen Sl-0.10 is an "unstiffened" girder with Lb/R = 0.10, D/tw = 146 and 
d0/D = 3. Relatively large flanges (Aw/Af = 0.81) and small Lt/bf (= 6.7) were used in 
these tests. Finite element studies conducted in the design of these experiments indicated 
that the girders were apt to fail by flange lateral bending rather than in web shear if the 
flanges were not sized appropriately. The selected flange proportions are practical, but 
smaller flanges are likely in many situations in practice. The problem is that with smaller 
flanges, the flange lateral bending stresses become larger. Consequently, the girder 
strength is controlled by lateral bending rather than by shear. These types of situations 
are considered within the finite element parametric studies of this research (see Chapters 
V and IX). Since the goal of the experimental tests is to investigate the existence of 
tension-field action in curved web panels, the girders were designed to ensure a web 
shear failure. Specimen S1S-0.10 is identical to Sl-0.10 except an intermediate stiffener 
is added at the mid-length of the test segment (2-3) such that do/D = 1.5. Full details 
regarding the design of these tests are provided in (Zureick et al. 2001). 
4.1.2 Two-Girder Test System 
The test configurations in the two-girder test system studied by Mozer et al. (1973) 
are shown in Figs. 4.1.8 through 4.1.11. The critical panels are indicated by the shaded 
areas. The system is composed of two curved I girders, G-I and G-O, connected by end 
diaphragms and intermediate cross-frames (see Fig 4.1.8). The web of girder G-I is 
stiffened with single-sided, cut-short transverse stiffeners while the web of girder G-0 is 
unstiffened between the bearing stiffeners. For tests GI-3 and GI-4, a single concentric 
load is applied at one-third of the length from the left and right ends of girder G-I, 
respectively (see Figs. 4.1.9 and 4.1.10.). For test GI-5, two equal concentrated loads are 
applied simultaneously at each of the one-third points of girder G-I, thereby producing a 
nearly constant moment region between the load points (see Fig. 4.1.11). In this test, the 
cross-frame ID-3 is removed, producing an Lt/bf of 15 on the inside girder. Test GO-8 is 
conducted on the outside girder with the connected cross-frames ID-1, ID-3, and ID-5 
removed. Concentrated loads are placed between the girders at the lA point nearest the 
outer girder to avoid uplift at the interior girder supports. The corresponding Lt/bf for 
this test is approximately 10. 
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/ 5 ? ^ J ^ . = I = Inside Sirdar 
6-0= Outside Girder 
Figure 4.1.8. Framing plan of the test system for tests GI-3, GI-4, GI-5, and GO-8 (Mozer et al. 1973). 
*= 
=*= 
Intermediate Cross-Frame (Typ.) 
X 
1 \ =&= =*= 
I 
End Diaphragm (Typ.) 
1524 mm 1524 mm 
Figure 4.1.9. Loading scheme for test GI-3 (Mozer et al. 1973). 
Intermediate Cross-Frame (Typ.) 
*= =% 
=X *= 
End Diaphragm (Typ.) 
A-
1524 mm 1524 mm 
Figure 4.1.10. Loading scheme for test GI-4 (Mozer et al. 1973). 
Removed in Test GO-8 Removed in Test GO-8 
1524 mm 1524 mm 1524 mm 
Figure 4.1.11. Loading scheme for tests GI-5 and GO-8 (Mozer et al. 1973). 
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4.1.3 Three-Girder Test System 
Figure 4.1.12 is a picture of the overall configuration of the three-girder system 
utilized in the uniform vertical bending tests conducted at the FHWA Turner-Fairbank 
laboratory (Zureick et al. 2000; Zureick and Kim 2000; Hartmann 2000; Grubb and Hall 
2001; Hartmann and Wright 2001). The simple-span bridge system used in these tests 
consists of three girders Gl, G2, and G3 with respective radii of curvature of 58.29 m 
(191.25 ft), 60.96 m (200 ft), and 63.63 m (208.75 ft). The centerline span of girder G2 
is 27.43 m (90 ft) measured along its arc length. Each of the component specimens in 
these tests are spliced into the center of the outside girder G3 and connected to this girder 
at a short distance outside of the closest cross-frames placed symmetrically about the 
middle of the bridge span. The specimens have a total arc length between the splice 
locations of 7.71 m (25.3 ft), with Lb = 4.57 m (15 ft) and Lb/R = 0.072 within the test 
length. The compression flange and web slenderness as well as the symmetry and non-
symmetry of the cross-section are varied in the tests. 
Figure 4.1.12. Overall test configuration, three-girder test system, FHWA Turner 
Fairbank laboratory (Hartmann 2000). 
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Equal loadings are applied to the bridge system approximately at each of the one-
third points of all of the girders. Therefore, the test specimens are subjected to nearly 
constant vertical bending moment. These loadings are applied from assemblies that are 
positioned above the bridge and anchored to the test floor by four "tension column" 
dywidag bars (on each of their corners), which extend from the assemblies down to 
anchorages underneath the test floor (not shown in Fig. 4.1.12). This loading 
arrangement is designed to provide minimal constraint to the lateral movement of the 
bridge system at the load points. The reader is referred to Zureick et al. (2000), Zureick 
and Kim (2000), Grubb and Hall (2001) and Hartmann and Wright (2001) for a more 
detailed discussion of the loading and displacement boundary conditions of these tests. 
Figure 4.1.12 shows the overall bridge system in a configuration slightly different 
than that utilized in the uniform vertical bending tests. In this figure, one cross-frame is 
connected to the component specimen at the center of the bridge span. Figure 4.1.13 
shows a plan view of the actual cross-frame arrangement utilized in the uniform vertical 
bending experiments. 
4.2 GEOMETRIC AND MATERIAL PROPERTIES 
The geometric and material properties of the experimental specimens analyzed in this 
work are summarized in Tables 4.2.1 to 4.2.7. The as-built dimensions and material 
properties, and the nondimensional design parameters for the single-girder tests are 
summarized in Tables 4.2.1 and 4.2.2 respectively. This information is presented for the 
two-girder system tests in Tables 4.2.3 and 4.2.4, and for three-girder system tests in 
Tables 4.2.5 to 4.2.7. The tension and compression flange dimensions are essentially 
equal for the single-girder and two-girder system tests (i.e., the girder cross-sections are 
doubly symmetric). 
All of the single-girder test specimens considered here have constant web slendemess 
ratios of approximately 150. This is the maximum web slendemess ratio permitted by the 
AASHTO Guide Specifications (1993) and is retained as a limit in the Recommended 
Specifications (Hall and Yoo 1998). The panel aspect ratio (aVD) ranges from 0.67 to 
3.0 (see Table 4.2.2). The subtended angle Lb/R varies from 0.099 to 0.317. Several of 
these test specimens (specimens C9-2, D13, and D14) have subtended angles 
significantly greater than the maximum limit of Lb/R = 0.10 stated in the above two 
specifications. In addition, the single girder test specimens have flange slendemess ratios 
bf/tf ranging from 15.4 to 23.7, and Lt/bf ratios ranging from 6.7 to 16. 
It should be noted that girders LI-A, and L2-A, B and C are effectively hybrid girders 






Figure 4.1.13. Plan view of test configuration utilized in the uniform vertical bending tests, three-girder test system 
(Zureick and Kim 2000). 



























C8-2 3048 28.27 456 3.23 197800 217 330 191 9.42 202100 285 401 Mozeretal. (1970) 
C9-2 3048 9.60 457 3.05 207500 242 319 190 9.35 202700 239 365 
D13 3048 11.25 456 3.05 207500 242 319 217 9.35 202700 239 365 
D14 3048 11.23 457 3.05 207500 242 319 214 9.35 202700 239 365 
Ll-A 1524 15.11 454 3.05 206200 205 345 151 9.91 205100 283 483 Mozeretal. (1971) 
L2-A 1524 15.42 455 3.02 206200 205 345 152 9.91 205100 283 483 
L2-B 3048 15.42 455 3.02 206200 205 345 152 9.91 205100 283 483 
L2-C 3048 15.42 455 3.02 206200 205 345 152 9.91 205100 283 483 
Sl-0.10 3658 36.58 1219 8.33 200100 397 563 545 23.01 205100 386 560 Zureicketal. (2001) 
SlS-0.10 3658 36.58 1219 8.33 200100 397 563 545 23.01 205100 386 560 
{'As noted in Section 3.2, the strain hardening material data is not reported by Mozer et al. (1970 and 1971). Values of est = 
0.014 and Est = 6200 MPa (900 ksi), which are representative of A3 6 steel, are assumed for the web and the flanges. See Fig. 
3.2.3 for the corresponding idealized uniaxial stress-strain curves. For the single-girder shear tests (Zureick et al. 2001), 
average measured values of 8stw = 0.0232, Estw = 3330 MPa (483 ksi) and suw = 0.156 for the web and estf = 0.0214, Estf = 
4010 MPa (581 ksi) and £uf = 0.152 are used for the flanges. The material properties used for Sl-0.10 and SlS-0.10 are based 
on one set of approximately one-half of the tension coupons pulled for these tests (six flange tests and 12 web tests). The 
values reported in Zureick et al. (2001) are based on all of the tension coupons pulled for these tests. 
Table 4.2.2. Nondimensioiial design parameters, single-girder tests. 
Test D/tw tf/tw do/D D/bfc 
Dt 
w 
V f c 
bfc/tf WR Lb/bfc References 
C8-2 141 2.92 1.34 2.39 0.82 20.3 0.108 16.0 Mozeretal. (1970) 
C9-2 150 3.07 1.33 2.40 0.78 20.4 0.317 16.0 
D13 150 3.07 0.67 2.10 0.68 23.3 0.271 14.0 
D14 150 3.07 0.67 2.14 0.70 22.9 0.271 14.3 
Ll-A 149 3.25 0.83 3.01 0.93 15.2 0.101 10.1 Mozeretal. (1971) 
L2-A 151 3.28 0.83 2.99 0.91 15.4 0.099 10.0 
L2-B 151 3.28 0.83 2.99 0.91 15.4 0.099 10.0 
L2-C 151 3.28 0.83 2.99 0.91 15.4 0.099 10.0 
Sl-0.10 146 2.76 1.5 2.24 0.81 23.7 0.10 6.7 Zureicketal. (2001) 
S1S-0.10 146 2.76 3 2.24 0.81 23.7 0.10 6.7 
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GI-3 762 15.24 457 3.05 209600 279 404 99.6 12.73 203700 232 435 
GI-4 762 15.24 457 3.05 209600 279 404 99.6 12.73 203700 232 435 
GI-5 1524 15.24 457 3.05 209600 279 404 99.6 12.73 203700 232 435 
GO-8 1524 16.15 457 7.92 207200 267 472 152 9.65 209700 259 452 
( Values of sst = 0.014 and Est = 6200 MPa (900 ksi), which are representative of A36 steel, are assumed for the 
web and the flanges. See Fig. 3.2.3 for the corresponding idealized uniaxial stress-strain curves. 
Table 4.2.4. Nondimensional design parameters, two-girder system test components (Mozer et al. 1973). 




bfc/tf Lb/R Lb/bfc 
GI-3 150 4.18 1.00 4.59 1.10 7.82 0.05 7.65 
GI-4 150 4.18 0.83 4.59 1.10 7.82 0.05 7.65 
GI-5 150 4.18 0.83 4.59 1.10 7.82 0.10 15.3 
GO-8 57.7 1.22 3.33 3.01 2.47 15.7 0.094 10.0 
Table. 4.2.5. As-built flange dimensions and material properties, three-girder system test components (Zureick and 


































Bl 445 19.51 196100 406 1.802 4882 583 15.97 445 19.41 198200 401 2.094 4578 574 16.31 
B2 445 19.43 196100 406 1.802 4882 J O J 15.97 445 19.43 198200 401 2.094 4578 574 16.31 
B3 445 19.48 196100 406 1.802 4882 583 15.97 445 19.43 198200 401 2.094 4578 574 16.31 
B4 445 19.46 196100 406 1.802 4882 583 15.97 445 32.44 204600 389 2.04 4854 564 16.78 
B5 418 24.66 203500 390 2.210 4716 569 16.19 418 24.56 203500 390 2.21 4716 569 16.19 
B6 411 30.96 213100 386 2.261 4171 569 16.19 411 31.04 213100 386 2.261 4171 557 16.79 
B7 534 16.43 203500(1) 389 2.210(1) 4716(1) 569(1) 16.19(1) 445 19.41 198200 401 2.094 4578 574 16.31 
Data not available. The values reported in the table for Test B7 are assumed values based on the data from the other material tests. 
Table 4.2.6. As-built web dimensions and material properties, three-girder system 
test components (Zureick and Kim 2000; Hartmann 2000) Lb = 4.57 m, R = 63.63 m, 
















Bl 8.20 197300 447 2.578 3468 592 16.44 
B2 10.08 201600 395 2.576 3558 540 17.29 
B3 10.19 200800 396 2.731 3599 541 16.87 
B4 8.10 191400 445 2.835 3310 585 16.9 
B5 8.46 204850 441 2.668 3461 585 15.27 
B6 8.53 190600 441 2.604 3323 584 16.84 
B7 8.20 197300 447 2.578 3468 592 16.44 
Table 4.2.7. Nondimensional design parameters, three-girder system (Lb/R = 0.072 
for all test components). 
Test 2Dc/tw 
(t f c+t f t) 
2tw 




bfc/tfc Lb/bfC References 
Bl 149 1.95 1 0.5 2.74 1.15 22.8 10.3 Zureick and Kim 
(2000) B2 121 1.93 1 0.5 2.74 1.42 22.9 10.3 
B3 120 1.91 3.9 0.5 2.74 1.43 22.8 10.3 
B4 188 2.77 0.98 0.625 2.74 1.43 22.8 10.3 
B5 144 2.91 0.98 0.5 2.92 1.00 16.9 11.0 
B6 143 3.63 0.98 0.5 2.96 0.82 13.3 11.2 
B7 149 2.19 1 0.498 2.28 1.14 32.5 8.6 Hartmann (2000) 
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For the two-girder system, all of the test specimens have stocky flanges, with a bf/tf of 
approximately 8 for GI-3, GI-4, and GI-5, and 16 for GO-8. These flanges are all 
considered to be compact according to both the Recommended Specifications (Hall and 
Yoo 1998) and the proposed one-third rule equations (see Sections 2.1.9.2 and 2.1.1.2). 
The subtended angles vary from 0.05 to 0.10 (see Table 4.2.4). Specimens GI-3 and GI-4 
have Lb/R ratios of 0.05, and specimens GI-5 and GO-8 have an Lb/R approximately 
equal to 0.10. The significance of these values for the subtended angle is as follows. The 
Lb/R ratio of 0.05 is just below the limit of 0.06 at which the Recommended 
Specifications (Hall and Yoo 1998) suggest that the effect of curvature can be ignored in 
the calculation of vertical bending moments. In addition, Lb/R = 0.10 is the maximum 
limit on the subtended angle between the cross-frames as per the Recommended 
Specifications. 
All of the test specimens utilized in the three-girder test system have the same 
unbraced length of Lb = 4.57 m and a constant radius of curvature of R = 63.63 m. This 
gives a constant subtended angle of Lb/R = 0.072 for all of the tests. These specimens, 
with the exception of B4, are doubly symmetric I girders with web slenderness ratios 
2Dc/tw ranging from 120 tol49 and flange slenderness ratios ranging from bf/tf= 13.3 
(specimen B6) to bf/tf = 32.5 (specimen B7) (see Table 4.2.7). Although the flange 
slenderness of Specimen B7 is beyond the limit of bf/tf = 24 permitted for straight bridge 
I girders in AASHTO LRFD (2001), this specimen provides valuable information about 
the flange stability behavior and potential degradation in the girder performance by 
making the compression flange too slender. The value of bf/tf = 32.5 is approximately at 
the limit Xr associated with the transition from inelastic to elastic flange buckling in the 
proposed modified AASHTO flange buckling equations, based on Frs = 114 MPa (see 
Section 2.1.1.2). Specimen B4 is a singly symmetric I girder with 2Dc/tw =188 and bfC/tfC 
= 22.8. It should be noted that all of the Lt,/bf values of these test specimens are well 
within the limit of Lb/bf = 25 stated in the AASHTO Guide Specifications (1993) and the 
Recommended Specifications (Hall and Yoo 1998), and the X < Xr limit of the proposed 
one-third rule equations (see Section 2.1.9.2). 
4.3 SPECIFIED GEOMETRIC IMPERFECTIONS AND RESIDUAL STRESSES 
Representative initial geometric imperfections and residual stresses are specified for 
the finite element models of the experimental tests. The initial geometric imperfections 
are input as the scaled first mode obtained from an elastic linear buckling analysis of a 
modified form of the finite element models in which the web is artificially thickened (see 
Section 3.4). The first mode is scaled up from a magnitude of zero until the measured 
initial web out-of-flatness or flange tilt is achieved (where this information exists), or 
until one of the AWS (1996) fabrication tolerances described in Section 3.4 is reached in 
the cases where measured geometric imperfections are not available. Tables 4.3.1 to 
4.3.3 summarize the web thicknesses of the test components (twib) used in the linear 
buckling analyses and the scale factor (sf) applied to the first buckling mode to generate 
the initial displacements (with zero internal strain) relative to the perfect horizontally-
curved geometries. It should be noted that the maximum nodal displacement in the first 
buckling mode, prior to multiplication by sf, is equal 1.0. 
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Table 4.3.1. Initial geometric imperfection parameters for single-girder tests. 
Test twib (mm) D/Uib sf 
C8-2 5.69 80 0.355 
C9-2 5.72 80 0.295 
D13 5.72 80 0.292 
D14 5.72 80 0.291 
Ll-A 5.66 80 0.295 
L2-A 5.69 80 0.296 
L2-B 4.57 100 0.313 
L2-C 4.57 100 0.314 
Sl-0.10 8.33(1) 146 0.369 
S1S-0.10 8.33(1) 146 0.369 
l\vlb " W 
Table 4.3.2. Initial geometric imperfection parameters for two-girder system tests. 
Test t^b (mm) D/twlb sf 
GI-3 5.715 80 0.300 
GI-4 5.715 80 0.299 
GI-5 5.715 100 0.204 
GO-8 7.925 100 0.209 
Table 4.3.3. Initial geometric imperfection parameters for three-girder system tests. 
Test twib (mm) D/twn, sf 
Bl 12.19 100 0.357 
B.2 12.19 100 0.368 
B3 12.19 100 0.410 
B4 12.19 100 0.353 
B5 12.19 100 0.342 
B6 12.19 100 0.351 
B7 12.19 100 0.293 
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For the cut-curved specimens (all except Specimen C8-2), the ECCS (1976) equations 
are utilized to define a representative residual stress pattern (see Section 3.5.1). For 
Specimen C8-2, the Culver and Nasir (1971) residual stress pattern outlined in Section 
3.5.2 is employed. The specific Gauss point residual stresses for each of the specimens 
are illustrated in Appendix E. 
4.4 SUMMARY OF RESULTS 
The experimental results from all the bending tests discussed in the previous sections 
are compared to the following predictors: 
1. full nonlinear analysis - for the three-girder system tests, analyses both with and 
without residual stresses and initial geometric imperfections are considered, 
2. the proposed one-third rule equations for the flexural strength (Section 2.1.9.2), based 
on second-order elastic stresses, 
3. the proposed one-third rule equations, but based on first-order elastic stresses - these 
predictions can be compared to those of (2) to determine the significance of the 
design analysis second-order elastic amplification within the experimental tests, 
4. the flexural strength equations of the Recommended Specifications (Hall and Yoo 
1998) (Section 2.1.2), which are based on first-order elastic stresses obtained from the 
design analysis, 
5. Yoo's (1996) cross-section yield interaction equations (Section 2.1.8.2), with the 
design analysis prediction of the flange lateral bending moment Me determined from 
Eq. (1-6)1, i.e., based on the V-Load equation, 
6. Yoo's (1996) cross-section yield interaction equations, but with the lateral flange 
bending moment M^ determined from direct second-order elastic analysis, and 
7. Yoo's (1996) cross-section yield interaction equations, with the lateral flange bending 
moment determined from a direct first-order elastic analysis - similar to (2) and (3), 
the results from this calculation can be compared to those of (6) to determine the 
significance of second-order elastic amplification within the experimental tests. 
In addition, the experimental results from the shear tests (Zureick et al. 2001) are 
compared to the following predictors: 
• full nonlinear analysis based on the measured initial imperfections along with 
representative residual stresses (i.e., full nonlinear analysis of the "imperfect" 
specimens), 
1 Yoo (2000) recommends that the coefficient of "12" should be utilized in the denominator of Eq. (1-6) for 
the calculation of M^ rather than the values "10" or "14" discussed in Section 2.1.8. Equation (1-6) is based 
on a coefficient of 12. 
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• full nonlinear analysis with zero initial imperfections and zero residual stresses (i.e., 
full nonlinear analysis of the "perfect" specimens), 
• the current AASHTO LRFD (2001) shear strength equations, including tension-field 
action (Section 2.2.2), 
• Lee and Yoo's shear strength equation (Lee and Yoo 1998) (Section 2.2.3), and 
• the modified AASHTO LRFD shear strength equations (Section 2.2.4). 
4.4,1 Single-Girder Test Results 
4.4.1.1 Bending Tests 
Tables 4.4.1 through 4.4.3 present comparison results for the single-girder bending 
tests. From Table 4.4.1, it can be observed that the full nonlinear finite element models 
yield predicted values for the flexural strengths that vary from 13 percent conservative to 
one percent unconservative relative to the experimental results. The most conservative 
finite element predictions correspond to tests LI-A and L2-A. These are the uniform 
vertical bending tests conducted by Mozer et al. (1971) (see Fig. 4.1.2). The closest 
correlations between the finite element analysis and the experimental strengths are 
obtained for the tests in which there is a moment gradient. For the Mozer et al. (1970) 
tests (Fig. 4.1.1), the largest difference between the finite element and experimental 
strengths is only three percent. The most liberal finite element prediction is obtained for 
the heat-curved specimen, C8-2. However, the prediction of the experimental strength to 
within one percent for this test is considered to be excellent, given the coarse 
approximations associated with idealized residual stresses for this type of girder. The 
finite element prediction differs from the experimental strength by only four percent for 
test L2-B (Fig. 4.1.3), whereas for test L2-C the finite element solution predicts nine 
percent less strength than obtained in the experiment. 
From Table 4.4.1, it can be seen that the one-third rule equations yield predicted 
strengths in flexure that are from two to 20 percent conservative relative to the 
experimental values for the single-girder tests, when based on second-order elastic flange 
lateral bending stresses. The most liberal prediction (two percent conservative) is 
obtained for the heat-curved specimen, C8-2. These equations are less than seven percent 
conservative relative to the experimental strengths for the Mozer et al. (1970) tests (C8-2, 
C9-2, D13 and D14, Fig. 4.1.1), and they are somewhat more conservative (17 to 20 
percent) for the Mozer et al. (1971) tests (Ll-A, L2-A, L2-B and L2-C, Figs. 4.1.2 and 
4.1.3). The one-third rule results are essentially unchanged for these tests when the 
design calculations are based on a first-order elastic analysis; the predictions become one 
to 19 percent conservative relative to the experimental results, rather than two to 20 
percent). This of course is due to the fact that the second-order effects are small in these 
tests. 
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The Recommended Specification equations significantly underestimate the strengths 
of tests C8-2, C9-2, D13, and D14 (see Table 4.4.2)2. The predicted strengths are only 13 
to 39 percent of the strengths observed in the experiments (i.e., the predictions are 61 to 
87 percent conservative). This is due in part to the fact that the Lb/R values for these tests 
are well beyond the limit of 0.10 that McManus (1971) established in the development of 
his equations. It should be noted that Hall et al. (1999) assume that the loading apparatus 
in these tests (see Fig. 4.1.1) braces the beams at their mid-span in their checks of these 
design equations. As a result, the predictions that they report are somewhat better than 
those shown here, although they are still significantly conservative. It is apparent from 
Tables 4.4.1 and 4.4.3 that this assumption is not necessary to obtain reasonable design 
predictions for the flexural strengths. 
For specimens LI-A, L2-A, L2-B and L2-C, the Recommended Specification 
equations underestimate the strength by 18% to 26%. Other than the fact that these 
specimens fall within the Lt/R limits specified by McManus (1971), the significantly 
better predictions for them are due in large part to the fact that they have compact flanges 
as per the Recommended Specifications. The first four specimens in Table 4.4.2 are 
classified as noncompact sections. As discussed in Section 2.1.2.7, the studies by Hall et 
al. (1999) indicate that McManus's (1971) noncompact section equations yield 
significantly conservative results for the majority of the tests that they considered. 
The cross-section yield interaction equations proposed by Yoo (1996), with M, 
calculated by Eq. (1-6), significantly underestimate the vertical bending strength of tests 
C8-2, C9-2, D13 and D14 (see Table 4.4.3). This is because Eq. (1-6) is not an accurate 
predictor for these tests, due to the eccentricity of the applied loading. When M, is 
calculated directly from a first or second-order elastic design analysis of the tests, the 
results are much improved. This underscores the important issue that the analysis and the 
design resistance calculations should generally be kept separate. Lateral flange bending 
can occur due to numerous effects other than horizontal curvature. When based on an 
accurate calculation of M^ (or Q, Yoo's yield interaction equations are nine to 19 percent 
conservative relative to the experimental strengths. Similar to the one-third rule 
predictions, the most liberal strength estimate is obtained for the heat-curved specimen, 
C8-2. As would be expected based on the assessment of the one-third rule equations with 
and without the consideration of second-order amplification (in Table 4.4.1), the results 
for Yoo's yield interaction equations change little when they are based on first-order 
versus geometric nonlinear analysis (for these tests). It should be noted that girders 
C8-2, C9-2, D13 and D14 are assumed to be noncompact for calculation of the values 
reported in Table 4.4.3. 
2 In this section, McManus's (1971) interpretation of fw / fb is utilized in the calculations via the 
Recommended Specification equations. That is fw / fb is obtained directly from the calculated first-order 
flange lateral and vertical bending stresses at the cross-frame locations. Section 4.6 considers the 
implications of the alternative interpretation in the Recommended Specifications (Hall and Yoo 1998). See 
Sections 2.1.2.6 and 2.1.2.7 for a discussion of the background to these interpretations. 
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Maximum load results, 1/3 rule equations versus experiment (Mozer et al. 1970 and 1971) and full nonlinear 



















1/3 rule w/ 
lst-order 
fb and f̂  
kN([dl/[a]) 
- lst-order 
f̂  and fb at 
strength 
limit 
C8-2 332 336(1.01) 327 (0.98) 
f i / Iy =0.287 
fb/Fyf =0.907 330 (0.99) 
f /̂Fyf =0.284 
fb/Fyf =0.906 
C9-2 266 263 (0.99) 246 (0.93) 
f,/Fyf =0.276 
fb/F^ =0.908 247 (0.93) 
tyFyf =0.289 
fb/Fyf =0.909 
D13 303 295 (0.97) 290 (0.96) 
f̂ /Fyf =0.258 
fb/Fyf =0.890 293 (0.96) 
f /̂Fyf =0.256 
fb/Fyf =0.890 
D14 287 283 (0.99) 272 (0.95) 
f,/Fyf =0.280 
fb/Fyf =0.891 274 (0.95) 
f^/Fyf =0.276 
fb/Fyf =0.892 
L l -A 136 119(0.87) 113(0.83) 
iVTyf =0.398 
fb/Fyf =0.868 115(0.84) 
f,/Fyf =0.378 
fb/Fyf =0.876 
L2-A 136 121 (0.89) 115(0.85) 
f̂ /Fyf =0.385 
fb/Fyf =0.870 116(0.86) 
f,/Fyf =0.365 
fb/Fyf =0.880 
L2-B 272 261 (0.96) 230 (0.84) 
f̂ /Fyf =0.325 
fb/Fyf =0.894 231(0.85) 
f i / I y =0.306 
fb/Fyf =0.899 
L2-C 288 263 (0.91) 231 (0.80) 
ft/Fyt =0.327 
fb/F^ =0.894 232(0.81) 
f /̂Fyf =0.307 
fb/Fyf =0.899 
Table 4.4.2. Maximum load results, Recommended Specifications versus 











Rec. Spec, w/ 
lst-order 
fb and fe 
kN ([el/[a])(1) 
lst-order 
f̂  and fb at 
strength 
limit 
C8-2 332 336(1.01) 128(0.39) 
f^/Ty =0.128 
fb/Fyf =0.404 
C9-2 266 263 (0.99) 34.7(0.13) 
f̂ /Fyf =0.038 
fb/Fyf=0.125 
D13 303 295 (0.97) 52.9(0.17) 
f̂ /Fyf =0.047 
fb/Fyf =0.165 
D14 287 283 (0.99) 51.2(0.18) 
f̂ /Fyf =0.050 
fb/Fyf =0.161 
Ll-A 136 119(0.87) 109 (0.80) 
fi/Iy =0.358 
fb/Fyf =0.831 
L2-A 136 121 (0.89) 111 (0.82) 
fi/Iy =0.348 
fb/Fyf =0.838 
L2-B 272 261 (0.96) 213(0.78) 
fj/Fyf =0.280 
fb/Fyf =0.823 
L2-C 288 263 (0.91) 214 (0.74) 
f,/Fyf =0.281 
fb/Fyf =0.824 
McManus's (1971) interpretation of fw / fb is utilized in the calculations reported here. That is, 
fw / fb is obtained directly from the calculated first-order flange lateral and vertical bending stresses (f£ and 
fb) at the cross-frame locations. 
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Table 4.4.3. Maximum load results, Yoo (1996) yield interaction equations versus experiment (Mozer et al. 1970 and 








































































































































f̂ /Fyf =0.345 































f̂ /Fyf =0.292 
fb/Fyf =0.856 
2.03 
The last four specimens in Table 4.4.3 are taken as compact-flange sections for 
application of Yoo's yield interaction equations. It can be observed that Eq. (1-6) gives a 
reasonably accurate prediction of the maximum flange lateral bending moment in these 
tests, and therefore column (f) is only 24 to 34 percent conservative for these specimens. 
However, the predictions by the yield interaction equations are again improved such that 
they are 20 to 24 percent conservative when M^ (or f£) is based on an accurate first- or 
second-order elastic analysis. 
4.4.1.2 Shear Tests 
Table 4.4.4 shows the results of the different predictions for the single-girder shear 
tests (specimens SI-0.10 and S1S-0.10). It can be seen that there are no significant 
differences in the FEA predictions for the models with and without initial imperfections 
and residual stresses. The maximum difference between the two models is three percent. 
Also, all the finite element predictions are within three percent of the experimental 
maximum loads. 
The ratio of the predicted to the measured physical strength based on the current 
AASHTO LRFD (2001) equations (see Section 2.2.2) is only one percent conservative 
for specimen S1S-0.10 (d0/D = 1.5). However, these equations significantly 
underestimate the maximum shear strength (i.e., they are 17 percent conservative) for 
specimen SI-0.10, which has a larger d0/D of three. These results are consistent with the 
trends observed from Basler's tests (Basler 1961b; Gaylord 1963) and from Aydemir's 
(2000) finite element parametric studies in that the predictions are less conservative for 
smaller panel aspect ratios (see Section 2.2.2). Since the flanges in these tests are 
relatively large, to accommodate lateral bending due to the horizontal curvature, the 
AASHTO (2001) equations are conservative for both of the tests. As noted previously in 
Section 2.2.2, these equations can give slightly unconservative predictions for girders 
with small flanges, although based on the straight-girder studies by Aydemir (2000), it 
can be concluded that they are adequate for practical bridge girder proportions with 
Aw/Af <_ 2.4. 
Table 4.4.4. Maximum shear strength predictions (kN) by various design equations 
versus experiment (Zureick et al. 2001) and full nonlinear analysis, specimens 






























Sl-0.10 1180 1150(0.97) 1180(1.00) 983 (0.83) 1380(1.17) 1190(1.00) 
S1S-0.10 1460 1440 (0.99) 1450(0.99) 1440 (0.99) 1410 (0.97) 1570(1.08) 
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Lee and Yoo's (1998) equations (see Section 2.2.3) show a significant increase in the 
shear buckling strength, from 752 kN (169 kips) to 867 kN (195 kips) (not shown in 
Table 4.4.4), due to adding the transverse stiffener at the middle of the critical segment in 
Specimen S1S-0.10. As a result, their equations predict a significantly smaller 
postbuckling strength for this specimen, although it has a smaller d0/D. The net effect is 
that these equations predict approximately the same strength for both the "unstiffened" 
and the "stiffened" shear specimens (Vn = 1380 kN (311 kips) versus 1410 kN 
(317 kips)). 
The predicted shear strength obtained from the modified AASHTO equations (see 
Section 2.2.4) is approximately equal to the physical strength for specimen SI-0.10. 
However, for specimen S1S-0.10, the modified AASHTO equations overestimate the 
strength of the test specimen by about eight percent. Nevertheless, these are the best 
overall predictions of the three design strength predictors considered here. This trend is 
representative of the results for the shear strength predictions obtained within the finite 
element parametric studies detailed in Chapter VIII. 
4.4.2 Two-Girder System Results 
Tables 4.4.5 through 4.4.7 summarize the results for the two-girder system tests. It 
can be observed from Table 4.4.5 that the finite element models yield predicted vertical 
bending strengths that vary from 7 to 11 percent conservative relative to the experimental 
results. 
The strengths predicted by the one-third rule equations (Section 2.1.9.2) are from 12 
to 18 percent conservative relative to the experimental values, when second-order elastic 
stresses are calculated in the design analysis (see Table 4.4.5). These predictions become 
9 to 17 percent conservative when the first-order elastic stresses are used, as shown in the 
table. Therefore, similar to the single-girder experiments discussed in the previous sub-
section, it appears that the second-order elastic stress amplification is again insignificant 
for these tests. 
The Recommended Specification equations yield predictions that are 9 and 11 percent 
conservative for specimen GI-3 and GI-4, respectively (see Table 4.4.6). However, they 
are 32 and 18 percent conservative for GI-5 and GO-8. It appears that these differences 
in accuracy are due to the fact that the Lb/R for girders GI-5 and GO-8 is at the maximum 
limit of 0.10. It is expected that the over-prediction of the second-order elastic stresses 
implicit within McManus's (1971) flexural strength equations (see Section 2.1.2.6) is 
highest for larger subtended angles between the cross-frames. Therefore, even though all 
of these girders have a flange slenderness bfc/tfc within the limits considered as compact 
by the Recommended Specifications, for which McManus's equations give the best 
correlation with experimental results, the correlation with the experimental strengths is 
relatively poor for GI-5 and GO-8. The design strength prediction for GI-5 is 
particularly low due to the fact that it also has a larger Lb/bf. 
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Table 4.4.5. Maximum total load results, 1/3 rule versus experiment (Mozer et al. 



















1/3 rule w/ 
lst-order 
fb and fe 
kN([d]/[a]) 
lst-order 
f̂  and fb at 
strength 
limit 
GI-3 206 193 (0.93) 178 (0.86) 
f,/Fyf=0.214 
fb /Fyf =0.933 178 (0.86) 
f, /Fyf =0.202 
fb /Fyf =0.930 
GI-4 211 193 (0.92) 178 (0.84) 
f,/Fyf=0.213 
fb /Fyf =0.933 179 (0.85) 
f, /Fyf =0.201 
fb/Fyf =0.931 
GI-5 121 108 (0.89) 99.1 (0.82) 
f, /Fyf =0.434 
fb /Fyf =0.862 101 (0.83) 
f, /Fyf=0.363 
fb /Fyf =0.877 
GO-8 186 173 (0.93) 164(0.88) 
f, /Fyf =0.345 
fb /Fyf =0.880 169(0.91) 
f, /Fyf =0.292 
fb /Fyf =0.905 
Table 4.4.6. Maximum load results, Recommended Specifications versus 










Rec. Spec, w/ 
lst-order 
fb and f̂  
kN([el/[alf> 
lst-order 
f̂  and fb at 
strength limit 
GI-3 206 193 (0.93) 188(0.91) 
f, /Fyf =0.213 
fb/Fyf =0.982 
GI-4 211 193 (0.92) 188(0.89) 
f, /Fyf=0.212 
fb /Fyf=0.980 
GI-5 121 108 (0.89) 81.8(0.68) 
f, /Fyf =0.276 
fb/Fyf =0.667 
GO-8 186 173 (0.93) 153 (0.82) 
f( /Fyf =0.254 
fb/Fyf=0.787 
(1) McManus's (1971) interpretation of fw / fb is utilized in the calculations reported here. That is fw / fb is 
obtained directly from the calculated first-order flange lateral and vertical bending stresses (fe and fb) at the 
cross-frame locations. 
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Table 4.4.7. Maximum load results, Yoo's (1996) yield interaction equations versus experiment (Mozer et al. 1973) and 
























M and Mt 
kN([g]/[a]) 
2nd-order 










fe and fb at 
strength 
limit M, =
 M ^ 
12Rh 
ls,Order Me 
GI-3 206 193 (0.93) 165 (0.80) 
f, / F ^ = 0.208 
fb/Fyf= 0.898 
171 (0.83) 
f, /Fyf = 0.206 
fb /Fyf =0.899 
1 T\ tt\ O A\ 
i 15 yj.cm) 
fe /Fyf =0 .196 
fb/Fyf =0 .904 
1.06 
GI-4 211 193 (0.92) 166 (0.79) 
fe /Fyf = 0.208 
fb/Fyf =0.898 
171 (0.81) 
f, /Fyf = 0.205 
fb/Fyf =0 .899 
173 (0.82) 
f,/Fyf= 0.195 
fb/Fyf =0 .904 
1.07 
GI-5 121 108 (0.89) 79.6 (0.66) 
f, /Fyf = 0.636 
fb/Fyf =0.687 
90.7 (0.75) 
f, /Fyf = 0.404 
fb/Fyf =0.801 
91.2(0.75) 
f, /Fyf =0 .343 
fb /F^ =0 .831 
1.85 




f< /Fyf = 0.328 
fb/Fyf =0 .838 
160 (0.86) 
f,/Fyf =0 .281 
fb/Fyf =0 .862 
1.99 
Yoo's (1996) cross-section yield interaction equations yield 20 to 34 percent 
conservative predictions relative to the experimental strengths when the lateral flange 
moments M^ are calculated based on Eq. (1-6) (see Table 4.4.7). They yield 19 to 25 
percent conservative predictions when M^ (or fe) is calculated based on a direct second-
order elastic analysis (18 to 25 percent conservative results when based on the moments 
or stresses from a first-order elastic design analysis). All the specimens listed in Table 
4.4.7 are considered as compact-flange sections for application of the yield interaction 
formulas. It appears that the conservative nature of the above predictions is due to the 
definition of the maximum strength within these equations as the point at which the web 
first yields. As discussed previously in Section 2.1.8.3, it is expected that girders with 
noncompact and slender webs can develop strengths in excess of that associated with first 
yielding of the web. The flanges are the dominant contributor to the flexural strength. 
This is recognized within the current straight-girder provisions for straight hybrid I 
girders (AASHTO 2001). 
4,4.3 Three-Girder System Results 
4.4.3.1 Full Nonlinear Analysis Predictions 
Comparison results for the three-girder system tests are shown in Tables 4.4.8 to 
4.4.10. All of the full nonlinear analysis results reported in these tables include the 
estimated effects of initial geometric imperfections and residual stresses due to flame 
cutting and welding. It can be seen that the full nonlinear solutions yield predictions for 
the maximum total load (summed from the six equal loads applied to the bridge) that are 
only five percent conservative to one percent unconservative relative to the experimental 
results for tests Bl through B4 (see Table 4.4.8). These specimens all have flange 
slenderness values bfC/tfC of approximately 23. As a result, their maximum flexural 
strength is expected to be influenced significantly by flange inelastic local buckling. 
The maximum load obtained in the finite element analysis of Specimen B7, which has 
the highly slender compression flange, is only four percent higher than the corresponding 
load in the experiment. As discussed later in Section 4.7, these strengths are associated 
only with a local limit point in the response, both in the experiment and in the finite 
element analysis. In this test, the total load drops a small amount after this limit load is 
reached, but subsequently the system continues to support increasing loads (although 
with relatively large vertical displacements). Both the experimental test as well as the 
finite element analysis are stopped at large vertical displacements in the component 
specimen, prior to reaching a second limit load. This is an important indicator of the 
potential for inelastic redistribution and reserve capacity even when the flanges of a 
critical girder are highly noncompact. Nevertheless, the three-girder system in these 
tests was designed such that it would not be damaged prior to the failure of the test 
components. That is, the girders and cross-frames of this system are heavier, relative to 
the component specimens, than would exist in an actual bridge. Therefore, it would be 
dangerous to infer from these results that large inelastic redistribution capacities would 
necessarily exist in an actual curved bridge. For these reasons, the total load at the first 
local limit point is taken as the maximum load in test B7. 
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Table 4.4.8. Maximum total load results, 1/3 rule versus experiment (Zureick and Kim 2000; Hartmann 2000) and full 






















1/3 rule w/ 
lst-order 
fb and f( 
kN(rdl/[al) 
lst-order 
fe and fb at 
strength 
limit 
B l [149,23,1] 1350 1370(1.01) 1240(0.91) 
f,/Fyfc =0.330 
fb/Fyfe =0.745 1290 (0.94) 
fi/Fyfc =0.303 
fb/Fyfe =0.754 
B2 [121,23,1] 1430 1400 (0.98) 1300(0.91) 
f,/Fyfc =0.340 
fb/Fyfe =0.758 1350 (0.94) 
f./Fyfc =0.317 
fb/Fyfe =0.764 
B3 [120,23,4] 1500 1520(1.01) 1290 (0.86) 
fi/Fyfc =0.357 
fb/Fyfe =0.755 1340 (0.89) 
f,/Fyfc =0.326 
fb/Fyfe =0.763 
B4 [188,23,1] 1360 1290 (0.95) 1100(0.81) 
fi/Fyfc =0.384 
fb/Fyfc =0.726 1170(0.86) 
f,/F>fc=0.315 
fb/Fyfe =0.736 
B5 [144,17,1] 1830 1580(0.86) 1550(0.84) 
ff/Fyfc =0.373 
fb/Fyfc =0.867 1600 (0.87) 
f̂ /Fyfe =0.360 
fb/Fyfc =0.868 
B6 [143,13,1] 2170 1890 (0.87) 1810(0.83) 
f̂ /Fyfe =0.378 
fb/Fyfe =0.876 1950 (0.90) 
fi/Fyfc =0.370 
fb/Fyfe =0.873 
B7 [149,33,1] 1130 1170(1.04) 721 (0.64) 
f̂ /Fyfe =0.223 
fb/Fyfe =0.498 730 (0.65) 
f^/Fyfc=0.216 
fb/Fyfe =0.501 
Initial geometric imperfections and residual stresses included in the analysis. 
Table 4.4.9. Maximum total load results, Recommended Specifications versus 
experiment (Zureick and Kim 2000; Hartmann 2000) and full nonlinear analysis, 












Rec. Spec, w/ 
lst-order 
fb and f̂  
kN([el/[a]) 
lst-order 




[148,23,1] 1350 1370(1.01) 778 (0.58) 
f̂ /Fyfc =0.205 
fb/Fyfc =0.541 
B2 
[120,23,1] 1430 1400 (0.98) 801 (0.56) 
f^/Fyfc=0.212 
fb/Fyfc =0 .53 8 
B3 




[188,23,1] 1360 1290 (0.95) 730 (0.54) 
f̂ /Fyfc =0.225 
fb/F^ =0.526 
B5 




[142,13,1] 2170 1890(0.87) 1950 (0.90) 
f/ /Fyfc =0.334 
fb/Fyfc =0.878 
B7 
[149,33,1] 1130 1170(1.04) 747 (0.66) 
ft /Fyfc =0.1 98 
fb/Fyfc =0.583 
Initial geometric imperfections and residual stresses included in the analysis. 
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Table 4.4.10. Maximum total load results, Yoo's (1996) yield interaction equations versus experiment (Zureick and Kim 2000; 
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1430 1400 (0.98) 1120(0.78) 





































































(1) Initial geometric imperfections and residual stresses included in the analysis. 
The full nonlinear analyses yield more conservative predictions (13 to 14 percent 
conservative) relative to the experimental maximum total load for tests B5 and B6. The 
component specimens in these tests have flange slenderness ratios bfc/tfc of 17 and 13 
respectively. This result matches with the trends observed from the analyses reported in 
the previous two sub-sections. In all of the cases studied, the full-nonlinear analyses tend 
to give more conservative predictions relative to the experimental strengths for girders 
that have stocky flanges, whereas for the girders that have noncompact flanges 
(specimens C8-2, C9-2, D13 and D14 tested by Mozer et al. (1970) as well as tests Bl to 
B4 and B7 above), the finite element and experimental strengths are a closer match. As 
noted previously in Section 4.4.1, the existence of a moment gradient may also have 
some influence on the correlation between the physical and numerical strength values. 
Based on a comparison between the experimental and numerical results for tests LI-A 
and L2-A versus those for L2-B and L2-C, there is a mild indication that the finite 
element predictions are better for the tests with moment gradient (L2-B and L2-C) (see 
Table 4.4.1). 
It is important to realize that the prediction of the actual specimen maximum vertical 
bending moment may be masked somewhat by various system effects, when the strength 
results are presented in terms of the total maximum load. However, the reduction of the 
experimental data to determine the maximum internal moments in the component 
specimens is only reported by Zureick and Kim (2000) at the present time, and is 
considered to be preliminary. Nevertheless, these results indicate that for B5 and B6, the 
maximum internal moments in the test specimens occur at the same time that the 
maximum total load is achieved on the complete bridge system. 
The maximum values of M/My in these specimens, reduced from the experimental 
data as well as from the full nonlinear finite element analyses, are reported in Table 
4.4.11. It can be observed that the Mmax/My values reduced from the experimental data, 
including dead load effects, are nearly equal to one. Also, the Mmax/My values computed 
from the full nonlinear analyses are significantly smaller than the corresponding 
experimental values; the ratio of the maximum moment determined by the analysis to that 
calculated from the experimental data is 0.72 for B5 and 0.76 for B6, when dead load 
effects are included in the experimental estimates (see column (c) of Table 4.4.11). The 
corresponding ratios between the predicted and the measured maximum total applied load 
on the bridge are 0.86 and 0.87 (see column (b) of Table 4.4.8). Conversely, the ratio of 
the maximum moment determined by the analysis to that calculated from the 
experimental data, excluding dead load effects, is 0.96 for both of these specimens 
(column (c) of Table 4.4.1). The ratio of the predicted total maximum load from the 
finite element analyses to that measured in these two tests is bracketed by the ratio of the 
maximum internal moments obtained with the dead load effects included and excluded. 
The authors believe that no conclusions should be drawn from this information until 
further detailed interrogation of the experimental data is conducted. 
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Table 4.4.11. Maximum internal vertical bending moments in specimens B5 and 
B6, reduced from the experimental (Zureick and Kim 2000) and the full nonlinear 


















B5 5682 0.96 0.72 0.69 (0.72) {0.96} 
B6 6774 0.96 0.76 0.73 (0.76) {0.96} 
The calculation of the maximum moments Mmax in Table 4.4.11 is conducted as 
follows. Based on the total load applied to the bridge system, including dead weight, the 
total internal moment about the horizontal axis for the entire bridge cross-section at the 
mid-span (Girders Gl and G2, and the component specimen) is determined statically. 
Next, the internal moment at the mid-span of Girders Gl and G2 is calculated based on 
their corresponding maximum elastic vertical bending stresses fb, computed from the 
stresses at the extreme fibers of the flanges in the finite element models as detailed in 
Section 3.6, and determined from the measured flange strains in the experiment. Lastly, 
the moment in the component specimen is estimated by subtracting the moments in 
Girders Gl and G2 from the total internal moment evaluated in the first step. The 
influence of the bridge displacements and rotations on the internal moments is assumed 
to be negligible in these calculations,, 
Additional full nonlinear finite element predictions for the three-girder system tests, 
assuming "perfect" horizontally curved specimens, are reviewed subsequently and 
compared to the results discussed above. However, the predictions from the key flexural 
design equations are evaluated next, prior to considering these results. 
4.4.3.2 Design Equation Predictions 
The proposed one-third rule equations yield results that are from nine to 19 percent 
conservative relative to the experimental maximum total load capacity in tests B1 through 
B6, when based on second-order elastic stresses from the design analysis (see Table 
4.4.8). These predictions become six to 14 percent conservative when the stresses f£ and 
fb are calculated based on a first-order elastic analysis. Therefore, it can be concluded 
once again that the effect of second-order elastic amplification of the stresses is quite 
minor for the girder geometries tested. The best predictions are obtained for girders Bl 
and B2, which have noncompact flanges (bf/tf = 23) and close transverse stiffener 
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spacing (d0/D =1). Otherwise, there are no discernable trends in the accuracy of the one-
third rule equations for tests Bl through B6. 
The one-third rule equations are 36 percent conservative relative to the experimental 
maximum load capacity for test B7. It is believed that this indicates that the base 
proposed modified AASHTO flange local buckling provisions (see Section 2.1.1.2 and 
Figs. 2.1.1 and 2.1.2) are conservative for a girder with a highly noncompact flange such 
as the one considered in this test. It is likely that at the strength limit, significant elastic 
unloading may be occurring on one side of the compression flange (the portion of the 
compression flange on the side away from the center of curvature in the case of a 
horizontally-curved girder) such that substantial restraint is provided to the other side 
along the line of the web-flange juncture. The assumed flange buckling coefficient kc for 
Specimen B7 is 0.33 (see Eq. 2-7). Since this value is smaller than kc = 0.425, 
corresponding to simply-supported boundary conditions along the web-flange juncture, 
the calculated design flange local buckling strength is based on the assumption of 
negative restraint, i.e., it is based on the assumption that the slender web in this test 
(2Dc/tw = 148) is destabilizing the compression flange. 
The Recommended Specification equations are again significantly conservative (36 to 
47 percent) relative to the experimental strengths for the specimens that they classify as 
noncompact, i.e., for specimens Bl through B4 and B7 (see Table 4.4.9). As noted 
previously, this is due to the assumption that the girder strength is limited to first yield 
and due to the significant overestimation of the second-order elastic stresses implicit 
within these equations. The Recommended Specification equations give much better 
predictions for the compact-flange specimens B5 and B6 (10 and 12 percent conservative 
respectively). 
Yoo's (1996) cross-section yield interaction equations are from two to 28 percent 
conservative for all the three-girder system tests in which the specimens are classified as 
noncompact (Bl through B4 and B7), when based on the approximate V-load equation 
(Eq. 1-6) (see Table 4.4.10). As can be observed from the last column of this table, the 
V-load equation provides a reasonably accurate estimate of the finite element based first-
order elastic lateral flange bending moments for the three-girder system tests. Therefore, 
the results with these equations are only slightly improved when based on the direct 
design analysis (21 percent conservative to three percent unconservative relative to the 
experimental strengths, when based on a first-order elastic analysis). It is apparent that 
the first-yield limit is probably too restrictive for tests Bl through B4. Also, the fact that 
distributed plasticity effects are neglected in Yoo's first-yield equations, along with the 
fact that second-order effects are neglected in the first-order analysis, contributes to the 
slightly liberal estimate of the maximum total load capacity for test B7 in column (h) of 
the table (three percent unconservative). 
The values for girders B5 and B6 in Table 4.4.10 are calculated based on Yoo's 
(1996) compact-flange yield interaction equations. As observed previously, the implicit 
limit of the maximum strength based on first yielding of the web in these equations 
appears to be too restrictive. The maximum total load capacity is limited to only 79 and 
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83 percent of the experimentally determined strength for these tests respectively (31 and 
27 percent conservative). 
4.4.3.3 Assessment of the Influence of Geometric Imperfections and Residual 
Stresses 
The maximum applied loads attained in the three-girder system tests as well as the 
single-girder shear tests conducted under the FHWA Curved Steel Bridge Research 
Project are compared to the results predicted by the full nonlinear finite element models 
with and without residual stresses and geometric imperfections in Table 4.4.12. It can be 
observed that the combined effect of the residual stresses and geometric imperfections is 
a maximum of only three percent for the shear tests (specimens SI-0.10 and S1S-0.10). 
Also, their effect is relatively minor (a maximum of four percent) for the bending 
specimens B5 and B6, which have compact flanges. However, the influence of the 
specified geometric imperfections and residual stresses is significant for the other 
bending tests, with the exception of B3. This is expected, since the flanges in these tests 
are noncompact, i.e., their maximum strengths are limited by inelastic local buckling. It 
is well documented in the literature that inelastic buckling strengths are generally 
significantly influenced by the above attributes. The maximum predicted strength 
reductions due to the modeled residual stresses and geometric imperfections occur for 
specimen B4 (the unsymmetric girder) and for B7 (the highly noncompact specimen). 
The reduction in both of these tests is 12 percent. 
Specimen B3 has a noncompact flange, and is of the same proportions as B2; 
however the intermediate transverse stiffeners are removed. It is possible that this may 
have had an effect on the lack of sensitivity to residual stresses and geometric 
imperfections in the finite element model (note that the finite element based strength only 
changes from 1.02 to 1.01 of the experimentally-determined strength when residual 
stresses and geometric imperfections are included), but the authors do not have a clear 
explanation for this behavior. It is intriguing that the maximum strength of B3 is larger 
than that of B2 both in the experimental test, and in the finite element analysis when 
residual stresses and geometric imperfections are included. However, the finite element 
analyses without imperfections and residual stresses predict a slight decrease in the 
capacity of B3 relative to B2. 
From Table 4.4.12, it can be observed that the full nonlinear finite element 
predictions of the maximum total applied load range from 13 percent conservative to four 
percent unconservative relative to the experimental values, when initial geometric 
imperfection and residual stress effects are included in the analysis, versus 11 percent 
conservative to 16 percent unconservative when initial geometric imperfections and 
residual stresses are not included. Based on these results and the prior discussions, it can 
be concluded that the best and most reliable full-nonlinear predictions are obtained for 
the flexural strengths when residual stresses and geometric imperfections are included in 
the analysis. However, for the evaluation of shear strengths, the predictions are actually 
slightly improved relative to the experimental test results by neglecting these effects. The 
finite element models tend to under predict the experimental flexural strengths for the 
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compact flange girders B5 and B6„ The behavior associated with these predictions is 
discussed further in Section 4.7. 
Table 4.4.12. The maximum applied load attained in the physical tests and the 
predicted values obtained from finite element models with and without residual 












Analysis w/o residual stresses and 
geometric imperfections 
kN([cl/ral) 
Sl-0.10 1770 1720 (0.97) 1770(1.00) 
S1S-0.10 2190 2160(0.99) 2180(0.99) 
Bl 1350 1370(1.01) 1490(1.10) 
B2 1430 1400 (0.98) 1550(1.08) 
B3 1500 1520(1.01) 1530(1.02) 
B4 1360 1290 (0.95) 1460(1.07) 
B5 1830 1580 (0.86) 1650 (0.90) 
B6 2170 1890 (0.87) 1940 (0.89) 
B7 1130 1170(1.04) 1300(1.16) 
4.5 EXAMPLE DESIGN CALCULATIONS 
This section presents example design calculations for specimen Bl of the three-girder 
system tests and Sl-0.10 of the single-girder shear tests. The design calculations for the 
proposed one-third rule equations, the flexural strength equations of the Recommended 
Specifications (Hall and Yoo 1998), and Yoo's (1996) cross-section yield interaction 
equations are shown for test Bl. The one-third rule equations and the yield interaction 
equations are evaluated using the results from a second-order elastic design analysis, and 
the Recommended Specification equations are used with first-order elastic design 
analysis results. Furthermore, the calculations using the current AASHTO LRFD (2001) 
shear strength equations, the Lee and Yoo (1998) equations, and the modified AASHTO 
LRFD shear strength equations are shown for test specimen S1 -0.10. These examples 
illustrate how the numerical values reported in Tables 4.4.1 through 4.4.10 are obtained. 
The corresponding equation numbers from Chapter II are shown for each of the 
calculation steps. 
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4.5.3 Flexural Strength Calculations for Specimen Bl 
The geometric and material properties utilized in the calculation of the flexural 
resistances are as follows : 
Fyfc = 406 MPa (58.9 ksi), E 
FL = Fyfc - F r s = 406-114 = 
bfc = 445 mm (17.5 in), tf( 
D = 2DC = 1219 mm (48 in), tw 
Lb = 4572 mm (15 ft) 
4.5.1.1 One-Third Rule Equations 
a) Flange local buckling 
X = bfc/2tfC = 11.39 
= 200,000 MPa (29000 ksi) 
292 MPa (42.4 ksi) 
= 19.5 mm (0.768 in) 
= 8.20 mm (0.323 in) 
(2-4) 
Xp = 0.382 /— 
J F y c 
8.48 (2-5) 
Xr = 1.90 
f2D, 
14.23 (2-6) 
Ap < A, < Ar 
b) Lateral-torsional buckling 
ar = (2Dctw)/(bfctfC) 
12 
( a ^ 









3 The design strength equations in this chapter are all evaluated using E = 200,000 MPa (29000 ksi) rather 
than the values for E reported in Section 4.4, which are utilized in the full nonlinear and second-order 
elastic analyses. The maximum effect on the computed design resistances is approximately one percent. 
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39.05 (2-14) 
Ar = 3.14. 82.11 (2-24b) 
A < Ap 
Therefore, the vertical bending strength of specimen Bl is controlled by inelastic 
buckling of the compression flange. 
c) Calculation of flexural capacity 
RbR„ 




X - X 
py 
-Tyc ~ *t — ^yc -5 *l (2-90b) 
Rh = 1.0 (homogeneous girder) 
Cb = 1.0 (uniform vertical bending) 
Rb = < 1.0 (from AASHTOLRFD (2001)) 
= 0.984 (fbc is conservatively assumed to be equal to Fyc) (4-1) 
The one-third rule represents the interaction between the lateral and vertical bending 
strength through the term " - f/3." Therefore, the flexural capacity prediction of the one-
third rule depends on the value of f̂  computed in the elastic design analysis. In general 
within this work, in order to find the load level that corresponds to the satisfaction of the 
second-order elastic stress based design resistance formulas, the loads in the test are 
incremented by a small fraction (less than one percent) of the maximum expected 
capacity, and the vertical bending resistance is checked against the applied vertical 
bending stress. At a load level of 1237 kN (278 kips), the maximum flange stresses 
obtained from the second-order elastic design analysis of the bridge system are fb(anaiysis)= 
302.5 MPa (43.88 ksi) and f, = ânalysis) = 134.1 MPa (19.45 ksi). Upon substitution of 
the above values into Eq. (2-90b), we obtain 
F =1.0 1 -
(406-292) (11.39-8.48 
406 14.23-8.48 
406--134.1 = 303.8 MPa (44.07 ksi) 
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Although fb(anaiysis) and ânalysis) are obtained from a second-order elastic analysis, 
geometric imperfections and residual stresses are not included within this analysis. The 
second-order analysis theoretically accounts for web bend buckling, but the shedding of 
web stresses to the flanges may not be as large as might occur for a physical girder that 
contains the nominal initial geometric imperfections and residual stresses. Therefore, the 
load shedding factor Rb is applied with the second-order elastic analysis stresses. If both 
sides of Eq. (2-90b) are multiplied by Rb, we obtain 
If*.**) = 302-5 M P aJ = [R»Fn = (0.984)(303.8) = 298.7 MPa] 
Since these values are equal to within one percent, the corresponding load level of 
1237 kN (278 kips) is accepted as the one-third rule prediction. This value is reported in 
column (c) of Table 4.4.8. 
4.5.1.2 Recommended Specification Equations (Hall and Yoo 1998) 
a) Flange compactness 
18<(b f c/t f c=22.8) = 
E 
\ 
1.02 / <23 
V(fb+f<) j 
= 22.6 (2-47a) 
based on the assumption that fb + f( = Fyc. Therefore, the flange is noncompact. 
b) Calculation offlexural capacity 
At a load level of 778 kN (175 kips), ânalysis) = 219.9 MPa (31.89 ksi) and 









30 + 8000 
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min (1.486, 1.005) 
1.005 
R„ = F, bs yfc 1-3 
fj V F 
Vbf J 
yfc 
2 i -TT'E 
= 379.6 MPa (55.06 ksi) 
Fen = Fbspbpw = 219.4 MPa (31.82 ksi) (2-36) 
Fcr2 = F y f c - f l = 322.9 MPa (46.83 ksi) (2-39) 
The flange vertical bending strength is taken as the minimum value from these two 
equations. As a result, we have 
[fb(anaiysis) = 219.9 MPa ] = [Fn = 219.4 MPa ] 
Since these values are equal to within one percent, the corresponding load level of 
778 kN (175 kips) is accepted as the Recommended Specification equation prediction. 
This value is reported in column (e) of Table 4.4.9. It should be noted that although the 
Recommended Specification flexure equations are based on the stresses from a linear 
analysis, the reduction coefficient pw is nonlinear in the applied stresses; therefore, the 
applied loads are increased by small increments until the design equations are satisfied. 
4.5.1.3 Yoo's (1996) Cross-Section Yield Interaction Equations 
a) Flange compactness 
(X = bfc/2tfc=11.39)> 
C \ 
X = 0.382 — = 8.48 
AF 
(2-4) 
Therefore, the section is classified as noncompact. 
b) Calculation offlexural capacity 
At a load level of 1068 kN (240 kips), fb(anaiysis) = 282.0 MPa (40.90 ksi) and ^analysis) = 
122.9 MPa (17.82 ksi). Therefore 
x = 
r A 
1 - - ^ -
v 




Fn = x Fyc = 283.2 MPa (41.08 ksi) (2-82b) 
As a result, we have 
[fb(anaiysis) = 282.0 MPa] z [Fn = 283.2 MPa ] 
Since these values are equal to within one percent, the corresponding load level of 
1068 kN (240 kips) is accepted as the prediction from Yoo's (1996) equations. This 
value is reported in column (g) of Table 4.4.10. 
4.5.4 Shear Strength Calculations for Specimen Sl-0.10 
The basic geometric and material properties utilized in the calculation of the shear 






397.1 MPa (57.6 ksi), E 
544.6 mm (21.44 in), tfc 
1219 mm (48 in), tw 
= 146.3 
= 3.0 
200,000 MPa (29000 ksi) 
23.0 mm (0.906 in) 
8.33 mm (0.328 in) 
4.5.2.1 Current AASHTO LRFD (2001) 
The AASHTO shear buckling coefficient, based on the assumption of simply 
supported boundary conditions at the web-flange juncture, is 
k = 5 + 
(d 0 /D) ' 
= 5.556 (2-96a) 
The web slenderness satisfies the equation 
f- = 146.3 
\ ( 
> 1.38 — = 7 3 . 0 
yw 
(2-95c) 
therefore, the ratio of the shear buckling strength to plastic buckling strength (C) is 
calculated as 
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C= 1 5 2 E k =0.199 




The corresponding AASHTO LRPD (2001) shear strength, including tension-field action 
is then calculated as 




H% ' ) 
= 983 kN (221 kips) (2-103) 
This value is reported in column (d) of Table 4.4.4. 
4.5.2.2 Lee and Yoo's (1998) Equations 
The shear buckling coefficient per Lee and Yoo's (1998) equations is interpolated 
from the (SSRC 1998) buckling coefficients for ideal simply supported and fully fixed 
boundary conditions at the web flange juncture: 
k =5.34 + T 
(d0 /D)
2 
= 5.784 (2-105) 




= 9.530 (2-106) 
The ratio of flange thiclcness to web thickness tf/tw is 2.76; therefore, the shear buckling 
coefficient (k) is calculated as 
k = k s s+-(k s f -k s s ) = 8.781 (2-104) 
The web slenderness satisfies the equation 
f 
^ = 146.3 
>* ( 
> 1.38 
V * w / 
Ek 
yw 
= 91.8 (2-9'5c) 
J 
190 
therefore, the ratio of the shear buckling strength to plastic buckling strength (C) is 
calculated as4 
C - ' 5 5 E k =0.321 
' D > ' 
v ' w / 
(4-2) 
yw 
The next step in determining the shear strength per Lee and Yoo (1998) is to calculate 
the reduction factor, which represents the influence of initial imperfections. Since 




2.20 — = 146.3 
yw 
the strength reduction factor R is calculated as 




= 1.0 (2-109b) 
Based on the above values for the shear buckling load and the strength reduction factor, 
the nominal shear strength is calculated as 
Vn = 0.58FywDtwR(C + 0.4[1 - C]) = 1380 kN (311 kips) (2-110) 
This value is reported in column (e) of Table 4.4.4. 
4.5.2.3 Modified AASHTO Equations 
The proposed modified AASHTO LRFD shear strength equations (see Section 2.2.4) 
are based on the use of Lee and Yoo's (1998) shear buckling coefficient, as detailed in 
the previous subsection, for calculation of the shear buckling strength combined with 
Basler's tension-field strength formula, i.e., 
4 In the calculation of the shear strength as per Lee and Yoo's (1998) equations, the traditional "English 
units" version of the AASHTO shear buckling equations is employed. The shear buckling strengths are 
stated in this fashion by Lee and Yoo (1998). When nondimensionalized, the coefficient of 1.55 is 
obtained with this equation, rather than 1.52 as reported in Eq. (2-95c) and specified in AASHTO LRFD 
(2001). The coefficient of 1.55 is obtained when xw is taken as Fyw / V3 instead of 0.6 Yw. This increases 
the calculated shear strength by approximately one percent for this example. Equation (4-2) is utilized in 
the calculations per Lee and Yoo's (1998) equations throughout this research. 
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k = 8.781 
C= L 5 2 E k =0.314 




Therefore, based on Eq. (2-103), the nominal shear strength is 
Vn = 0 . 5 8 ^ ^ C + 
0.87(1-C) 
1190 kN (267 kips) (2-103) 
This value is reported in column (f) of Table 4.4.4. 
4.6 EFFECT OF INTERPRETATION OF fm ON RECOMMENDED 
SPECIFICATION PREDICTIONS 
The application of the flexural strength equations of the Recommended Specifications 
(Hall and Yoo 1998) is hampered by the ambiguous nature of McManus's (1971) term 
for the applied flange lateral bending stress at the cross-frame locations, denoted by fw in 
Section 2.1.2. This problem is due to the fact that the internal flange lateral bending 
stress at the cross-frames in McManus's approximate second-order elastic calculations is 
not equal to his specified applied flange lateral bending stress at the ends of his beam 
models (see Figs 2.1.13 and 2.1.14). McManus (1971) interprets fw as the maximum 
lateral flange bending stress at the cross-frame locations, calculated by a first-order 
elastic analysis of the bridge superstructure. However, Hall et al. (1999) recognize that 
McManus double counted in calculating his elastic flange lateral bending stress 
contribution due to web distortion, and that this double counting can be partially 
compensated for by subtracting the warping stress due to curvature (determined based on 
the V-Load equation (Eq. 1-6)), from the lateral bending stress calculated in the analysis 
of the bridge superstructure (see Eq. 2-44) (Hall and Yoo 1998). They refer to the 
resulting lateral flange bending stress as the stress "due to effects other than horizontal 
curvature," and label this stress as fm. 
Table 4.6.1 summarizes the effect of the interpretation by Hall and Yoo (1998) versus 
McManus's (1971) original interpretation for all of the experimental tests evaluated in 
this chapter. 
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Table 4.6.1. Effect of interpretation of McManus's (1971) equations on 







lst-Order Elastic Analysis 





f . = f 
w m 




C8-2 332 336(1.01) 128 (0.39) 114(0.34) 
C9-2 266 263 (0.99) 34.7(0.13) 43.6(0.16) 
D13 303 295 (0.97) 52.9(0.17) 63.6(0.21) 
D14 287 283 (0.99) 51.2(0.18) 61.8(0.21) 
Ll-A 136 119(0.87) 109 (0.80) 97.4 (0.72) 
L2-A 136 121 (0.89) 111 (0.82) 99.6 (0.73) 
L2-B 272 261 (0.96) 213(0.78) 194(0.71) 
L2-C 288 263 (0.91) 214(0.74) 195 (0.68) 
GI-3 206 193 (0.93) 188(0.91) 181 (0.88) 
GI-4 211 193 (0.92) 188(0.89) 181 (0.86) 
GI-5 121 108 (0.89) 81.8(0.68) 74.3 (0.61) 
GO-8 186 173 (0.93) 153 (0.82) 142 (0.76) 
Bl 1350 1370(1.01) 792 (0.58) 774 (0.57) 
B2 1430 1400 (0.98) 801 (0.56) 801 (0.56) 
B3 1500 1520(1.01) 796 (0.53) 801 (0.53) 
B4 1360 1290 (0.95) 730 (0.54) 747 (0.55) 
B5 1830 1580(0.86) 1610 (0.88) 1520(0.83) 
B6 2170 1890(0.87) 1950 (0.90) 1850(0.85) 
B7 1130 1170(1.04) 747 (0.66) 761 (0.68) 
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The results previously reported in Tables 4.4.2, 4.4.6, and 4.4.9 are based on 
McManus's interpretation, and are repeated in Table 4.6.1. Table 4.6.1 shows that in all 
but three cases (C9-2, D13 and D14), the interpretation specified within the 
Recommended Specifications (Hall and Yoo 1998) makes the predictions more 
conservative than when McManus's (1971) interpretation is employed. If girders C9-2, 
D13 and D14 are excluded from consideration, due to the fact that these girders have an 
Lb/R significantly larger than the maximum limit upon which McManus's equations were 
based, the Hall and Yoo (1998) interpretation gives an average ratio of the predicted to 
the experimental strength of 0.68 for the tests listed in Table 4.6.1, with a standard 
deviation of 0.15 and maximum and minimum values of 0.88 and 0.34. McManus's 
(1971) original interpretation gives an average ratio of the predicted to the experimental 
strength of 0.72, with a standard deviation of 0.16 and maximum and minimum values of 
0.91 and 0.39. 
4.7 LOAD-DEFLECTION PLOTS 
4.7,1 Single-Girder Bending Tests 
Figures 4.7.1 and 4.7.2 compare the finite element analysis predictions and 
experimental results for the applied load versus vertical displacement at the mid-span of 
specimens LI-A and L2-A. These are the single-girder four-point bending tests 
conducted by Mozer et al. (1971) (see Fig. 4.1.2 and Tables 4.2.1, 4.2.2, 4.3.1, and 4.4.1 
through 4.4.3). They are selected for comparison of the numerical and experimental 
load-deflection results because, of all the single-girder tests, the least accurate finite 
element predictions relative to the experimental strengths are obtained for them. 
One can observe from the plots in Figs. 4.7.1 and 4.7.2 that the pre-peak nonlinearity 
in the finite element predictions is less than that observed in the experiments. 
Furthermore, the finite element models predict a limit load at approximately 82 percent of 
the yield moment My = Fyf Sxc in both of these tests, whereas the experiments are 
continued up to a load level corresponding to 93 and 94 percent of My respectively (with 
My calculated not including any effects from the flange lateral bending or from the hybrid 
web) before the loading is removed., The limit load in the finite element predictions 
corresponds to approximately 95 percent of the load level associated with the plastic 
flange capacity predicted by the compact-section based one-third rule, fb = Fy - f/3 (see 
Fig. 2.1.19) where fe is obtained by elastic analysis of the system, whereas the experiment 
indicates a larger maximum load capacity than that given by this idealization. The 
continuation of the finite element predictions into the post-peak region of the response 
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Figure 4.7.2. Applied load versus mid-span vertical displacement of Specimen L2-A. 
4,7.2 Single-Girder Shear Tests 
Figures 4.7.3 through 4.7.6 show the web shear versus vertical deflection results of 
the single-girder shear tests S1-0.1Q and S1S-0.10 (Zureick et al. 2001) (see Figs. 4.1.5 
and 4.1.6, and Tables 4.2.1, 4.2.2, 4.3.1, and 4.4.4). In Figs 4.7.3 through 4.7.6, the 
experimental results are compared to the finite element predictions with and without 
residual stresses and geometric imperfections. Figures 4.7.3 and 4.7.4 show the results 
for the "unstiffened" specimen (d0/D = 3) and Figs. 4.7.5 and 4.7.6 show the results for 
the "stiffened" specimen (d0/D = 1.5). The first of the plots in these two groups of 
figures gives the shear force versus the vertical displacement at the interior load location, 
location 2 in Fig. 4.1.7, whereas the second gives the shear force versus the vertical 
displacement at the exterior load location, location 4 in Fig. 4.1.7. 
It can be seen that finite element models predict the behavior of these test specimens 
quite well. The only significant difference between the experimental results and the finite 
element predictions is in the elastic load-deflection response based on the vertical 
displacement at location 2 in the test of S1S-0.10 (see Fig. 4.7.5). As previously 
indicated in Table 4.4.4, the maximum shear capacity is predicted accurately by either of 
the finite element representations (with or without initial geometric imperfections and 
residual stresses). That is the shear strength of these tests appears to be insensitive to 
residual stresses and potential geometric imperfections relative to the perfect horizontally 
curved geometry. The horizontal curvature of the web panel is effectively an 
imperfection in itself. 
It is interesting to note that the out-of-flatness of the web panel due to the horizontal 
curvature, measured with respect to a 1219 mm (48 in) long straight edge, is 5.08 mm 
(0.2 in) within these girders, whereas the AWS (1996) tolerances on the web out-of-
flatness relative to the perfect geometry are D/67 = 18.2 mm (0.716 in) for panels of 
interior girders with one-sided stiffeners and D/150 = 8.1 mm (0.32 in) for unstiffened 
girders. The measured out-of-flatness relative to the perfect horizontally curved 
geometry in these tests (relative to a 1219 mm long straight edge) is 9.4 mm (0.369 in) 
for both tests. For straight girders, Aydemir (2000) observes a significant reduction in 
the shear capacity when a small fraction of the AWS (1996) tolerance is imposed for the 
web out-of-flatness, but that the sensitivity of the shear strengths to geometric 
imperfections is rather mild for further increases in the imperfection magnitude. 
It should be noted that the loss in the shear capacity within the post-peak region of the 
response is very gradual in both the experiments as well as the finite element predictions. 
Lastly, one can observe that there is no noticeable change in rate of increase of the 
vertical deflections in Figs. 4.7.3 thiough 4.7.6 as the shear buckling load obtained by the 
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4,7.3 Three-Girder System Bending Tests 
Figures 4.7.7 to 4.7.13 show plots of the total applied load versus the vertical 
displacement at the mid-span of the component specimens for the three-girder system 
tests B1 through B7 (Zureick and Kim 2000; Hartmann 2000) (see Figs. 4.1.11 and 
4.1.12, and Tables 4.2.5 through 4.2.7, 4.3.3, and 4.4.8 through 4.4.12). The finite 
element predictions are plotted for the analyses with and without geometric imperfections 
and residual stresses and are compared to the experimental load-deflection results (see 
Table 4.4.12 for a summary of the maximum strengths corresponding to these curves). 
The initial slope of the load-deflection curves predicted by the finite element models 
is somewhat smaller than the measured response for tests Bl, B2 and B4. Tests Bl and 
B4 have the largest difference in this slope; the measured initial slopes in these tests are 
more than 20 percent greater than the corresponding predicted initial slopes. However, 
this value is predicted quite accurately for the other bending tests. It is interesting to note 
that the amount of pre-peak nonlinearity is also somewhat greater in tests Bl and B4. 
Tests Bl, B2 and B4 all have close stiffener spacing (oVD =1) and noncompact flanges 
(bfc/tfc = 23), but otherwise there appear to be no particular characteristics that distinguish 
these tests from the other four tests. In each of these tests, the experimental load-
deflection curve crosses the numerical ones just prior to the maximum applied load level 
in the physical tests. The experimental curve for test B3 also exhibits a slightly larger 
amount of pre-peak nonlinearity than the corresponding finite element models (see Fig. 
4.7.9). 
With one exception, the finite element models indicate a local limit load, followed by 
a minor amount of unloading (i.e., load shedding) over a small range of vertical 
displacements, prior to finally continuing with a stable load-deflection response at a small 
positive slope over a large range of vertical displacement. The unloading after the local 
limit load is more abrupt for the girders that have noncompact flanges (bfc/tfC = 23), and is 
more gradual for girder B5, which has a bfc/tfC = 16.9. The one exception to this response 
is for girder B6, which has a bfC/tfc = 13.3. For girder B6, the load-deflection response 
predicted by the finite element model with geometric imperfections and residual stresses 
included reaches a limit shortly after the onset of significant nonlinearity in the load-
deflection curve, and then unloads very gradually (see Fig. 4.7.12). This model 
essentially holds at a constant maximum load while the vertical deflections increase after 
the limit load is reached. The model for test B6 that does not include geometric 
imperfections and residual stresses still exhibits a local limit load, followed by minor 
unloading and a final stable inelastic loading branch. However, the unloading in this 
model is significantly smaller than that observed in the models of the other girders. The 
finite element strength predictions reported in Tables 4.4.8 through 4.4.10 and 4.4.12 are 
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Figure 4.7.8. Test B2 load-vertical deflection at component mid-span (Lb/bfC = 10.3, bfC/tfC = 22.9, D/tw = 121, d0/D = 1). 
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Figure 4.7.12. Test B6 load-vertical deflection at component mid-span (Lb/bfc = 11.2, bfC/tfc = 13.3, D/tw = 143). 
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Figure 4.7.13. Test B7 load-vertical deflection at component mid-span (Lb/bfC = 8.6, bfc/tfC = 32.5, D/tw = 149). 
A local limit followed by unloading and then reloading is evident in the experimental 
load-deflection response of test B7. Also, there is some indication of this type of 
response in test B3, although the drop in load after the initial peak in this test may be due 
to other factors than an unstable response of the specimen. Specimens Bl, B2, and B4 
were not loaded far enough into their post-peak range to discern whether this type of 
response occurred in the physical tests. They all showed a minor drop in load capacity 
after reaching a peak load at only a small amount of inelastic vertical displacement. The 
test results for B4 show that if an unloading-reloading type of response is occurring 
within this test, it is more gradual than that predicted by the finite element models. 
The finite element and experimental load-deflection curves match closely for the 
compact-flange girders B5 and B6 up to the level at which the finite element models 
reach their maximum load capacity (see Figs. 4.7.11 and 4.7.12). After this point, the 
experimental curves continue at a small positive slope, while the finite element models 
predict increasing vertical deflection at nearly constant total applied load. For test B5 
(Fig. 4.7.11), the finite element model predicts only a minor unloading-reloading 
behavior when residual stresses and geometric imperfections are included. 
It is important to note that for tests B5 and B6, the maximum loads predicted by the 
full nonlinear finite element models are only slightly less than that associated with an 
elastic analysis of the bridge structure with a capacity limit based on the compression 
flange plastic strength fb = Fyc - f/3. Conversely, the experimental tests show a 
maximum load capacity that is significantly in excess of this load level. This trend is 
also observed for tests LI-A and L2-A, as discussed at the beginning of this section. 
Nevertheless, the strain measurements from test B5 and B6 indicate that the tangential 
normal strains were generally smaller than the strain-hardening strain in uniaxial tension; 
maximum flange tangential normal strains of approximately 0.017 and 0.016 are reported 
for B5 and B6 respectively (Zureick and Kim 2000). 
Many factors may have contributed to the additional load capacities in the 
experimental tests, compared to the finite element predictions, for girders B5 and B6. 
Without a thorough study of the reduced test data, and inspection of and correlation with 
corresponding finite element predictions, any explanation of these differences would only 
be conjecture. 
In test B7, the local limit load is more pronounced within the finite element models 
than in the experiment. However, the prediction of the finite element model with residual 
stresses and geometric imperfections included is quite close to the load-deflection 
response measured within the physical test. 
The unloading and reloading responses predicted in all of the finite element models, 
with the exception of the model of B6 that includes initial geometric imperfections and 
residual stresses, appears to be due to the interaction of the specimen with the three-
girder bridge system. This observation is based on the fact that none of the other 
bending tests considered in this chapter, and none of the parametric study girders 
considered in Chapters VI and VII exhibit any unloading-reloading response. 
210 
Overall, it is believed that the finite element models discussed above provide a 
reasonably accurate and reliable prediction of the experimental behavior. However, 
particularly in the system tests, there are numerous factors that can influence the 
correlation between the experimental and numerical results. These include: 
• Initial stresses that are "locked into" the component specimens due to the assembly of 
the redundant test system. As noted in Section 3.3, dead weight is included within 
the finite element models of the multiple-girder systems. However, the erection 
sequence and any effects that it has on the internal stresses within the system are not 
considered. The system dead weight is simply "turned on" during the first step in the 
full nonlinear finite element analysis. 
• Additional incidental restraint provided by the splice connections between the bridge 
test frame and the component specimens. As noted in Section 3.3, these splice 
connections were not explicitly modeled in this research. Based on preliminary 
studies, the effect of this approximation is believed to be small; there is negligible 
change in the load-deflection behavior if the plate thicknesses within the length of the 
splice connections are artificially increased. 
• Additional incidental restraint provided by the gusset plate connections within the 
cross-frames. Section 3.3 explains that rotational continuity was assumed at the 
joints of the cross-frame members, but that the joint size was assumed to be 
infinitesimal, and the connection plates were not explicitly modeled (except for the 
connection plate on the girder web). Based on preliminary studies, the effect of this 
approximation is believed to be small; there is negligible change in the load-
deflection behavior if the moment of inertia of the cross-frame members is doubled in 
value. 
• Additional incidental restraint provided by the loading system. Some inclination of 
the dywidag bars of the loading assemblies was evident at the end of the tests. 
However, it is believed that the effect of this inclination is small. 
It is emphasized that an extensive interpretation of the experimental data from prior 
tests, and correlation of this data with the results from refined finite element analyses, is 
beyond the scope of this research. Results from the three-girder system tests (Zureick 
and Kim 2000; Hartmann and Wright 2001) are expected within the near future. The 
purpose of the studies conducted within this chapter is to provide some validation of the 
accuracy of the finite element models utilized in this research, as well as experimental 
confirmation of the characteristics of key design predictor equations. Chapter VI 
provides a more detailed assessment of curved I girder load-displacement behavior within 
the context of the finite element parametric studies conducted in this research. 
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4.8 SPECIMEN DISTORTIONS 
It is important to consider the distorted geometry at and subsequent to reaching the 
maximum load in the tests for several reasons. First, the finite element predictions and 
the experimental observations can be compared to ascertain whether the numerical 
simulations capture the physical failure mode realistically. Secondly, if the magnitudes 
of the cross-section distortions at maximum load are excessive, it may prudent to 
consider limiting the maximum strength based on a more restrictive local deformation or 
distortion limit. 
In this section, tests SI-0.10 and S1S-0..10 (Zureick et al. 2001) are evaluated as 
representative girders subjected to a shear failure, and tests Bl (Zureick and Kim 2000) 
and B7 (Hartmann 2000) are evaluated as representative girders subjected to a uniform 
vertical bending failure. 
4.8.1 Shear Tests 
The distortions of specimens SI-0.10 and S1S-0.10 observed in the physical tests as 
well as predicted by finite element models are illustrated in Figs. 4.8.1 through 4.8.7. It 
can be seen that, for specimen SI-0.10, which has a panel aspect ratio dG/D = 3, there is 
an evident tension band that has formed within the girder web at the maximum load level 
(see Figs. 4.8.1 and 4.8.2). The flaking of the paint evident this band is due largely to the 
compression associated with the local plate bending transverse to the direction of the 
diagonal tension. The web panel is essentially being straightened out along the center of 
this diagonal tension band. These pictures imply that the primary diagonal tension band 
starts at the top of the bearing stiffener at location 3, and intersects the bottom flange of 
the girder at approximately 2/3 of the panel length. That is, the implied angle of the 
tension band with the horizontal direction is tan"1 (1/2) = 26.6°, which might be compared 
to 9 = 0.5 tan"1 (1/3) = 9.2° based on Basler's Eq. (2-98b). 
The maximum measured out-of-plane displacement of the web panel at the maximum 
load level is slightly larger than 33.3 mm (1.31 in), measured at D/4 from the bottom of 
the web and at the mid-length of the panel5. The corresponding maximum predicted 
radial displacement at the peak load is 74.2 and 51.3 mm (2.92 and 2.02 in) when initial 
geometric imperfections and residual stresses are included or neglected respectively. A 
small amount of vertical distortion of the flanges is evident at this load level (see Fig. 
4.8.1). As the specimen is pushed beyond its peak load, which occurs at approximately 
12.7 mm (0.5 in) vertical displacement at location 2, to a 50.8 mm (2.0 in) vertical 
displacement at this location at the end of the test, the web plate continues to fold in the 
direction transverse to the diagonal tension line, apparently due in part to diagonal 
compression in this direction. Figure 4.8.3 shows the web panel distortion at the end of 
the test. The corresponding distortions predicted by the full nonlinear finite element 
model (with residual stresses and initial geometric imperfections included) are shown in 
5 The maximum displacement within the potentiometer at this location was reached at 98 percent of the 
maximum applied load; the last recorded displacement is 33.3 mm (1.31 in) 
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Fig. 4.8.4. The distortions for the model with residual stresses and initial geometric 
imperfections not included are essentially the same. 
Figure 4.8.5 shows the girder deformed geometry at the maximum load level in test 
S1S-0.10, which is identical to SI-0.10 except that an intermediate transverse stiffener is 
placed at the middle of the critical test length such that d0/D =1.5. The maximum 
measured web out-of-plane displacement in the web panel at the state shown in this 
figure is 32.8 mm (1.29 in) at the mid-depth of the web, which is slightly less than two 
times the AWS (1996) tolerance on the web out-of-flatness for an interior transversely-
stiffened girder (D/67). The corresponding maximum predicted radial displacement in 
the two critical web panels is 68.6 and 40.6 mm (2.70 and 1.60 in) at the maximum load, 
with and without initial geometric imperfections and residual stresses respectively. The 
displacements in the adjacent critical web panel are very similar at this stage of the test, 
based on a visual inspection. Figure 4.8.5 illustrates that the girder distortions at the 
maximum load are minor. 
As this specimen is pushed beyond its peak load to a vertical displacement of 
approximately 43.2 mm (1.7 in) at the end of the test, the primary tension-field failure 
manifests itself within the adjacent, non-instrumented web panel. Figure 4.8.6 shows 
this panel at the end of the test. It is apparent that the dominant tension band in this case 
runs from the top of the intermediate stiffener at the middle of the critical unsupported 
length, to the bottom of the bearing stiffener at location 2. Figure 4.8.7 shows the 
corresponding finite element prediction. The flange distortions are still relatively small at 
this advanced stage of the post-peak response. 
The reader is referred to (Zureick et al. 2001) for a comprehensive presentation and 
discussion of the results of these experimental tests. 
4.8.2 Bending Tests 
The distortions in specimens B1 and B7 observed in the physical tests as well as 
predicted by the finite element models are illustrated in Figs. 4.8.8 to 4.8.11. It should be 
noted that test Bl has a bf/tf of 22.8 whereas test B7 has compression flange slenderness 
of 32.5. Figure 4.8.8 shows specimen Bl at the maximum load in the physical test. It 
can be seen that some minor flange local buckling distortions are visible. Figure 4.8.9 
shows the corresponding prediction from the full nonlinear finite element model (with 
initial geometric imperfections and residual stresses included), magnified by a factor of 
two. The flange distortions in the finite element model are very similar to the distortions 
observed at the maximum load level in the physical test. The maximum predicted 
vertical displacement at the compression flange tip relative to the web-flange juncture is 
approximately 8.6 mm (0.34 in) at the maximum load level. This information is not 
available from the experimental test at this time (May 2001). 
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Figure 4.8.1. Web of specimen Sl-0.10 at maximum load 
(view from convex side of location 1). 
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Figure 4.8.2. Specimen Sl-0.10 at maximum load 
(view from convex side of location 4). 
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Figure 4.8.3. Specimen Sl-0.10 at the end of the test 




Figure 4.8.4. FEA prediction of specimen Sl-0.10 at the end of the test 




Figure 4.8.5. Specimen S1S-0.10 at maximum load (view from concave side of location 2). 
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Figure 4.8.7. FEA prediction of specimen SlS-0.10 at the end of the test 
(displacement magnification factor = 5). 
Figure 4.8.10 shows the compression flange of specimen B7 at the maximum load 
level in this test. As would be expected, since this flange is near the bf/tf limit at which 
the limit state is associated with elastic local flange buckling (based on the idealization of 
a negative restraint along the web-flange juncture), the flange local buckling distortions 
are more significant at the maximum load level in this test. However, it appears that the 
web local buckling distortions are very minor, which indicates that the web is probably 
not destabilizing the flange at this loading stage, and therefore, the boundary condition 
assumptions invoked in the development of the flange local buckling design equations are 
likely to be conservative here (see Section 2.1.1.2). This attribute of the behavior is also 
evident in the conservative predictions Of the one-third rule equations for this problem 
(see Table 4.4.8). Figure 4.8.9 shows the predicted distortions at the maximum load level 
in the finite element analysis (with initial geometric imperfections and residual stresses 
included). Again, the flange local buckling failure mode is evident within the numerical 
simulation. The maximum predicted vertical displacement at the compression flange tip 
relative to the web-flange juncture is approximately 8.1 mm (0.32 in) at the maximum 
load level. 
The reader is referred to (Zureick and Kim 2000) and (Hartmann and Wright 2001) 
for an extensive presentation and discussion of the results of these experimental tests. 
4.8.3 Summary 
It can be concluded that the failure modes are predicted well by the full nonlinear 
finite element models in the four examples considered within this section. Furthermore, 
these examples indicate that the cross-section distortions at maximum load are reasonably 
small. The web distortions at maximum load are higher in the shear test with do/D = 3 
than in the one with do/D = 1.5, and the flange distortions are larger in the bending test 
with bf/tf = 32.5 versus the test with a flange slenderness of 22.8. However, the flange in 
test B7 is well beyond the limit of bf/tf = 24 permitted by the current AASHTO LRFD 
(2001) straight-girder specification. 
The cross-section distortions at the maximum load levels are believed to be similar in 
magnitude to those commonly observed in tests of straight plate girders. Therefore, the 
authors do not believe that it is necessary to restrict the maximum load level to reduce the 
extent of these distortions. The pre-peak nonlinearity associated with these distortions 
and the development of yielding is minor in both the experimental tests as well as in the 
finite element predictions. The specimens do not require any large inelastic deformations 
to develop their vertical bending and shear capacities. At pre-peak loadings only slightly 
smaller than the maximum load level, the cross-section distortions are much smaller than 
those observed at peak load capacity. It is believed that the girder distortions under 
service load conditions can be controlled based on other criteria, for example the implicit 
restrictions on web distortions via the Daniels et al. (1980) equation (Eq. 2-51) or by 
limiting the service web stresses to those associated with buckling. 
The load-shedding characteristics associated with the post-peak behavior deserve 
closer scrutiny. This issue is addressed further in Chapter VI. 
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Figure 4.8.8. Test Bl component deformations at maximum load. 
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Figure 4.8.9. Test Bl predicted component deformations at maximum load 
(displacement magnification factor = 2, stiffeners not shown). 
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Figure 4.8.10. Test B7 component deformations at maximum load. 
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Figure 4.8.11. Test B7 predicted component deformations at maximum load 
(displacement magnification factor = 2, stiffeners not shown). 
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CHAPTER V 
DESIGN OF PARAMETRIC STUDIES 
5.1 OVERVIEW 
This chapter describes the background and basis for the design of the parametric 
studies conducted in this research. The parametric study specimens are intended to 
represent a wide range of practical girder geometries and potential boundary conditions. 
Unless noted otherwise, all of the parametric study test specimens are single girders 
with three unbraced segments. The critical test segment is always the one in the middle. 
The outside segments are designed to ensure that the failure occurs within the middle 
unsupported length. 
Primary Test Suite 
The parametric studies are subdivided into several "suites" or "sets." The first set of 
studies is referred to as the primary suite. These studies are designed to evaluate the 
behavior of curved steel I girders under uniform vertical bending, maximum V/M, and 
high shear-high moment, and serve as a base for the subsequent additional parametric 
study suites. The uniform vertical bending tests of course provide the base for evaluation 
of the curved girder flexural capacities. These are four-point bending tests in which the 
loads are applied at one-third and two-thirds of the total length of the girder, and vertical 
supports are provided at both ends. 
The maximum V/M tests are designed to evaluate the shear strength of the curved I 
girders. In these tests, the vertical supports are located at one end and at two-thirds of the 
total length from this point, and concentrated loads are applied at the other end and at the 
other one-third position such that an inflection point occurs at the center of the critical 
middle unsupported segment. This minimizes the bending moment within the critical 
unsupported length. This is the loading and support configuration utilized in the physical 
tests SI-0.10 and SI-SO. 10 discussed in Chapter IV. 
The high moment-high shear tests are designed to evaluate potential moment-shear 
interaction. The locations of the vertical supports and the loadings are the same for these 
tests as in the maximum V/M tests, but the ratio of the two concentrated loads is changed 
to produce a high moment-to-shear ratio in the critical middle unsupported segment. In 
these tests, the maximum vertical and lateral flange bending moments occur at one end of 
the middle unsupported length. 
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In all of the studies within the primary suite, rigid radial supports are provided such 
that the web is held in a vertical position at each of the loading and vertical support 
locations. These boundary conditions are varied in some of the subsequent parametric 
study suites. 
Modified Uniform Vertical Bending Suite 
Prior experimental and numerical studies have shown that for curved I girders 
subjected to uniform vertical bending, the final failure mode evident within the post-peak 
response is typically a three-hinge mechanism in lateral flange bending. As shown in 
Fig. 1.1, a common idealized behavior for curved I girders subjected to near uniform 
vertical bending involves large lateral flange bending moments (Mt) at the cross-frame 
locations, and M, values of approximately one-half of these end moments at the middle of 
the unsupported segment. This is the behavior associated with the V-load equation, Eq. 
(1-6), and it is a reasonable approximation of the first-order elastic flange lateral bending 
moments in the above "primary" uniform vertical bending tests (the first-order elastic M, 
values at the ends of the critical unbraced segment, calculated by refined finite element 
analysis, actually tend to be slightly overestimated by the V-load equation in these tests). 
Due to potential relative torsional rotations at the cross-frame locations of an actual 
bridge, the M, values at the middle of a critical unsupported length can be increased and 
the moments from the lateral bending restraint at the ends of the segment can be reduced. 
In this research, it is hypothesized that the vertical bending capacity of a critical unbraced 
length is reduced the most if the boundary conditions at the ends of this length are such 
that the second-order elastic M, values at the cross-frames and at the middle of the 
segment are approximately equal. The rationale behind this hypothesis is that such a 
distribution of lateral flange moments eliminates the inelastic redistribution that can 
occur in lateral bending prior to the development of the final three-hinge failure 
mechanism in the compression flange. 
Based on the above reasoning, a second suite of parametric studies is analyzed and 
referred to here as the "modified uniform vertical bending" suite. This set of parametric 
studies involves the same loading and boundary conditions as explained above for the 
uniform vertical bending tests of the primary suite, except that an outward radial dis-
placement of the top compression flange is specified at the two interior bracing-applied 
load locations. These outward radial displacements are specified such that the second-
order elastic M^ values in the compression flange at incipient first yield are approximately 
equal at the brace locations and at the center of the critical middle unbraced segment. 
Internal Loading Suite 
It is possible that internal loadings on the top flange of a critical unbraced segment 
subjected to near uniform vertical bending may reduce the flexural capacity of the girder 
due to a load height or tipping effect. Therefore, a third parametric study suite is 
analyzed in which the same boundary conditions as in the uniform vertical bending tests 
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of the primary suite are employed, but the girder is loaded by a distributed vertical load 
over a small length (calculated such that local web yielding or web crippling will not 
control the strength) at the center of the middle critical unsupported length. This set of 
studies is referred to as the "internal loading" suite. It is interesting that the flange lateral 
bending moments (M )̂ associated with this loading are approximately the same at the 
ends and at the middle of the test segment. For larger unsupported lengths, the second-
order elastic M, values at the middle of the test segment tend to be larger than the 
associated values at the brace points. 
Free-End Suite 
All of the above parametric study suites consider the strength of an interior unbraced 
segment within a curved bridge I girder. In a fourth set of studies, referred to as the 
"free-end" suite, the behavior for an idealized unsupported segment at the simply 
supported end of a bridge is studied. These are three-point bending tests with rigid radial 
supports at the ends and at the mid-length of the girder. The nominal (design) strengths 
of the unsupported lengths on each side of the load point are equally critical. 
Laterally Unsupported Straight Girder Suite 
The above four sets of parametric studies consider the behavior of curved I girders. 
To evaluate the behavior of straight girders subjected to both gravity and lateral loads, a 
fifth suite, referred to as the "laterally unsupported straight girder" suite, is analyzed. In 
this suite, the test specimens are modeled as straight girders with various lateral-torsional 
slenderness ratios {X = Lb/rt). The X values considered correspond to (X-Xp) I (Xr-X^) = 0, 
0.25, 0.5, 0.75, and 1.0. That is, the slenderness values span the entire range of Lb/rt from 
the compact bracing limit to the brace spacing corresponding to the transition from 
inelastic to elastic lateral-torsional buckling. The configuration of the loadings and 
supports for these tests is the same as that of the uniform vertical bending tests of the 
primary test suite, except that both the top and bottom flanges are subjected to equal 
specified radial displacements at the internal loading locations. 
Unsymmetric Girder Suite 
All of the suites of parametric studies described above address only doubly symmetric 
girders. In the last suite of studies, several singly symmetric I girders are subjected to all 
of the above test suite loading and displacement boundary conditions. The cross-
sections considered are representative of the positive moment region of composite girders 
prior to the placement of the deck, in which the top compression flange is often smaller 
than the bottom tension flange. 
Chapter Organization 
Complete details of the parametric study designs are explained in the following 
sections. Section 5.2 describes key constant parameters that apply to all of the parametric 
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studies while Section 5.3 explains details regarding the loading and boundary conditions 
of the primary test suite. Section 5.4 then discusses the selection of the cross-sections 
and web panel aspect ratios of the doubly symmetric specimens studied in the primary 
suite. The same set of cross-sections and panel aspect ratios is employed in all of the first 
five parametric study sets. Next, Section 5.5 describes the design of the length-related 
parameters for the primary test suite. These lengths are utilized in each of the first three 
parametric study sets. In Section 5.6, the design of the end segments of the primary test 
suite is discussed. The same end segment designs are utilized in all of the studies of the 
first three test suites. This is followed by Section 5.7, which explains the design of the 
transverse stiffeners within all of the tests. The specimen geometries of the primary 
study suite are summarized in Section 5.8. Subsequently, the boundary conditions and 
loading configurations of the other test suites are described in Sections 5.9 to 5.13. 
Sections 5.9 and 5.10 explain the modified vertical bending and the internal loading 
suites, respectively. Then Sections 5.11 and 5.12 describe the free-end and the laterally 
unsupported straight girder tests. The design of the unsymmetrical girders is presented in 
Section 5.13. 
5.2 CONSTANT PARAMETERS 
Key constant parameters specified in this research are as follows: 
• All the studies are conducted based on an assumed A572 Grade 50 steel material. The 
idealized uniaxial stress-strain curve of this material is detailed in Section 3.2. 
• A depth of the web of D = 1219 mm (48 in) is selected to establish the cross-section 
size. This is the same depth as all of the bending specimens tested at the FHWA 
Turner-Fairbank Laboratory (Zureick et al. 2000; Grubb and Hall 2001). 
• One-sided intermediate transverse stiffeners with a width, b = 0.3bf, where bf is the 
flange width, are placed on the concave side of the girder. The thickness of the 
transverse stiffeners is calculated based on the minimum requirements specified in the 
straight girder AASHTO LRFD Specifications (2001). In some cases, this thickness 
is increased based on the more restrictive requirements on the stiffness of the 
transverse stiffeners stated in the Recommended Specifications (Hall and Yoo 1998), 
to prevent failure of the transverse stiffeners. In all cases, the transverse stiffeners are 
assumed to be attached to the compression flange and cut short of the tension flange. 
The design of the transverse stiffeners is explained in more detail in Section 5.7. 
• Double-sided bearing stiffeners with b = 0.4bf on each side of the web are used for all 
of the girders. The thickness of these stiffeners is calculated as per the minimum 
requirements specified in the AASHTO LRFD Specifications (2001) for each girder 
based on the maximum applied load from either the high shear-high moment or 
maximum V/M loading cases of the primary test suite, whichever controls. 
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5.3 PRIMARY TEST SUITE 
The generic layout and arrangement of the loads and supports for the primary test 
suite is shown in Fig. 5.3.1. The girder is subdivided into three equal unsupported 
lengths in this test configuration, with the interior segment (2-3) serving as the test 
segment. The cross-section of the test segment is extended beyond locations 2 and 3 and 
into the outside lengths (1-2) and (3-4) by a distance of D/2, where D is the depth of the 
web. The plates of the cross-section in the outside segments (segments 1-2 and 3-4) are 
thickened over a portion of the length, and web transverse stiffeners are added to prevent 
premature failure prior to reaching the maximum strength of the test segment for all of 
the loading cases considered. The design of the end unsupported lengths (segments 1-2 
and 3-4) is described in detail in Section 5.6. 
LOCATION 4 
Figure 5.3.1. Configuration for the primary test suite girders. 
In all of the studies of the primary test suite, rigid radial braces are provided at the 
web-flange juncture of both the top and bottom flanges at each loading and support 
location. This bracing configuration holds the girder web in a vertical position at these 
locations throughout the test. 
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The test configuration shown in Fig. 5.3.1 is believed to provide a good base 
representation of the limit states behavior of a critical unsupported segment of a curved 
girder, including the restraint provided by the other portions of the bridge. Potential 
torsional rotations at the cross-frame locations, and other potential boundary conditions 
on the critical unsupported length are addressed in the subsequent sections of this chapter. 
For the maximum V/M and high-shear high-moment tests of the primary suite, 
vertical loads of P2 and P4 = C1P2 are applied at locations 2 and 4, and vertical supports are 
positioned at locations 1 and 3. The shear and bending moment diagrams for the 
equivalent straight girder, which are for all practical purposes equal to those of the curved 
girders for the Lt/R values studied (< 0.1), are sketched as a function of a in Fig. 5.3.2. 
By varying the load ratio, a = P4/P2, a complete range of maximum moment to shear 
ratios (MmaX/V) can be developed within the test segment. This is illustrated in Fig. 
5.3.3. The parameter a is set to -1 for the pure vertical bending tests, and in this case, 
the vertical support at location 3 is actually moved to location 4, and the loads are applied 
at the top of the girder at locations 2 and 3. If the loads are always proportioned such that 
the maximum moment is located at position 2, then the applicable equation for Mmax/VLb 
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Figure 5.3.3. M/V in the critical middle unsupported segment as a function of a. 
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It should be noted that the ratio Mmax/VLb in this equation is the fraction of the 
unsupported length from the maximum moment location to the inflection point within the 
test segment, assuming that Mmax/VLb < 1.0. When Mmax/VLb is greater than one, all the 
moments within the test segment are of the same sign, i.e., there is no moment reversal 
within the critical unsupported length. 
The loading cases considered within the primary test suite are: 
• Pure vertical bending (a = -1), for determination of the vertical bending capacity, 
Mn(FEA)-
• Maximum V/M (a = 1/3), for determination of shear capacity, Vn(FEA)-
• High shear-high moment (Mmax/VLb = M„(FEA) /0.8Vn(FEA)Lb), for determination of 
potential moment-shear interaction where Mn(FEA) is the vertical bending capacity 
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predicted by the full nonlinear finite element analysis for a = - 1 , and Vn(FEA) is the 
shear capacity predicted for a = 1/3. 
The loading ratio of a = 1/3 creates the lowest possible value of Mmax/V within the 
test segment (segment 2-3) (see Fig. 5.3.2). The case of a = -1 is a four-point bending 
test that produces constant vertical bending moment and zero shear within the test panel. 
The loading case that produces Mmax/VLb = Mn(FEA)/0.8Vn(FEA)Lb is used to examine 
the potential moment-shear interaction at combined high moment-high shear levels. 
There are two important reasons behind the selection of M/V = Mn(FEA)/0-8Vn(FEA) • First, 
preliminary analyses conducted in this research showed that at the ratio of Mmax/V = 
Mn(FEA)/Vn(FEA), the test specimens often exhibit negligible moment-shear interaction and 
predominantly fail by web shear buckling. Second, the ratio M/V = Mn(FEA)/0-8Vn(FEA) 
gives more emphasis to flexure and accounts for the fact that, in many cases, the moment 
capacity is significantly increased by moment gradient effects. Also, it accounts for the 
fact that in many cases, the design shear capacity estimated by the current AASHTO 
LRFD (2001) equations underestimates the actual girder shear capacity (see Section 9.1 
and Fig. 9.1.13). The position of the radial loading path given by Mn(FEA) /0.8 Vn(FEA) is 
shown relative to the current AASHTO LRFD (2001) moment-shear interaction curve 
with Mn taken as Mn(FEA) and Vn as Vn(FEA) in Fig. 5.3.4. The reader is referred to 
Section 2.3 for a summary of the background to the AASHTO moment-shear interaction 
curve, and for the recommendations from this research regarding moment-shear 
interaction design checks. In addition to satisfying the constraint Mmax/V = 
Mn(FEA)/0.8Vn(FEA), the value of a in the high-shear high-moment tests is set by the use of 
Eq. (5-1) such that the largest end moment always occurs at location 2 (see Figs. 5.3.1 
and 5.3.2). This equation generally gives an a less than 1/3 (see Fig. 5.3.3). 
Analysis results for the primary test suite aire summarized in Section 7.1 for the pure 
vertical bending case, in Chapter VM for the maximum V/M case, and in Chapter IX for 
the high moment-high shear case. 
5.4 CROSS-SECTION AND PANEL ASPECT RATIO PARAMETERS 
A flowchart of the doubly symmetric cross-section and panel aspect ratio parameters 
considered in this study is shown in Fig. 5.4.1. The key cross-section based design 
parameters include the web slendemess (2Dc/tw = D/tw), the flange slendemess (bf/tf), and 
the ratio of the area of the web to the area of the compression flange (Aw/Af). The ratio 
of the depth of the web in compression to the total depth of the web (Dc/D), i.e., the test 
suite of unsymmetric girders, is considered in Section 5.13. 
Three values of D/bf are selected for the study: D/bf = 2.25, 2.75 and 3.25. Three of 
the six bending specimens tested at the FHWA Turner-Fairbank Laboratory have a ratio 
of D/bf = 2.75; therefore, this value of D/bf is selected for most of the studies. Three 
values of bf/tf are studied at this D/bf ratio: bf/tf = 15, 20, and 25. Only the value of 
bf/tf = 25 is studied for the D/bf ratios of 2.25 and 3.25. The flange slendemess bf/tf = 25 
is selected in order to test at a slightly more severe flange local buckling condition than 
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permitted by the existing AASHTO LRFD Specifications (AASHTO 2001). For each of 
the cases with D/bf = 2.25 and 2.75, three values 2Dc/tw are proposed for study: 2Dc/tw = 
100, 130 and 160. However, for a D/bf = 3.25, only 2Dc/tw = 160 is considered. This is 
because typical plate girders with high values of D/bf tend to have slender webs. 
l .Z 
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M/Mn(FEA) 
Figure 5.3.4. AASHTO LRFD (2001) moment-shear interaction curve with 
M„ = M„(FEA) and Vn = Vn(FEA) and loading path for M/V = Mn(FEA)/0.8Vn(FEA). 
Although not a cross-section parameter, one additional design variable, the web panel 
aspect ratio (do/D) is also addressed in Fig. 5.4.1. Values of do/D = 1,2 and 3 are studied 
for girders with 2Dc/tw = 160, but for girders with 2Dc/tw = 100 and 130, only do/D = 3 is 
considered (based on the rationale that girders with stockier webs would tend to be 
designed with wide stiffener spacing, if not as unstiffened). In some cases, the 
unsupported length needs to be limited to less than that necessary to allow the higher 
oVD values. In these situations, the maximum do/D that fits the unsupported length is 
utilized. Also, when the unsupported length Lb is not a multiple of do, the transverse 
stiffeners are spaced at the specified do/D with the exception of the panel adjacent to 
location 3 (the location of the smaller end moment in the high-shear high-moment tests). 
5.5 LENGTH RELATED PARAMETERS 
Figure 5.5.1 shows the variation of the two key length-related parameters that are 
considered in the primary parametric studies for each of the 23 girders specified in 
Fig.5.4.1. These parameters are the subtended angle between the cross-frame or 
diaphragm locations (Lb/R), and the target maximum elastic lateral to vertical bending 
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Figure 5.5.1. Length related parameters. 
stress ratio (f̂ /fb) in the uniform vertical bending load case of the primary test suite. The 
uniform vertical bending load case tends to produce the largest f̂ /fb of the three load 
cases considered in the primary test suite. A total of six sets of girders from Fig. 5.4.1 are 
generated based on target itl% values of 0.35 and 0.50 and Lb/R values of 0.05, 0.075 
and 0.10. The unsupported length, Lb, is specified for a given Lb/R ratio to achieve 
approximately the desired ft /fb value. The combination of the parameter variations 
shown in Figs. 5.4.1 and 5.5.1 gives a total of 133 different symmetric I girders to be 
studied in this research (the total number is less than 23*6=138 because in five of the 
cases with D/tw = 160, Lb is less than 3do). 
The Recommended Specifications (Hall and Yoo 1998) provide the following simple 
formula, which can Be derived using Eqs. (1-2) and (1-5), but with a coefficient of 10 
within the denominator rather than 12 in Eq. (1-5), as a guide for preliminary framing: 
(5-2) 
where Lb and R are expressed in units of ft and bf is expressed in units of in. The change 
from 12 to 10 in the denominator of Eq. (1-6) gives a larger estimate of f̂ /fb, and thus 
makes the value of Lb associated with a given target f̂  /fb, R and bf smaller. Equation 
(5-2) can be written in an alternate form, in terms of the subtended angle between the 
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(5-3) 
This equation is used in the design process described above to estimate the required 
length Lb for a given cross-section determined per Fig. 5.4.1, and a given Lb/R and f̂ /fb 
specified per Fig. 5.5.1. In most of the designs, the unsupported lengths are selected as a 
multiple of the girder web depth, 1219 mm (4 ft), close to the value determined by Eq. 
(5-3). In two girders, Lb is selected as the closest multiple of 610 mm (2 ft). 
For a given Lb/bf and Lb/R, the estimated magnitude of f/fb can be expressed in 
consistent units using the above equation as 
= 0 . 6 ^ ^ (5-4) 
R bf ' 
Alternatively, the ratio of the maximum unsupported length to the bridge span length at a 
particular location of an I girder within a horizontally-curved bridge may be written as 
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(5-5) 
where f/fb is the targeted maximum ratio of the flange lateral bending to vertical bending 
stress, L is the span length along the girder being considered, and L/D is the span-to-
depth ratio. From this equation, it can be observed that in general, the required cross-
frame spacing in a horizontally-curved bridge is approximately proportional to the 
maximum allowed f£/fb, and it is an inverse function of the subtended angle between the 
cross-frames WR, the span-to-depth ratio L/D, and the aspect ratio of the cross-section 
profile D/bf. This equation illustrates that there is significant design economy in making 
the flanges of a horizontally curved I girder as wide as possible for a given girder depth. 
Given the value of Lb selected for the uniform vertical bending case (a = - 1) of the 
primary test suite (see Fig. 5.3.1), the maximum V/M and high shear-high moment tests 
of this suite are configured simply by changing the ratio a. In some of the girder designs, 
i.e., some of the girders with larger Lb, the moments at the ends of the critical segment in 
the maximum V/M tests are still significant compared to the flexural capacity of the 
girder. In several of these cases, MntFEA/O.SV F̂EAjLb is smaller than 0.5. That is, the 
desired length from the maximum moment location to the inflection point in the high 
shear high-moment test (see the discussion after Eq. (5-1)) is less than Lb/2. Of course, 
this is not physically possible. Therefore, only the uniform vertical bending and 
maximum V/M tests are analyzed for these girders. Also, if Mn(FEA)/0.8Vn(FEA)Lb is less 
than 0.55, there are only minor differences in the loading for the high shear-high moment 
and maximum V/M load cases. Therefore, the high shear-high moment load case is not 
considered in general whenever Mn(FEA)/0.8Vn(FEA)Lb < 0.55. 
As explained subsequently in the discussion of the parametric study results, of the 
133 maximum V/M tests, only eleven fail in a mode that is clearly different than a shear 
strength limit state (see Chapter VIII). The high shear-high moment loading is also not 
considered in these eleven girders, since they already are failing in a flexural mode under 
the maximum V/M load case. Some of the girders tested develop moments well in excess 
of the yield moment My at the ends of the test segment when they fail by shear in the 
maximum V/M tests. The ranges of unsupported lengths and Mmax/VLb ratios considered 
within the maximum V/M and high shear-high moment tests provide a reasonably 
comprehensive evaluation of potential moment-shear interaction within horizontally-
curved I girders. After the cases with Mn(FEA)/0.8Vn(FEA)Lb < 0.55 and flexural failure in 
the maximum V/M loading case are eliminated, a total of 101 high-shear high-moment 
tests remain to be analyzed. 
5.6 DESIGN OF END SEGMENTS 
Generally, the girders are designed not to fail prematurely outside of the middle test 
segment. In order to achieve M ^ / V = M„(FEA) /0-8V„(FEA) for the high moment-high 
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shear loading case, the load ratio a for some of test specimens must be negative, i.e., an 
upward force must be applied at location 4. As a result, the maximum moment is 
produced at location 2 and the magnitude of the shear in the outside unsupported length 
(1-2) is larger than the shear in the test segment. Therefore, in order to prevent a failure 
outside of the test segment, the outside panels are strengthened (see Fig. 5.6.1). This is 
achieved by: 
• Increasing the thickness of the web to a value two such that D/two
 = 100 within a 
length (L2) of the outside unsupported segments, as shown by the shaded areas in Fig 
5.6.1. 
• Increasing the flange thickness within the length L2 to the value tf0 such that the 
flange slenderness becomes bf/tf= 15 (for the girders that already have bf/tf = 15, it is 
found that the flange sizes do not need to be increased any further). 
• Placing transverse stiffeners at a spacing of d0 = D within the outside unsupported 
segments, such that the shear capacity of the outside web panels is greater than the 
shear force developed from the applied load. 
\ 











Figure 5.6.1. Strengthening of the outside unsupported segments. 
As noted previously, the length L2 is started at a distance D/2 from the interior bracing 
locations. In most cases, it is stopped at the stiffener location closest to where the 
moment is 75 percent of the bending capacity of the prismatic unreinforced outside 
segment, based on the one-third rule, when the capacity of the test segment is reached in 
the high-shear high-moment test. 
The girder resulting from the above design is utilized also for the uniform vertical 
bending and for the high-shear low-moment tests. As noted at the end of Section 5.1, this 
design is also utilized for the modified uniform vertical bending and internal loading test 
suites. Details of the cross-section plate lengths and thicknesses for the primary 
parametric study girders are summarized in Appendix F. 
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5.7 DESIGN OF TRANSVERSE STIFFENERS 
The transverse stiffeners must be designed to be sufficiently rigid such that their out-
of-plane deformations due to web bending associated with the horizontal curvature and 
due to any web stability behavior are negligible. Also, they must be designed for their 
role as anchors in the development of diagonal tension within the web. In this work, the 
AASHTO LRFD (2001) provisions are used initially to size the transverse stiffeners. 
Given the constant stiffener widths of 0.3bf as specified in Section 5.2 (which satisfy the 
AASHTO requirements), the minimum stiffener thickness that satisfies the AASHTO 
LRFD strength and stiffness requirements is calculated. 
In some of the test specimens, the transverse stiffeners designed on this basis fail 
before the test specimen reaches its peak load. That is, the failure mode includes 
significant bending of the transverse stiffeners. The transverse stiffeners in these girders 
are redesigned based on the more restrictive stiffness requirements for curved web panels 
given in the Recommended Specifications (Hall and Yoo 1998), which are based on the 
research by Mariani et al. (1973). The Recommended Specification requirements 
account for bending of the transverse stiffeners due to the radial loading associated with 
the tendency of the curved web to bow away from its center of curvature. The transverse 
stiffener dimensions for all the parametric study girders are summarized in Appendix G. 
The cases that are not adequate based on the AASHTO LRFD straight-girder criteria are 
indicated there. It can be observed that the transverse stiffeners sized based on the 
AASHTO (2001) criteria are adequate in all of the girders with Lb/R = 0.05 and 0.075. 
5.8 GIRDER DESIGN SUMMARY 
Figure 5.8.1 shows an example of one of the parametric test specimens with a "long" 
unsupported length. This specimen is designed with a cross-section aspect ratio D/bf = 
2.75, a flange slenderness ratio bf/tf = 25, a panel aspect ratio do/D = 3, a subtended angle 
between the cross-frame locations Lb/R = 0.05, and a target ij% = 0.50. The web plate 
of the test panel for this specimen is 7.62 mm (0.3 in) thick while the flange plates are 
17.7 mm (0.698 in) thick and 443.2 mm (17.45 in) wide for both the top and bottom 
flanges. The combination of Lb/R = 0.05 and f̂ /fb = 0.50 results in the longest 
unsupported length Lb for a given cross-section. This girder has an unsupported length of 
7.315 m (24 ft). The test cross-section is extended beyond the two middle bearing 
stiffeners by a distance of D/2, where D is the depth of the web. The outside segments 
are reinforced by increasing the web and flange thiclaiess over a length of 4:267 m (14 ft) 
on each side of the test section. This length is shaded within the figure and is labeled as 
region B. Within region A of the outside unsupported lengths, the girder has the same 
cross-section as the critical middle unsupported test segment. The label 2.75-25-25-160-
3-0.05-0.50 is utilized to refer to this girder; the numerical values in the label correspond 
to D/bf-bf/tf-D/tw-do/D-Lb/R-f/fb. This format is employed for identifying the different 
primary study girders throughout the discussion of the parametric studies. 
Figure 5.8.2 shows another example test specimen with a "short" unsupported length. 
This specimen is designed for a cross-section aspect ratio D/bf = 3.25, a flange 
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L,, = 7.315 m (24ft) 
- • * < -
L.= 7.315 m (24 ft) 
- • - * -
L.= 7.315 m (24 ft) 
29.54 x 443.2 mm (1.163 x 17.45 in) PL Intermediate Stiffener 
15.2 x 133mm(TYP) 
w B TEST SEGMENT :Br! 
12.2 x 1219 mm (0.48 x 48 in) PL 
Bearing Stiffeners, ea. side 
15.2xl77mm(TYP) 
2.743 m (9 ft) 4.267 m (14 ft) 
i - ^ ^ 
8.534 m (28 ft) 4.267 m (14 ft) . 2.743 m (9 ft) 
\ 
TEST SEGMENT 
17.7 x 443.2 mm (0.698 x 17.45 in) Flanges (b/tf = 25) 
7.62 x 1219 mm (0.3 x 48 in) Web (D/tw = 160) 
Figure 5.8.1. Specimen 2.75-25-160-3-0.05-0.50. 
slenderness ratio bf/tf = 25, a panel aspect ratio d0/D = 2, a subtended angle between the 
cross-frame locations W R = 0.10, and a target f̂ /fb = 0.35. The web plate of the test 
panel for this specimen is 7.62 mm (0.3 in) thick while the flange plates are 15.0 mm 
(0.591 in) thick and 375 mm (14.77 in) wide for both the top and bottom flanges. The 
combination of W R = 0.10 and f̂ /fi, = 0.35, along with a D/bf = 3.25 results in the 
shortest unsupported length of all the specimens considered in this research. This girder 
has an unsupported length of 2.438 m (8 ft). The outside segments in this girder are 
reinforced by increasing the web and flange thickness over a length of L2 = 1.219 m (4 ft) 
on each side of the test section. One additional transverse stiffener is placed at the center 
of the outside unsupported lengths,, and the length L2 is stopped at the middle of the 
outermost web panel in this case. 
The designs of the critical middle test segment for all the primary parametric study 
girders are summarized in Tables 5.8.1 to 5.8.5. The additional details regarding the 
cross-section plate lengths and thicknesses for the reinforced outside segments of these 
girders are tabulated in Appendix F. 
Lb Lh = 2.438 m (8 ft) 
-*»+«*- H^-# 
25.0 x 375 mm (0.985 x 14.77in) PL 
Bearing Stiffeners, ea. side 
150x22.2mm(TYP) 
12.2 x 1219 mm (0.48 x 48 in) PL Intermed. Stiffener 
113xl2.7mm(TYP) 
0.914 m (3 ft) 1.219 m (4 ft) 0.914 m (3 ft) 1.219 m (4 ft) 
3.658 m (12 ft) 
TEST SEGMENT 
15.0 x 375 mm (0.591 x 14.77 in) Flanges (b/tf = 25) 
7.62 x 1219 mm (0.3 x 48 in) Web (D/tw = 160) 
Figure 5.8.2. Specimen 3.25-25-160-2-0.10-0.35. 
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Table 5.8.1. Design summary for girders with D/bf = 2.25 and bf/tf = 25. 
D/W tw tf/tw <VD (2Dctw/(bftf) 
D = 1219 mm (48 in), bf = 541.8 mm (21.33 in), 
tf= 21.7 mm (0.853 in) 
Lb /R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
target f€/fb target f€/fb target f£/fb 












































2.31 3 0.97 
160 
7.62 mm 
(0.3 in) 2.84 1 0.79 
2 
3 
Table 5.8.2. Design summary for girders with D/bf = 2.75 and bf/tf =15. 
D/tw tw tf/tw do/D (2Dctw/(bftf) 
D = 1219 mm.(48 in), bf = 443.2 mm (17.45 in), 
t f= 29.54 mm (1.163 in) 
Lb/R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
target fr/fb target f,/fb target f,/fb, 











































(0.369 in) 3.15 




3.88 1 0.71 
2 
3 (2 ) 
do/D = 2 for Lb/R = 0.10 and target f,/fb = 0.35, since Lb/D = 2. 
NA for Lb/R = 0.10 and target L/fb = 0.35, since Lb/D = 2. 
Table 5.8.3. Design summary for girders with D/bf = 2.75 and bf/tf = 20. 
D/tw tw tf/tw do/D (2Dctw)/(bftf) 
D = 1219 mm (48 in), b f= 443.2 mm (17.45 in), 
tf= 22.2 mm (0.8725 in) 
Lb/R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
target f,/fb target f,/fb target f,/fb 
0.35 0.50 0.35 0.50 0.35 0.50 
100 12.2 mm 
(0.48 in) 1.82 
3 0) 1 < i 





































130 9.38 mm 
(0.369 in) 
2.36 ^0) 1.16 
160 7.62 mm 




(1) do/D = 2 for Lb/R = 0.10 and target f,/fb = 0.35, since Lb/D = 2. 
(2) NA for Lb/R = 0.10 and target f,/fb = 0.35, since Lb/D = 2. 
Table 5.8.4. Design summary for girders with D/bf = 2.75 and bf/tf = 25. 
D/tw i w tf/tw do/D (2Dctw/(bftf) 
D = 1219 mm (48 in), bf = 443.2 mm (17.45 in), 
t f= 17.7 mm (0.698 in) 
Lb/R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
target f,/fb target f,/fb target f,/fb 
0.35 0.50 0.35 0.50 0.35 0.50 
100 12.2 mm 
(0.48 in) 





































130 9.38 mm 
(0.369 in) 1.89 
3<0 1.45 
160 7.62 mm 
(0.3 in) 
2.33 1 1.18 
2 
3 (2) 
dVD = 2 for Lb/R = 0.10 and target f,/fb = 0.35, since Lb/D = 2. 
NA for Lb/R = 0.10 and target f,/fb = 0.35, since WD = 2 
Table 5.8.5. Design summary for girders with D/bf = 3.25 and bf/tf = 25. 
D/tw tw 
(mm.) 
tf/tw do/D (2Dctw/(bftf) 
D = 1219 mm (48 in), bf = 375.2 mm (14.77 in), 
tf= 15.0 mm (0.591 in) 
Lb/R = 0.05 Lb /R = 0.075 Lb/R = 0.l0 
target fe /fb target f̂ /fb target f̂ /fb 
0.35 0.50 0.35 0.50 0.35 0.50 
160 
7.62 mm 









































(2) NA for Lb/R = 0.075 and 0.10 with target f, /fb = 0.35, since Lb/D = 2.5 and 2. 
5.9 MODIFIED UNIFORM VERTICAL BENDING SUITE 
The modified uniform vertical bending suite is designed to consider the potential 
relative torsional movement between cross-fiames within a bridge. This can be achieved 
by subjecting the compression flange to a specified lateral displacement in addition to the 
vertical loads at the middle cross-frame locations 2 and 3, as shown in Fig. 5.9.1. Results 
from the uniform vertical bending case of the primary test suite show that lateral bending 
stresses in the compression flanges at the cross-frame locations are higher than those at 
the middle of the test segment. However, at a certain magnitude of the specified lateral 
displacements in the modified vertical bending test concept, the maximum elastic lateral 
flange bending moment and fb+f, occurs at the middle of the test segment. This is 
because the specified radial movements at locations 2 and 3 introduce approximately 
uniform lateral flange bending into the compression flange of the test segment. These 
moments increase the total lateral flange bending stresses at the middle of the test 
segment (see Fig 5.9.2). In contrast, they reduce the total lateral flange bending stresses 
at the cross-frame locations 
Two representative sets of test specimens are considered in the modified uniform 
vertical bending suite: Lb /R = 0.05 and 0.10, both with Lb based on a target f£/fb = 0.50 
in the uniform vertical bending load case of the primary test suite. An outward radial 
displacement of the top compression flange is specified at the two interior bracing-
applied loading locations. The magnitude of this displacement is set such that the 
second-order elastic M£ values in the compression flange (and the corresponding 
maximum elastic stresses fb + Q are approximately equal at the brace locations and at the 
center of the critical middle unbraced segment at incipient first yielding. Table 5.9.1 
summarizes the specified radial displacements applied to the compression flange at 
locations 2 and 3. 
Radial Displacement 
Figure 5.9.1. Application of radial displacements in the modified uniform vertical 
bending tests. 
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^ \ ^ 1 
™ p̂  
+ 
r^ & * _j 
^ j 
Warping Stress due to 
Vertical Bending 
War ping Stress due to 
Applied Radial Displacement 
Total 
Warping Stress 
Figure 5.9.2. Effect of radial displacements on flange lateral bending stresses at the 
middle of the test segment. 
The above radial displacements are imposed within the finite element model during 
the first step of the analysis. The vertical loadings are subsequently applied while the 
radial displacements at locations 2 and 3 are held constant at their specified values. The 
rationale for this loading protocol is as follows. Typically, if a critical outside curved 
girder unsupported segment fails, the entire bridge cross-section would tend to rotate due 
to this failure. This of course will tend to reduce the amount of restraint provided by the 
cross-frames at the ends of the critical unsupported length. However, in the vicinity of 
the maximum load level, the deformations v/ithin the critical segment will tend to grow at 
a faster rate than the overall bridge deformations, As a result, significant end restraint 
will still be provided to the critical segment. This restraint is of course less than if the 
girder web were held vertical at the cross-frame locations. 
It is believed that these boundary conditions within a hypothetical bridge are 
represented sufficiently (in the modified uniform vertical bending model) by imposing 
the radial flange displacement first, followed by application of the vertical loads. As 
noted above, this displacement is specified such that, at incipient yielding, the lateral 
bending moments M£ (and the maximum second-order elastic stresses ft, + Q are 
approximately equal at the cross-frames and at the mid-length of the critical unsupported 
segment. This tends to produce a "near worst-case" prediction of the load capacity and 
the load-displacement response, since it eliminates any inelastic redistribution in the top 
compression flange prior to formation of a three-hinge mechanism in flange lateral 
bending. 
2:50 
Table 5.9.1. Specified radial displacement of compression flange at locations 2 
and 3, modified uniform vertical bending tests. 
D/bf bf/tf D/V (VD 
IVR-0.05 Lb/R=0.10 
uR(mm) uR/Lb UR/D uR(mm) uR/Lb UR/D 
2.25 25 
100 3 69.1 0.007 0.057 19.6 0.004 0.016 
130 3 75.2 0.008 0.062 22.1 0.005 0.018 
160 
1 58.4 0.006 0.048 22.9 0.005 0.019 
2 73.7 0.008 0.060 27.4 0.006 0.023 
3 79.2 0.008 0.065 29.7 0.006 0.024 
2.75 
15 
100 3 49.5 0.007 0.041 16.5 0.005 0.014 
130 3 52.3 0.007 0.043 17.0 0.005 0.014 
160 
1 46.2 0.006 0.038 11.4 0.003 0.009 
2 48.8 0.007 0.040 14.7 0.004 0.012 
3 53.3 0.007 0.044 17.5 0.005 0.014 
20 
100 3 54.9 0.008 0.045 19.3 0.005 0.016 
130 3 61.0 0.008 0.050 19.3 0.005 0.016 
160 
1 47.8 0.007 0.039 16.0 0.004 0.013 
2 49.8 0.007 0.041 16.5 0.005 0.014 
3 65.3 0.009 0.054 19.8 0.005 0.016 
25 
100 3 57.7 0.008 0.047 19.3 0.005 0.016 
130 3 65.8 0.009 0.054 20.3 0.006 0.017 
160 
1 57.9 0.008 0.048 11.4 0.003 0.009 
2 65.0 0.009 0.053 17.0 0.005 0.014 
3 74.7 0.010 0.061 20.6 0.006 0.017 
3.25 25 160 
1 23.4 0.004 0.019 6.6 0.002 0.005 
2 26.9 0.004 0.022 8.1 0.002 0.007 
3 31.8 0.005 0.026 11.7 0.003 0.010 
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5.10 INTERNAL LOADING SUITE 
The internal loading suite is designed to verify the applicability of design equations 
when: 
• the maximum lateral flange bending moment occurs at the middle of the critical 
unsupported segment instead of at the cross-frame locations. 
• the critical curved girder segment is subjected to internal loadings on its top flange, 
resulting in a load height or tipping effect. 
• the critical unsupported length is subjected to a moment gradient 
The configuration for the internal loading tests is illustrated in Fig 5.10.1. A 
concentrated load is applied at the middle of the test section (segment 2-3). This load is 
distributed along a short length of the girder calculated to prevent local web yielding and 
web crippling. The resulting maximum lateral flange bending moment (and fb +ft) occurs 
at the middle of the test segment (although these values are approximately the same at the 
cross-frame locations). 
LOCATION 4 
Figure 5.10.1. Internal loading test configuration. 
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Only girders with d<j/D = 3 are considered within this test suite. Two representative 
sets of length-related parameters are studied: Lb /R = 0.05 and 0.10, both with Lb 
established such that f̂ /fb = 0.50 in the uniform vertical bending case of the primary test 
suite. The significance of these two sets is as follows. For the set with Lb /R= 0.05 and 
target LVfb = 0.50, all of the specimens have lateral-torsional buckling slenderness ratios 
X = Lb/rt larger than the corresponding kp (see Eq. (2-14)). The girders in the second set 
have the largest X = Lt/rt ratios of the girders in the primary suite with Lb/R = 0.10. 
Therefore, the tipping effect of the internal loading is "maximized," and the application 
of the moment gradient magnifier Cb can be verified. It should be noted that the refined 
formula developed by Kirby and Nethercot (1979) and provided in the commentary of the 
AASHTO LRFD (2001) Specifications is employed to determine Cb for this loading case. 
5.11 FREE-END SUITE 
The main purpose of the free-end test suite is to study the behavior and strength of the 
end unsupported lengths of bridge girders, where there is no flange lateral bending 
restraint at one end of the segment. This suite also provides an important verification of 
the maximum strength behavior of unbraced segments that have a significant moment 
gradient. Figure 5.11.1 shows the configuration of the loadings and supports for these 
tests. This is a three-point bending test in which the applied load is placed at the middle 
of the girder. Rigid radial supports are located at the load and end vertical support 
locations. 
LOCATION 3 
Figure 5.11.1. Free-end test configuration (three-point bending test). 
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Cross-sections with D/tw =160 and dJD = 3 are studied in this test suite. Values of 
Lb /R equal to 0.05 and 0.10 are considered along with a target second-order elastic ie/% 
of 0.60 (at the maximum load capacity of the member), based on shell finite element 
analysis. That is, the unsupported length Lb is selected such that fe 1% = 0.60 at the 
middle of the test specimens. This is accomplished by starting with an initial estimated 
Lb based on this requirement, conducting a full nonlinear analysis of the resulting girder 
to determine the maximum load capacity, performing a second-order elastic (geometric 
nonlinear) analysis of the girder at this load level, selecting a new Lb based on judgment, 
and iterating until the ratio of the second-order elastic stresses is within + 0.05 of the 
desired value. Table 5.11.1 summarizes the designs of the girders considered in this 
suite. 
Table 5.11.1. Design summary for girders considered in the free-end test 
configuration (D/tw = 160, d0/D = 3 and target second-order tt/fb = 0.60). 
D/bf b/tf tf/tw 2Dctw/bftf Lb /R = 0.05 Lb/R = 0.10 
2.25 25 2.84 0.79 Lb= 13.4 m (44 ft) 
R = 268 m (880 ft) 
Lb/b f=24.8 
Lb = 7.92 m (26 ft) 
R = 79.2 m (260 ft) 
Lb/b f=14.6 
2.75 15 3.88 0.71 Lb = 11.0m(36ft) 
R = 219 m (720 ft) 
Lb/bf=24.8 
Lb = 6.71m (22 ft) 
R = 67.1m(220ft) 
Lb/bf=15.1 
20 2.91 0.945 Lb = 11.0 m (36 ft) 
R = 219 m (720 ft) 
Lb/bf=24.8 
Lb = 6.41m (21 ft) 
R = 65.0 m (210 ft) 
Lb/bf=14.4 
25 2.33 1.18 Lb = 11.0 m (36 ft) 
R== 219 m (720 ft) 
Lb/b f=24.8 
Lb = 6.41m (21 ft) 
R = 64.0 m (210 ft) 
Lb/bf=14.4 
3.25 25 1.97 1.65 Lb = 8.53 m (28 ft) 
R = 171m (560 ft) 
Lb/b f=22.7 
Lb = 5.18 m (17 ft) 
R = 51.8 m (170 ft) 
Lb/bf=13.8 
It should be noted that all the specimens with Lb/R = 0.05 and target second-order 
f/fb= 0.60 are actually configured such that the lateral-torsional buckling slenderness 
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ratio is equal to A*. Furthermore, the specimens with Lb/R = 0.10 and target f£/ ft>= 0.60 
all have a lateral-torsional buckling slenderness ratio, (X - Xp)/(kT -Xp) equal to 0.25. 
5.12 LATERALLY UNSUPPORTED STRAIGHT GIRDER SUITE 
The laterally unsupported straight girder suite represents the case of straight girders 
with large unsupported length, subjected to combined vertical and lateral loads. In this 
suite, several straight girders are modeled with unbraced lengths such that the ratio 
(X - Xp) I (Xr - Xp) associated with the lateral-torsional buckling checks within the 
modified AASHTO LRFD (2001) equations (see Eq. (2-2)) is equal to 0, 0.25, 0.5, 0.75, 
and 1.0. The corresponding values of X = Lb/rt span the entire range associated with 
inelastic lateral-torsional buckling. Test specimens with D/tw - 160 and do/D = 3 are 
considered within this test suite. Table 5.12.1 summarizes the unbraced lengths for these 
girders. A total of 25 specimens is evaluated. 
Table 5.12.1. Design summary, laterally unsupported straight girders, D/tw = 160, 
d/D = 3. 
D/bf bf/tf rt 
Unbraced Length Lb 
for target (X - Xp) 1 (Xr - Xp) 


































































These girders are subjected to specified radial displacements at the middle cross-
frame locations (locations 2 and 3, see Fig. 5.12.1). The loading protocol is the same as 
in the modified vertical bending suite, except that the radial displacements are applied at 
both the top and bottom flanges. These displacements are specified such that, at the 
maximum load capacity of the member, the value off/ft, in the second-order elastic 
design analysis is approximately 0.6. A procedure similar to that described for the free-
end suite is employed to determine the appropriate Lb. Table 5.12.2 summarizes the 
resulting radial displacement at locations 2 aind 3. In this test scheme, the critical 
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unsupported segment is subjected to uniform primary bending moment about both its 
strong and weak axes. 
Lateral brace (typ) l I 
>i -k —^ ̂ x 
2S "" 7 \ "7% ~~ * > 
Location 2 Location 3 
Location 1 Location 4 
I L b I L b I L b I 
U* K4O •(-« = • ! 
Figure 5.12.1. Configuration of laterally unsupported straight girders. 
5.13 UNSYMMETRICAL GIRDERS 
Based on the results of the parametric studies with doubly symmetric cross-sections, 
two sets of girders are designed to investigate the effect of depth of the web in 
compression as well as to verify the applicability of the key design equations for 
unsymmetrical girders. The ratio of Dc/D = 0.65 is selected as a representative extreme 
case for all the unsymmetrical girders. It should be noted that this is approximately the 
maximum Dc/D ratio for which the AASHTO LRFD (2001) requirement of 0.1 < Iyc/Iy < 
0.9 is satisfied. The design of the first set of unsymmetric girders starts with the doubly 
symmetric cross-section based on D/bf = 2.75, bf/tf = 25, D/tw =130 and do/D = 3. This 
cross-section is then made unsymmetric by increasing the tension flange size while 
maintaining bft/tft = 25. The resulting section profile, which has an Iyc/Iy = 0.14 and 
2Dc/tw = 169, is shown in Fig. 5.13.1. 
The second set of unsymmetric girders starts with the doubly symmetric cross-section 
based on D/bf = 2.75, bf/tf = 20, D/tw =160 and do/D = 3. This cross-section is made 
unsymmetric by reducing the size of the compression flange while maintaining bfC/tfc = 
20. This girder, which has an Iyc/Iy = 0.10, a D/bfC = 4.77, and a 2Dc/tw = 208 is shown in 
Fig. 5.13.2. This girder is believed to be representative of extreme conditions involving 
a composite girder with a small top compression flange prior to placement of the deck. 
The Recommended Specifications state that D/bfC should be preferably less than five, but 
never less than 6.67. Based on the designs detailed in the previous sections of this 
chapter, it can be seen that even D/bfc = 3.25 can lead to quite restrictive lateral brace 
spacing in order to limit f/fb to desired target values. Few girders with highly slender 
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Table 5.12.2. Specified radial displacement of tension and compression flanges at locations 2 and 3, laterally unsupported 
straight-girder suite, D/tw = 160, d»/D = 3. 
D/bf bf/tf 
(X-XJKK-K) 
0 0.25 0.5 0.75 1.0 
























0.018 171 mm 






(2.642 in) 0.014 
109.2 mm 
(4.300 in) 0.017 
116.4 mm 














(5.421 in) 0.017 
162.1 mm 


















1219 mm (48 in) 
443.2 mm (17.45 in) 
H H 1. 
= il7.7 T 
mm (0.698 in) 
9.37 mm (0.369 in) 
692.2 mm (27.25 in) 
27.7 mm (1.09 in) 
Figure 5.13.1. Unsymmetric cross-section 2.75-25-169 (area of tension flange 
increased, Molding bf/tf constant, such that Dc/D = 0.65 and Iyc/Iy - 0.14). 
aspect ratios D/bfc have been tested experimentally, and these types of girders tend to be 
very flexible laterally. Therefore, it would appear that D/bfc = 5 might be considered as 
an upper limit, and that a smaller value of D/bfC should be recommended for practical 
design (at least in unsupported segments in which the design is controlled by flexure). 
A complete set of unsymmetric girder tests is obtained by utilizing the boundary and 
loading conditions of: 
1. The primary and the modified uniform vertical bending suites with both of the above 
cross-sections, for all combinations of Lb/R = 0.05 and 0,10 along with target first-
order elastic f̂ /fb values of 0.35 and 0.50 within the compression flange in the 
uniform vertical bending load case of the primary suite (based on shell finite element 
analysis). 
The internal loading suite for the cross-section 2.75-25-169 (area of tension flange 
increased) with Lb/R = 0.05 and 0.10 and the unsupported lengths determined in the 
above solutions. The internal loading cannot be applied with the cross-section 4.77-
20-208, since the length of the loading required to prevent web crippling is greater 
than the Lb determined above in (1). 
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3. The free-end suite for cross-section 4.77-20-208 (area of compression flange reduced) 
with Lb/R = 0.05 and 0.10 and a target second-order elastic f̂ /fb of 0.60 at the 
maximum load level. 
That is, a total of 22 tests are considered. It should be noted that the lengths of these 
girders are different than the lengths of the corresponding symmetric designs in order to 
satisfy the f̂  1% targets. 
255.4 mm (10.06 in) 
K — • H i 
1219 mm (48 in) 
12.8 mm (0.503 in) 
7.62 mm (0.300 in) 
HT 
22.16 mm (0.8725 in) 
443.2 mm (17.45 in) 
Figure 5.13.2. Unsymmetric cross-section 4.77-20-208 (area of compression flange 
reduced, holding bf/tf constant, such that Dc/D = 0.65 and Iyc/Iy = 0.10). 
Table 5.13.1 gives the length parameters for each of the unsymmetric girder tests. It 
should be noted that Eqs. (5-2) through (5-5) are also applicable to monosymmetric 
girders, and are used to estimate the required unsupported lengths for the primary suite 
cases, and thus also for the cases thait are extensions of the primary suite studies. With 
the exception of the design for Lb/R = 0.10 and f/fb = 0.5, in which Lb is selected as a 
multiple of 610 mm (2 ft), Lb is selected as the closest multiple of the web depth D = 
1219 mm (4 ft). The specified radial displacements for the modified uniform vertical 
bending tests of the unsymmetric girders are given in Table 5.13.2. 
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Table 5.13.1. Design summary for unsymmetric girder tests. 
Test Suite Lb/R = 0.05 
f/fb = 0.35 
Lb/R = 0.05 
f/fb = 0.50 
or 0.60 
Lb/R = 0.10 
f/fb = 0.35 
Lb/R = 0.10 
f/fb = 0.50 
or 0.60 
D/bfC = 2.75, bfc/tfc = 25, 2Dc/tw = 169, d0/D = .3 
Primary Lb = 4.88 m 
(16 ft) 
R = 97.5 m 
(320 ft) 
Lb/bfc =11.0 
Lb = 7.31m 
(24 ft) 
R = 1 4 6 m 
(480 ft) 
Lb/bfc =16.5 
Lb = 2.43 m 
(8 ft) 
R = 24.4 m 
(80 ft) 
Lb/bfc = 5.5 
Lb = 3.66 m 
(12 ft) 
R = 36.6 m 
(120 ft) 
Lb/bfC = 8.4 
Modified Uniform Vertical 
Bending 
Internal Loading 
D/bfc = 4 •77, bfc/tfC = 20, 2Dc/tw = 208, oVD = 3 
Primary Lb = 2.44 m 
(8 ft) 
R = 48.8 m 
(160 ft) 
Lb/bfc = 9.6 
Lb = 3.66 m 
(12 ft) 
R = 73.2 m 
(240 ft) 
Lb/bfc = 14.3 
L b = 1.22 m 
(4 ft) 
R = 12.19m 
(40 ft) 
Lb/bfC = 4.8 
Lb = 1.83 m 
(6 ft) 
R = 60 
(18.3 m) 
Lb/bfc = 7.2 
Modified Uniform Vertical 
Bending 
Free End '. If- , ' , i " ' • • •« , 'Mft V .- " > . v - , t !:•• Lb = 4.57 m 
(15 ft) 
R = 91.4m 
(300 ft) 
Lb/bfc =17.9 
',. /' '' *'. ' : , 
Lb = 2.44 m 
(8 ft) 
R = 24.4 m 
(80 ft) 
Lb/bfc = 9.5 
Table 5.13.2. Specified radial displacement of compression flange at locations 2 and 
3, modified uniform vertical bending, unsymmetric girders. 
D/bf bf/tf D/tw L/R 1/fb UR uR/Lb UR/D 
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DETAILED ANALYSIS RESULTS FOR REPRESENTATIVE 
PARAMETRIC SPECIMENS 
This chapter presents detailed finite element analysis results for several representative 
parametric specimens considered in this research. The responses addressed include the 
load versus the vertical and radial deflections, and the deformed geometry at the 
maximum load level. The following girders are studied: 
• Girder 3.25-25-160-1-0.10-0.351. This specimen has a relatively small Lb/bf = 6.5 
(see Table 5.8.5), but a relatively large D/bf = 3.25, bfc/tfc = 25, and 2Dc/tw = 160. 
Therefore, its design strength with respect to the one-third rule equations (see 
Sections 2.1.1 and 2.1.9.2) is controlled by inelastic flange local buckling, whereas it 
is compact with respect to lateral-torsional buckling. 
• Girder 2.75-25-160-1-0.05-0.50. This specimen has a relatively large Lb/bf = 16.5 
(see Table 5.8.4), such the lateral-torsional check by the one-third rule is based on 
inelastic buckling. The lateral-torsional and local buckling checks for this girder are 
nearly equal. However, due to its large bfC/tfC = 25, inelastic flange local buckling 
controls its design strength. Nevertheless, significant lateral-torsional buckling 
deformations are expected at the flexural strength limit state. 
• Girder 2.75-15-100-3-0.05-0.50. This specimen has a relatively large Lb/bf = 16.5 
(see Table 5.8.2), combined with a compact flange (bf/tf = 15) and a lightly stiffened 
nonslender web (2Dc/tw =100 and dJD = 3). Inelastic lateral-torsional buckling 
controls its flexural strength. 
• Girder 2.75-15-100-3-0.10-0.50. This specimen has a relatively small Lb/bf =8.3 (see 
Table 5.8.2), combined with a compact flange (bf/tf = 15) and a lightly stiffened 
nonslender web (2Dc/tw =100 and do/D = 3). By the one-third rule equations, its 
flexural design strength is based on general yielding. That is, local flange and lateral-
torsional buckling are assumed to have a negligible influence on the design flexural 
strength of this specimen. 
1 As noted in Section 5.8, the parametric study specimens are designated by specifying the numeric values 
for the normalized design parameters in the following order: D/brb/trD/tw-do/D-Li/R-f/fb. Therefore, 
girder 3.25-25-160-1-0.10-0.35 has D/bf = 3.25, bfc/tfc = 25, 2Dc/tw = 160, (VD = 1, Lb/R = 0.10 and a target 
f/fb = 0.35. 
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The results for each of the above girders are presented in Sections 6.1 through 6.4 
respectively. The uniform vertical bending, maximum V/M and high-shear high-moment 
loading tests of the primary suite are considered for both of the first two girders. For the 
second girder, the results for the modified vertical bending as well as the internal loading 
tests are also presented. Finally, for the third and fourth girders, the uniform vertical 
bending results from the primary test suite are provided. After the discussion of the basic 
load-deflection and deformed geometry results in Sections 6.1 through 6.4, Section 6.5 
considers the relative flexural ductility of these specimens along with the predicted 
flexural ductility of the experimental tests for which the load-deflection results were 
previously presented in Section 4.7. 
6.1 SPECIMEN 3.25-25-160-1-0.10-0.35 'flu/fr = 25, W b f = 6.5) 
Figures 6.1.1 and 6.1.2 are plots of the load (P2 = P3) versus the vertical and radial 
displacements at the middle of the critical unsupported length for the primary uniform 
vertical bending test of specimen 3,25-25-160-1-0.10-0.35. Figure 6.1.3 shows the 
magnified deformed geometry at the peak load in this test. The mode of failure in this 
test is clearly flange local buckling. 
Figure 6.1.4 is a plot of the load at location 2 versus the vertical displacement at this 
location in the maximum V/M test of this specimen. Figure 6.1.5 shows the magnified 
deformed geometry at the peak load in this test. The development of a diagonal tension 
field in each of the critical web panels is apparent, with the larger distortions occurring 
within the right-most panel in the figure. 
Figure 6.1.6 is a plot of the load P2 versus the vertical displacement at this location in 
the high-shear high-moment test of specimen 3.25-25-160-1-0.10-0.35, whereas Fig. 
6.1.7 shows the magnified deformed shape at the peak load in this test. The load 
parameter a is equal to 0.06. It is apparent that the failure mode in this test involves both 
predominant web buckling and development of tension-field action in the left-most web 
panel of the middle unsupported length (adjacent to the maximum moment location), as 
well as local buckling within the compression flange in this panel. 
All of the above load-deflection curves corresponding to high-moment exhibit mild 
load shedding as the specimen is displaced beyond its maximum load capacity. The 
shear test specimen exhibits a significant plateau in its load versus vertical displacement 
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Figure 6.1.3. Deformed mesh at peak load, uniform vertical bending, Specimen 3.25-25-160-1-0.10-0.35 
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Figure 6.1.4. Load P2 versus vertical displacement at location 2, maximum V/M, Specimen 3.25-25-160-1-0.10-0.35. 
fc4 
Figure 6.1.5. Deformed mesh at peak load, maximum V/M, Specimen 3.25-25-160-1-0.10-0.35 












S i nnn 
* * l U V U 
I 
500 
V : 0 Q •*! 
1 
1 
A v ^ > ' — v 
1 / 
/ 
1 1 i — - i i 
10 15 20 25 
Vertical Displacement (mm) 
30 35 40 





Figure 6.1.7. Deformed mesh at peak load, high-shear high-moment (a = 0.06), Specimen 3.25-25-160-1-0.10-0.35 
(displacement magnification factor = 8.0). 
6.2 SPECIMEN 2.75-25-16Q-3-0.05-0.50 (bi/tf = 25, W b f =16.5) 
Figures 6.2.1 and 6.2.2 present the load (P2 = P3) versus the vertical and radial 
displacements for the primary uniform vertical bending test of specimen 2.75-25-160-3-
0.05-0.50. Figure 6.2.3 shows the magnified deformed geometry at the peak load in this 
test. The failure mode is still dominated by flange local buckling. However, some 
torsional rotation at the middle of the critical unsupported length is evident. 
Figure 6.2.4 is a plot of the load at location 2 versus the vertical displacement at this 
location in the maximum V/M test of this specimen. Apparently due to its longer 
unsupported length, this girder does not maintain a long plateau in the load-deflection 
response after the peak load in this shear test (as was the case with specimen 3.25-25-
160-1-0.10-0.35). Rather, a gradual unloading similar to the behavior for the previously 
considered uniform vertical bending and high-shear high-moment response for specimen 
3.25-25-160-1-0.10-0.35 is exhibited. Due to its longer unsupported length, the vertical 
bending moment at the ends of the critical unsupported segment is equal to 0.89 of the 
yield moment My = Fyc Sxc when specimen 2.75-25-16-3-0.05-0.50 reaches its capacity 
under the maximum V/M loading. Figure 6.2.5 shows the magnified deformed geometry 
at the peak load in this test. Similar to the shear test discussed in Section 6.1, the 
magnified deformed shape at the maximum load level indicates the development of 
tension-field action within both web panels of the critical unsupported length. Significant 
flange torsional rotations are apparent within Fig. 6.2.5. 
The high-shear high-moment load-deflection curve at location 2 for specimen 2.75-
25-160-3-0.05-0.50 is shown in Fig. 6.2.6. This is actually one of the tests within the 
primary suite in which Mn(FEA)/0.8Vn(FEA) is less than 0.55 (see the discussion in Section 
5.5). The computed value of Mn(FEA;/0.8Vn(FEA) for this test is 0.53. Therefore, this 
girder satisfies the criterion defined in Section 5.5 for excluding the high-shear high-
moment loading case. Nevertheless, the high-shear high-moment results are analyzed 
and shown here. Based on Mn(FEA)/0.8Vn(FEA)
= 0.53 and Eq. (5-1), an a of 0.32 is 
employed for the high-shear high-moment loading. Figure 6.2.7 shows the deformed 
geometry at the maximum load in this test. Significant web distortion, associated with 
the development of tension-field action, and significant local buckling distortion of the 
top flange at the left-hand end and of the bottom flange at the right-hand end of the 
critical unsupported length are evident. As would be expected, the deformed shape at the 
maximum load and the overall load-deflection results for this high-shear high-moment 
case are only slightly different than those shown for the maximum V/M case in Figs. 
6.2.3 and 6.2.4. The influence of hijgh bending moment on the flange and web distortions 
at location 2 is slightly more apparent in Fig. 6.2.7 than in Fig. 6.2.6. 
The shapes of the load-deflection curves for specimen 2.75-25-160-3-0.05-0.50 are 
generally less ductile than those of the shorter specimen presented in Section 6.1. This 
difference is most dramatic for the shear tests (compare Fig. 6.2.4 to 6.1.4). 
The load-deflection results for the modified uniform vertical bending test of specimen 
2.75-25-160-3-0.05-0.50 are shown in Fig. 6.2.8 and 6.2.9, and the deformed geometry at 
the maximum load capacity is presented in Fig. 6.2.10. The vertical load-displacement 
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response in Fig. 6.2.8 is changed only slightly relative to the corresponding primary 
uniform vertical bending curve in Fig. 6.2.1. The elastic deflections are slightly larger in 
Fig. 6.2.8 and the maximum load is slightly reduced. The last point in both of these load-
deflection curves corresponds to approximately the same load and deflection values. 
However, the radial displacements are significantly larger in the modified uniform 
Vertical bending test (compare Fig. 6.2.9 to Fig. 6.2.2). The twisting of the specimen at 
the middle of the critical unsupported length is more significant in Fig. 6.2.10 than in Fig. 
6.2.3. 
Figures 6.2.11 and 6.2.12 are plots of the load versus the vertical and radial 
displacements of specimen 2.75-25-160-3-0.05-0.50 for the internal loading test, and Fig. 
6.2.13 shows the deformed geometry at the maximum load in this test. The overall 
shapes of the load-displacement curves for this test are very similar to those of Figs. 6.2.1 
and 6.2.2. Some web bend buckling is apparent in Fig. 6.2.13, but the clear mode of 
failure in this figure is flange local buckling on the right-hand side of the mid-girder 
maximum moment location. 
6.3 SPECIMEN 2.75-15-100-3-0.05-0.50 (br/U = 15, W b f = 16.5) 
Figures 6.3.1 and 6.3.2 show the load (P2 = P3) versus the vertical and radial 
displacements for the primary uniform vertical bending test of specimen 2.75-15-100-3-
0.05-0.50. Figure 6.3.3 shows the magnified deformed geometry at the peak load for this 
test. Lateral buckling of the compression flange and twisting of the cross-section are 
apparent in this figure. Local buckling distortions of the compression flange are also 
visible in Fig. 6.3.3. This is to be expected., even though inelastic lateral-torsional 
buckling controls the design strength. It is well known that local and lateral-torsional 
buckling distortions generally occur together (Lukey and Adams 1969, ASCE-WRC 
1971), although the design idealizations by AASHTO (2001), AISC (1999) and the one-
third rule accurately capture the response without the need to consider any interaction 
between the lateral-torsional and local buckling limit states. The load-vertical 
displacement curve in Fig. 6.3.1 is slightly more rounded at its peak than the 
corresponding curves for the noncompact flange cases in Figs. 6.1.1 and 6.2.1. 
However, the overall unloading characteristics of this compact-flange specimen are not 
significantly different than those of the noncompact flange cases after the specimens shed 
about 10 percent of their maximum load. The load-radial displacement curve in Fig. 6.3.2 
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Figure 6.2.3. Deformed mesh at peak load, uniform vertical bending, Specimen 2.75-25-160-3-0.05-0.50 
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Figure 6.2.5. Deformed mesh at peak load, maximum V/M, Specimen 2.75-25-160-3-0 05-0 50 
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Figure 6.2.7. Deformed mesh at peak load, high-shear high-moment, Specimen 2.75-25-160-3-0.05-0.50 
(displacement magnification factor = 8.0). 
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Figure 6.2.10. Deformed mesh at peak load, modified uniform vertical bending, Specimen 2.75-25-160-3-0.05-0 50 
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Figure 6.2.12. Load P versus radial displacement at top flange at mid-span of critical segment, internal loading, 
Specimen 2.75-25-160-3-0.05-0.50. 
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Figure 6.2.13. Deformed mesh at peak load, internal loading, Specimen 2.75-25-160-3-0.05-0.50 
(displacement magnification factor = 10). 
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Figure 6.3.2. Load P2 versus radial displacement at mid-span of critical segment, uniform vertical bending, 
Specimen 2.75-15-100-3-0.05-0.50. 
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6.4 SPECIMEN 2.75-15-100-3-0.10-0.50 (Wfr = 15. LJbf = 8.3) 
The load (P2 = P3) versus the vertical and radial displacement curves at the middle of 
the critical unsupported segment for the primary uniform vertical bending test of 
specimen 2.75-15-100-3-0.05-0.50 are shown in Figures 6.4.1 and 6.4.2. Figure 6.4.3 is a 
plot of the deformed geometry at the maximum load in this test. The load-deflection 
curves in Figs 6.4.1 and 6.4.2 are somewhat more ductile than all of the previous 
comparable curves (see Figs 6.1.1, 6.2.1 and 6.3.1 for the load-vertical displacement and 
Figs. 6.1.2, 6.2.2 and 6.3.2 for the load-radial displacement). However, these curves still 
exhibit a mild load-shedding response. In spite of the facts that this specimen has a 
flange that nearly meets the traditional plastic design compactness requirements and the 
compression flange bracing satisfies the AASHTO (2001) and AISC (1999) compactness 
requirements, it is not able to sustain an extended plateau in the load-vertical 
displacement response, as is typical of straight girders that meet these limits. 
The reason for this behavior is somewhat simple. P-delta lateral bending moments 
are generated in the compression flange due to the radial displacements induced by the 
initial horizontal curvature. Sidesway beam-column members subjected to significant 
axial compression exhibit similar characteristic load-deflection curves. It appears that it 
is not practical in general to limit the lateral brace spacing and the compression flange 
slenderness to smaller values in an attempt to further alleviate this mild load shedding 
response. Fig. 6.4.3 shows that the mode of failure (i.e., the response associated with the 
maximum capacity limit) in specimen 2.75-15-100-3-0.05-0.50 is predominantly local 
flange buckling 
6.5. EVALUATION OF GIRDER FLEXURAL DUCTILITY 
The load versus displacement plots reviewed in the previous four sections and in 
Section 4.7 provide useful information about the ductility of horizontally-curved I 
girders, i.e., the ability of these types of girders to sustain vertical loadings after their 
maximum load capacities are exceeded. This characteristic is important in that it 
provides an indication of how rapidly a failed curved-girder segment will shed its load to 
other portions of the bridge system. If the adjacent components of a bridge are not 
sufficiently designed to sustain the extra loads that are shed from a failed girder segment, 
or if the equilibrium of the bridge system does not allow for significant shedding of load 
from the failed component, then a catastrophic failure of the full bridge system becomes 
more likely when the load-shedding response of the critical curved segment is more 
severe. This is likely to be an issue in the outside girder of a curved bridge that has only a 
few main girders; the three-girder system utilized in the FHWA-CSBRP tests at the 
Turner-Fairbank laboratory is an example of this, with the exception that its cross-frames 
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Figure 6.4.2. Load P2 versus radial displacement at mid-span of critical segment, uniform vertical bending, 
Specimen 2.75-15-100-3-0.10-0.50. 
v© 
Figure 6.4.3. Deformed mesh at peak load, uniform vertical bending, Specimen 2.75-15-100-3-0.10-0.50 
(displacement magnification factor = 15.0). 
It can be argued that load-inelastic deflection curves provide a better indication of the 
member ductility than load-total deflection curves, since inelastic deflections are the 
primary source of load shedding or redistribution within the structural system. Therefore, 
the previous load-total displacement curves from the uniform vertical bending, modified 
uniform vertical bending, and internal load studies are converted to load-inelastic 
displacement curves in this section. These curves are compared directly, and also they 
are compared after normalization, by dividing the load by its corresponding maximum 
value and dividing the displacement by the unsupported length Lb. The corresponding 
curves for the load versus the vertical displacement at the girder mid-length are shown for 
all the parametric study specimens considered in the previous sections in Figs. 6.5.1 and 
6.5.2. Similar curves for the load versus radial displacement at the girder mid-length are 
presented in Figs. 6.5.3 and 6.5.4. It should be noted that the plastic displacements are 
obtained simply by determining the initial elastic slope of the curves (K), and then 
subtracting the applied load divided by K from the displacement at each of the data 
points. 
It can be observed that all the specimens tend to reach a peak load at relatively small 
plastic displacements, and subsequently exhibit a gradual shedding of their load. The 
specimens with compact flanges (bfC/tfc = 15) do not shed their load as rapidly while the 
normalized plastic displacements (vertical and radial) are less than about 0.006. 
However, for normalized plastic displacements larger than this magnitude, the load-
shedding rate is approximately the same in all of the specimens. 
Figures 6.5.5 and 6.5.6 show comparable results for the load-vertical displacement 
obtained from the analysis results for girders LI-A and L2-A (see Fig. 4.1.2, Tables 4.2.1 
and 4.2.2, and Figs. 4.7.1 and 4.7.2). These curves are very similar in their characteristics 
to the curves for the compact flange girders in Fig. 6.5.1, although the curves are not 
quite as rounded within the vicinity of the peak load. The total loads versus the plastic 
vertical displacements are shown for tests Bl through B7 in Figs. 6.5.7 and 6.5.8 (see 
Figs. 4.1.11 and 4.1.12, Tables 4.2.5 through 4.2.7, and Figs. 4.7.7 through 4.7.13). 
Again, the girders with the more slender flanges appear to shed their loads more rapidly 
at small plastic displacements than the girders with compact flanges. However, in these 
tests, it is apparent that some system effects are influencing the total load on the bridge 
such that the girders with more slender flanges exhibit a stable reloading response after a 
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Figure 6.5.1. Load P2 versus plastic vertical displacement at the mid-length of the 
parametric study specimens, uniform vertical bending and internal load cases. 
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Figure 6.5.2. Normalized applied load versus plastic vertical displacement/Lb for 
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Figure 6.5.3. Load P2 versus plastic radial displacement of parametric study 
specimens, uniform vertical bending and internal load cases. 
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Figure 6.5.4. Normalized applied load versus plastic radial displacement/Lb of 
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Figure 6.5.5. Applied load versus plastic vertical displacement of specimens 
Ll-AandL2-A. 
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Figure 6.5.6. Normalized applied load versus plastic vertical displacement/Lb of 






50 100 150 
Plastic Vertical Displacement (mm.) 
-B2 
-B3 
- R £ 
-B7 
200 250 
Figure 6.5.7. Total applied load versus plastic vertical displacement of specimens 
B1-B7. 
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Figure 6.5.8. Total normalized applied load versus plastic vertical displacement/Lb 
of specimens B1-B7. 
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CHAPTER VII 
PARAMETRIC STUDY RESULTS - VERTICAL BENDING 
STRENGTH 
This chapter compares the flexural strengths predicted by four of the design equations 
discussed in Chapter II to the corresponding strengths determined within the finite 
element parametric study. The flexural strength equations evaluated are: 
1. The design strength formulas within the Recommended Specifications (Hall and Yoo 
1998), which are based on the stresses obtained from a first-order elastic analysis (see 
Section 2.1.2), 
2. The flexural strength interaction equations of the Hanshin Guidelines (Hanshin 1988) 
(see Section 2.1.6), 
3. Yoo's (1996) cross-section yield interaction equations, with the maximum internal 
flange lateral bending moment M, computed based on the V-load method, Eq. (1-6)1 
(see Section 2.1.8.2), 
4. Yoo's (1996) cross-section yield interaction equations, with the flange lateral bending 
stresses determined from direct elastic analysis, and 
5. The proposed one-third rule equations for flexural strength (see Section 2.1.9). 
With the exception of the Recommended Specification equations and the combination of 
Yoo's cross-section yield interaction equations with the V-load solution, the design 
strength calculations are performed both with first and second-order elastic stresses. In 
all the studies within this chapter, these elastic stresses are calculated using the same shell 
finite element models employed in full nonlinear analyses to determine girder capacities, 
but with no geometric imperfections or residual stresses included and with an assumed 
linear elastic material response (see Section 3.6). As noted in Section 2.1.2, the 
Recommended Specification equations estimate the second-order elastic amplification 
implicitly within their strength reduction factors. Example calculations for the first, 
fourth and fifth methods in the above list are provided in Section 4.5.1. 
The chapter is organized as follows. Sections 7.1, 7.2 and 7.3 present the overall 
results for the uniform vertical bending case of the primary test suite (Section 5.3), the 
1 Yoo (2000) recommends that the coefficient of "12" should be utilized in the denominator of Eq. (1-6) 
for the calculation of M, rather than the values "10" or "14" discussed in Section 2.1.8. Equation (1-6) is 
applied directly, with the coefficient of 12, in this chapter. 
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modified uniform vertical bending suite (Section 5.9), and the internal loading suite 
(Section 5.10). These are followed by several sections that evaluate the quality of the 
different strength predictor equations for specific girder classifications culled out of the 
complete results from Sections 7.1 through 7.3. Section 7.4 evaluates the predictions for 
cases in which the strength is controlled by flange local buckling within the proposed 
one-third rule checks. Section 7.5 then evaluates the predictor equations for the cases 
that are controlled by lateral-torsional buckling within the one-third rule equations. 
Section 7.6 presents the results for cases in which the girder compression flange 
slenderness as well as the cross-frame spacing satisfy the compactness requirements of 
the one-third rule provisions, i.e., cases in which the capacity is based on flange plastic 
strength. Sections 7.7 and 7.8 then evaluate the characteristics of the design equation 
predictions for nonslender and slender-web girders respectively. Lastly, Section 7.9 
evaluates the influence of transverse stiffener spacing on the vertical bending strength. 
The above sections focus on the vertical bending strength of internal unsupported 
segments within a horizontally curved bridge. Section 7.10 presents the results for the 
tests that target the behavior of end unsupported lengths of horizontally-curved girders, 
where there is no flange lateral bending restraint at one end of the segment (see Section 
5.11 for the design of these tests). The strength predictor equations are evaluated for 
straight-girders subjected to combined vertical and lateral bending, and with relatively 
long unsupported lengths in Section 7.11 (the design of these tests is described in Section 
5.12). Section 7.12 considers the accuracy of the design predictor equations for the 
unsymmetric girder suite (see Section 5.13). Then, Section 7.13 provides a discussion of 
effect of the idealized residual stresses from heat curving versus cut curving on vertical 
bending strengths. Section 7.14 presents a final summary of the flexural strength 
predictions by each of the methods evaluated in this chapter for the combined set of all 
the flexural strength tests. 
The last section of the chapter, 7.15, focuses on the amplification of the compression 
flange lateral bending stresses obtained by the second-order elastic design analyses 
conducted within the parametric studies, and evaluates several simple amplification 
factor equations based on these results. Also, the results for the second-order elastic f/fb 
values are compared to the predictions by the simple V-load equation for several 
groupings of the test data. 
The reader is referred to Chapter 3 for a complete description of the finite element 
models utilized for full nonlinear analysis to determine the flexural strengths as well as 
the elastic design analysis stresses. The full nonlinear analyses include the effects of 
nominal residual stresses and geometric imperfections. The first- and second-order 
elastic design analyses do not include these attributes. 
In the calculation of the flexural strengths as per the Recommended Specification 
equations, the provisions of these Specifications are employed to define whether the 
section is compact or noncompact (see Section 2.1.2.8). However, the maximum limit on 
the flange slenderness from these Specifications (Eq. 2-47a) is not enforced. Also, the 
limit of bfc/tfc < 24 specified for the one-third rule equations (which is a practical 
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fabrication limit on the flange slenderness of bridge I girders adopted from AASHTO 
LRFD (2001)), as well as the maximum bfc/tfC limit specified by the Hanshin Guidelines, 
are not enforced here. That is, the ndncompact section strength equations are applied up 
to the maximum bfC/tfc = 25 considered in the parametric studies. As noted in Section 5.4, 
the value bfC/tfC = 25 is selected for the parametric studies in order to test at a slightly 
more severe flange local buckling condition than permitted by the existing specifications. 
Both interpretations of the flange applied lateral bending stress at the cross-frame 
locations (referred to as fw in Section 2.1.2) - McMamis's (1971) original interpretation 
and the interpretation by Hall et al. (1999) — are considered for the primary test suite in 
Section 7.1. However, only McManus's interpretation is considered within the 
subsequent studies. The reader is referred to Sections 2.1.2.6 and 2.1.2.7 for a detailed 
discussion of each of these interpretations. 
In this chapter, the web stress limits discussed in Section 2.1.2.9 are not applied in the 
calculation of the design strengths per the Recommended Specifications. 
Finally, in the calculation of the flexural strengths per Yoo's (1996) noncomposite 
compact-flange section and noncompact section yield interaction equations, the compact 
flange slenderness limit of the one-third rule equations (Eq. 2-5) is employed to define 
the transition between these two sets of equations. 
This chapter focuses on the overall statistical trends in the flexural strength data from 
the parametric study tests. The reader is referred to Appendix A for a detailed summary 
of the strength data for all of the individual cases. 
7.1 PRIMARY TEST SUITE 
Table 7.1.1 gives statistics for the complete set of doubly symmetric specimens tested 
in uniform vertical bending within the primary parametric study suite. The data in this 
table, as well as in the subsequent tables of this chapter, are presented in the following 
format. The tables focus predominantly on the ratios of the strengths predicted by the 
different design equations to the full nonlinear finite element analysis based strengths. 
The arithmetic mean and the standard deviation by the nonbiased or "n-1" method for a 
population sample 
std.dev. = . . M ^ "±±J- (7-1 
^ n ( n - l ) 
where n is the number of tests within the sample and x is the parameter that the standard 
deviation is being taken of, are provided along with the maximum and minimum values 
for the set. The tables are subdivided into two main sections. The first section presents 
the data based on second-order elastic design analysis stresses and the second section 
gives the results based on first-order elastic design analysis stresses. 
299 






















Second-Order Elastic Analysis 
Avg. 1.06 0.84 0.88 0.93 
Std. dev. 0.05 0.05 0.06 0.04 
High 0.96 0.87 1.16 0,98 1.02 1.04 
Low 0.71 0.65 0.93 0.73 0.75 0.84 
First-Order Elastic Analysis 
Avg. 1.06 0.74 0.86 0.87 0.91 0.94 
Std. dev. 0.05 0.15 0.05 0.06 0.06 0.04 
High 0.96 0.87 1.16 1.06 0.98 1.00 1.02 1.05 
Low 0.71 0.65 0.93 0.57 0.76 0.73 0.78 0.85 
The second column in the tables gives the range of all the finite element based 
flexural strengths relative to the cross-section yield moment, neglecting lateral flange 
bending and residual stress effects (My), while the third column gives the range of all the 
finite element based flexural strengths (from full nonlinear analysis) to the section plastic 
moment capacity, neglecting flange lateral bending effects (Mp). The average and 
standard deviation of these strength ratios are not provided, since this information is not 
relevant to the discussions. The parametric study is designed to test girders with a wide 
range of Mn/My and Mn/Mp values, where M„ is the vertical bending moment capacity. 
The fourth column in the tables gives the statistics for the ratio of the design strength 
predicted by the proposed modified AASHTO LRFD (2001) straight-girder equations 
(see Section 2.1.1) to the finite element based strengths. This ratio is expected to be often 
greater than one, since these equations do not account for the flange lateral bending 
effects. These results are presented to indicate the magnitude of the reduction in the 
vertical bending strengths relative to accurate straight girder strength estimates. 
The fifth through the ninth columns of the tables present the statistics for each of the 
strength predictor approaches listed at the beginning of this chapter, expressed in terms of 
the ratio of the design strengths to the finite element based strengths. The "best" (i.e., 
most accurate) value or values for each of the statistical quantities is shaded within the 
corresponding cell(s) of the table. It should be noted that the statistics for the 
Recommended Specification equations and for the combination of Yoo's (1996) cross-. 
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section yield interaction equations with the V-load formula (labeled as "Yoo w/ Approx. 
M/') are not reported within the second-order elastic analysis based section of the tables. 
This is because the V-load solution is simply an approximate first-order elastic analysis, 
and also, the Recommended Specification formulas are based on a first-order elastic 
analysis of the bridge superstructure. Nevertheless, the Recommended Specification 
equations do incorporate an approximate second-order elastic amplification within their 
strength reduction terms. As a result, their strength ratios are based on estimated second-
order elastic stresses. The Recommended Specification equation results are reported 
only within the first-order elastic analysis section of the table to avoid confusion about 
the design analysis method. When the statistical quantities for this method are the most 
accurate of the second-order elastic analysis-based results, the corresponding values are 
shown within the appropriate shaded cell in the first section of the table. 
7.1.1 Differences Between First- and Second-Order Elastic Based Design Checks 
The differences between the strength ratios based on first- and second-order elastic 
design analysis based strength ratios shown in Table 7.1.1 are typical of many of the 
cases studied. Section 7.15 addresses the specific amplification of the compression 
flange lateral bending stresses obtained in the primary test suite. The second-order elastic 
amplification of these stresses ranges from 1.01 to 1.39 within these tests, although 107 
of the 133 girders have an amplification between five and 20 percent. This amplification 
is larger for some of the other test suites considered subsequently. 
The one-third rule equations (Eqs. 2-90) are relatively insensitive to these small 
changes in the estimates of the maximum flange lateral bending stresses, compared to the 
other equations, due to the small slope of the resulting vertical-lateral bending interaction 
curves (see Figs. 2.1.21 and 2.1.22). If the lateral bending stress is equal to 0.5Fy (the 
maximum allowed value of the lateral bending stress within the one-third rule approach), 
and if the error in the estimate of this stress is 15 percent, the resulting error in the 
strength reduction due to lateral bending is only (0.5Fy)(0.15)(l/3) = 0.025Fy. The 
Hanshin equations, Yoo's (1996) noncompact section yield-interaction equations and the 
Recommended Specification noncompact section equations are more sensitive to errors in 
the estimate of the flange lateral bending stresses. Yoo's and the Recommended 
Specification noncompact equations are based directly on first-yield, and as noted in 
Section 2.1.6, the Hanshin equation reduces to a first-yield limit as R becomes large. 
The first-yield condition is more sensitive to the value for the flange lateral bending stress 
than other strength checks. 
As shown in Table 7.1.1, the largest difference in the average of the strength ratios 
(i.e., the design equation strength divided by the finite element based strength) associated 
with the calculation of second-order elastic versus first-order elastic stresses is only 0.03 
(0.88 versus 0.91 for Yoo's cross-section yield interaction equation). Therefore, the 
first-order elastic analysis based results are not discussed further within this section, 
except for the results of the equations that are based directly on first-order elastic 
analysis. The discussions focus on the second-order elastic analysis based results, since 
these provide the most precise evaluation of the accuracy of the design resistance 
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formulas. Also, the subsequent discussions in Sections 7.2 through 7.14 focus on the 
strength ratios based on second-order elastic analysis stresses, with the exception of the 
Recommended Specification and "Yoo w/ Approx. M/' values. Estimation of the 
second-order elastic stresses via first-order elastic analysis and amplification factors is 
addressed in Section 7.15. 
7.1.2 Evaluation of Strength Ratio Statistics 
One can observe from Table 7.1.1 that the one-third rule equations provide the most 
accurate prediction on average of the finite element based strengths (0.93) along with the 
smallest standard deviation (0.04) and the most accurate minimum value (0.84). Their 
maximum strength ratio obtained in these tests (1.04) is slightly larger than the 
corresponding maximum values obtained with Yoo's equations (1.02) and with the 
Hanshin equations (0.98). The average strength ratios for the other second-order elastic 
stress based predictions are all significantly smaller than those of the proposed equations 
(0.74, 0.84 and 0.88 for the Recommended Specification, Hanshin and Yoo equations 
respectively). These smaller estimates are due largely to the first-yield nature of the 
Recommended Specification and Yoo (1996) design strength estimates when the girder 
compression flange is noncompact, and due to the similar form of the Hanshin equations 
for both compact and noncompact section girders. It should be noted that McManus's 
(1971) interpretation of fw is employed for calculation of the Recommended 
Specification values in Table 7.1.1. 
Yoo's (1996) equations combined with the V-load estimate of the flange lateral 
bending moment give a strength ratio of 0.87 on average. The V-load equation tends to 
slightly overestimate the maximum flange lateral bending moment in these tests (see 
Section 7.15.3), thus producing a less accurate overall prediction of the vertical bending 
strength. The overestimate by the V-load equation is largely due to the fact that flange 
warping or lateral bending rotations are not fully restrained at the ends of the critical test 
segment in the primary test suite. The V-load solution of Eq. (1-6) is based on the 
assumption of symmetry (fully-fixed) boundary conditions with respect to flange warping 
at the cross-frames. 
The Recommended Specification equations have a significantly higher standard 
deviation than the other equations (0.15). This is largely due to dramatic reduction in the 
accuracy of the predictions by McManus's (1971) first-yield based noncompact section 
equations versus the predictions by his compact section equations. These differences are 
highlighted by the statistics for the separate girder classifications in Sections 7.4 and 7.6. 
Table 7.1.2 summarizes the Recommended Specification results if the interpretation 
of the flange lateral bending stresses proposed by Hall et al. (1999) is employed rather 
than McManus's original interpretation. These results are consistent with the results 
from analyses of the experimental tests reported in Table 4.6.1. On average, for the 
girders in the primary test suite, the interpretation adopted in the Recommended 
Specifications (Hall and Yoo 1998) makes the predictions slightly more conservative. 
The average strength ratios predicted based on the Hall and Yoo (1998) interpretation is 
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0.68 in Table 4.6.1, with a standard deviation of 0.15 (neglecting the results for the 
experimental tests that have an Lt/R > 0.10), versus 0.72 with a standard deviation of 
0.12 in Table 7.1.2. Conversely, the statistics in Table 4.6.1 are 0.72 with a standard 
deviation of 0.16 with McManus's (1971) original interpretation versus 0.74 with a 
standard deviation of 0.15 in Table 7.1.2. The maximum unconservative ratio in Table 
7.1.2 is reduced from 1.06 with McManus's interpretation to a conservative ratio of 0.99 
when the interpretation of the Recommended Specifications is employed. 
Table 7.1.2. Effect of interpretation of McManus's equations on Recommended 




( f w = f m = 0 ) 






Avg. 0.72 0.74 
Std. dev. 0.12 0.15 
High 0.99 1.06 
Low 0.55 0.57 
It should be noted that a slightly different interpretation of Hall and Yoo's (1998) 
definition of fm is employed here, compared to the interpretation employed in Chapter IV. 
In performing the calculations reported in Table 7.1.2, it is recognized that since the 
girder web is held vertical at the cross-frame locations in the primary test suite, and since 
the vertical loads are applied to the specimens only at these positions, the flange lateral 
bending is solely due to the horizontal curvature. Therefore, if the definition that fm is the 
"flange bending stress at [the] critical brace point due to effects other than curvature" is 
interpreted literally, fm is equal to zero for all of these tests. The interpretation explained 
in Hall et al. (1999), and summarized in Section 2.1.2.7, in which the stress at the critical 
cross-frame based on the V-load equation is subtracted from the total computed elastic 
design analysis stress at this location to obtain fm, is employed in Chapter IV. In most of 
the cases in Chapter IV, there are clear loading effects that are causing lateral bending in 
addition to the effects of horizontal curvature. 
7.2 MODIFIED UNIFORM VERTICAL BENDING SUITE 
Table 7.2.1 presents the overall strength ratio statistics for the modified uniform 
vertical bending test suite. There is a significant decrease in the finite element based 
capacities in these tests relative to the corresponding specimens in the primary test suite, 
as evidenced by the reduced "FEA/My" and "FEA/MP" ratios and the larger "Mod. 
LRFD/FEA" ratios in this table compared to Table 7.1.1. The strength ratios for the 
303 
Hanshin and the Yoo equations based on directly computed second-order elastic stresses 
are decreased slightly from their corresponding values in Table 7.1.1, and the strength 
ratios for the one-third rule equations are slightly increased on average. The Hanshin and 
Yoo equations are slightly less accurate for the tests considered in Table 7.2.1 than in the 
earlier table, whereas the one-third rule equations are slightly more accurate. The total 
number of specimens studied within the modified uniform vertical bending suite (46) is 
different than the total number considered in the primary suite (133) (only girders with 
target f/fj, = 0.50 are considered and girders with Lb/R = 0.075 are excluded in the 
modified vertical bending suite). The reader is cautioned that the larger number of 
specimens included in Table 7.1.1 has a small effect on relative results between Tables 
7.2.1 and 7.1.1. However, the trends discussed here are the same if only the 
corresponding 46 tests from Table 7.1.1 are considered. 






















Second-Order Elastic Analysis 
Avg. 1.17 0.82 0.87 0.97 
Std. dev. 0.05 0.04 0.08 0.04 
High 0.86 0.80 1.27 0.90 1.07 1.04 
Low 0.66 0.60 1.07 0.74 0.77 0.88 
First-Order Elastic Analysis 
Avg. 1.17 0.73 0.85 0.94 0.91 0.99 
Std. dev. 0.05 0.19 0.05 0.07 0.07 0.04 
High 0.86 0.80 1.27 1.17 0,96 1.12 1.09 1.06 
Low 0.66 0.60 1.07 0.58 0.76 0.82 0.80 0.91 
The one-third rule equations provide the best overall predictions for this test suite, 
with an average strength ratio of 0.97, a standard deviation of 0.04, and maximum and 
minimum ratios of 1.04 and 0.88 for the solutions based on second-order elastic stresses. 
The Me values determined by the V-load equation tend to underestimate the lateral 
bending moments from the direct analysis in these tests. This results in a significant 
increase in the "Yoo w/ Approx. M/' ratios reported in Table 7.2.1 versus 7.1.1 (e.g., 
0.94 for the average value in Table 7.2.1 versus 0.87 in Table 7.1.1). The dispersion in 
the predictions by the Recommended Specification equations is larger for the modified 
uniform vertical bending suite than for the primary test suite. The standard deviation of 
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the strength ratios from the Recommended Specification equations is 0.19. Furthermore, 
although their mean (0.73) and minimum (0.58) strength ratios are the lowest of all the 
predictor equations, they predict a maximum unconservative value of 1.17. This value 
corresponds to a girder with a compact flange (bfC/tfC = 15) but with a relatively large 
unsupported length such that the inelastic stability effects are significant. The standard 
deviation of Yoo's (1996) equations with M, calculated by direct second-order analysis is 
high in both Tables 7.2.1 and 7.1.1 (0.06 and 0.08), relative to the other design equations 
except for the Recommended Specifications. This is due to differences in the accuracy of 
the compact-flange versus the noncompact section yield interaction equations, as 
demonstrated subsequently in Sections 7.4 and 7.6. 
7.3 INTERNAL LOADING SUITE 
Table 7.3.1 summarizes the results for the internal loading suite. Similar to the 
modified uniform vertical bending suite, there is a significant increase in the average 
strength ratios for a number of the design equations in this set of tests, relative to the 
primary studies. The strength ratios for the one-third rule equations, for Yoo's cross-
section yield interaction equations with directly calculated Me values, and for the Hanshin 
equations are noticeably increased relative to Table 7.1.1. However, the strength ratios 
for the Recommended Specification equations and for Yoo's equations with M.£ 
determined by the V-load method are not significantly affected relative to the primary 
test suite. 






















Second-Order Elastic Analysis 
Avg. 1.15 0.86 0.91 1.00 
Std. dev. 0.05 0.03 0.06 0.04 
High 0.86 0.78 1.25 0.91 1.04 1.08 
Low 0.68 0.62 1.06 0.79 0.80 0.93 
First-Order Elastic Analysis 
Avg. 1.15 0.73 0.88 0.89 0.93 1.01 
Std. dev. 0.05 0.17 0.03 0.06 0.05 0.04 
High 0.86 0.78 1.25 1.06 0.93 1.00 1.04 1.09 
Low 0.68 0.62 1.06 0.58 0.83 0.79 0.85 0.94 
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Again, the one-third rule equations produce the best overall results, with a mean of 
1.00, a standard deviation of 0.04 and a low value of 0.93 based on second-order elastic 
analysis. However, these equations have a maximum strength ratio of 1.08 for the 
internal load tests. Yoo's equations give a more accurate maximum value (1.04), but 
have a wider dispersion in their strength predictions. The Recommended Specification 
equations also give a smaller maximum strength ratio for these tests (1.06), but similar to 
the previously discussed test suites, the standard deviation of their strength ratio is very 
large (0.17), and their mean and minimum values (0.73 and 0.59) are quite small. The 
Hanshin equations are also significantly conservative, although they have the smallest 
standard deviation of the strength ratios for these tests. 
7.4 RESULTS FOR CASES CONTROLLED BY FLANGE LOCAL BUCKLING 
In this section, the statistics for the combined primary, modified vertical bending, and 
internal loading suites are presented for all the girders in which the strength is controlled 
by inelastic flange local buckling within the one-third rule provisions. This includes all 
the girders that have a flange slendemess bfC/2tfC > (Xp = 0.382 J E / Fyc = 9.2) for Fyc = 
345 MPa (50 ksi), and in which the flange local buckling strength check is more critical 
than the lateral-torsional buckling strength check in Eqs. (2-90). The results for all the 
specimens that fit this definition are listed in Table 7.4.1. Tables 7.4.2 and 7.4.3 then 
present the results from Table 7.4.1 separately for the two flange bf/tf values considered 
in the parametric study that exceed the above compact slendemess limit, bf/tf = 20 and 25. 
Table 7.4.1. Summary of primary, modified vertical bending and internal loading 























Second-Order Elastic Analysis 
Avg. 1.08 0.84 0.86 0.94 
Std. dev. 0.08 0.04 0.05 0.05 0.05 
High 0.93 0.84 1.27 0.98 1.00 1.07 
Low 0.66 0.61 0.93 0.74 0.75 0.84 
First-Order Elastic Analysis 
Avg. 1.08 0.66 0.87 0.87 0.89 0.95 
Std. dev. 0.08 0.04 0.05 0.06 0.05 0.05 
High 0.93 0.84 1.27 0.78 0.98 1.01 1.00 1.08 
Low 0.66 0.61 0.93 0.57 0.76 0.73 0.78 0.85 
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Table 7.4.2. Vertical bending strength for cases controlled by flange local buckling, 























Second-Order Elastic Analysis 
Avg. 1.11 0.80 0.81 0.97 
Std. dev. 0.07 0.04 0.04 0.04 0.04 
High 0.93 0.84 1.27 0.87 0.89 1.07 
Low 0.76 0.69 1.04 0.74 0.75 0.93 
First-Order Elastic Analysis 
Avg. 1.11 0.64 0.82 0.83 0.84 0.98 
Std. dev. 0.07 0.04 0,04 0.05 0.04 0.04 
High 0.93 0.84 1.27 0.71 0.90 0.90 0.92 1.08 
Low 0.76 0.69 1.04 0.57 0.76 0.73 0.78 0.94 
Table 7.4.3. Vertical bending strength for cases controlled by flange local buckling, 























Second-Order Elastic Analysis 
Avg. 1.07 0.86 0.87 0.92 
Std. dev. 0.08 0.04 0.04 0.04 0.04 
High 0.90 0.82 1.25 0.98 1.00 1.03 
Low 0.66 0.61 0.93 0.77 0.78 0.84 
First-Order Elastic Analysis 
Avg. 1.07 0.66 0.88 0.88 0.90 0.94 
Std. dev. 0.08 0.04 0.04 0.05 0.04 0.05 
High 0.90 0.82 1.25 0.78 0.98 1.01 1.00 1.06 
Low 0.66 0.61 0.93 0.58 0.79 0.78 0.80 0.85 
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The one-third rule equations again give the best overall predictions of the finite 
element based strengths. These equations are slightly more accurate for the girders with 
bf/tf = 20 versus the ones with bf/tf =: 25. The largest unconservative strength ratio for 
these equations is 1.07 (based on second-order elastic stresses). The maximum 
unconservative predictions are obtained for a specimen with D/bf= 2.75, D/tw =130 and 
bf/tf = 20 from the internal loading suite (see Table A.3.4). The maximum conservative 
prediction (0.84) is obtained for a specimen with D/bf =2.75, bf/tf = 25 and D/tw = 160 in 
the primary test suite (see Table A. 1.14) 
Yoo's (1996) cross-section yield interaction equations predict conservative strengths 
for these noncompact girders with both methods of calculating M .̂ The smallest strength 
ratio predicted by these equations, based on direct second-order elastic analysis, is 0.75 
for a specimen with D/bf =2.75, D/tw =100 and bf/tf = 20 in the primary suite (see Table 
A. 1.13). Yoo's equations are on average less accurate for the girders with the stockier 
flanges, bf/tf = 20 (compare Tables 7.4.2 and 7.4.3). These results clearly show the 
conservatism of limiting fb < Fy - fe according to the cross-section yield interaction 
equations. 
The Hanshin equations have about the same accuracy as Yoo's equations for the 
noncompact girder sections. The mean value of the strength ratios based on the Hanshin 
equations is 0.84 in Table 7.4.1 with a standard deviation of 0.05. The Hanshin 
equations also perform slightly better for girders with bf/tf = 25 (see Tables 7.4.2 and 
7.4.3) compared to the cases with bf/tf = 20. Their most conservative prediction (0.74) is 
obtained for specimens with D/bf = 2.75, bf/tf = 20 and D/tw =100 and 130 in the primary 
test suite (see Table A. 1.13). 
As discussed earlier, the Recommended Specification equations significantly 
underestimate vertical bending strength of girders with noncompact flanges. The 
predictions are equally poor for both of the cases bf/tf = 20 and 25. The mean value of the 
strength ratios is 0.66 in Table 7.4.1. However, the standard deviation in this table (0.04) 
is much smaller than that reported in the earlier Tables in Sections 7.1 through 7.3. As 
noted earlier, this is due to the fact that McManus's compact section equations exhibit 
much better accuracy relative to the finite element based solutions. The fact that the 
Recommended Specification equations for noncompact girders are based on first yield, 
combined with an over conservative amplification of the lateral bending stresses in 
McManus's (1971) approximate second-order elastic analysis, leads to the significant 
conservatism of these equations as shown in the tables of this section. The most 
conservative predictions (0.57) are obtained from the primary suite for two specimens 
with D/bf =2.75, D/tw = 100 and bf/tf = 20 (see Table A. 1.13). 
7.5 RESULTS FOR CASES CONTROLLED BY LATERAL-TORSIONAL 
BUCKLING 
Table 7.5.1 shows the results for the combined primary, modified vertical bending 
and internal loading suites for all the girders in which the strength is controlled by 
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inelastic lateral-torsional buckling within the one-third rule equations. Based on the 
parametric study design, this entails a subset of the girders with Lb/R = 0.05 and target 
f/fb = 0.50 (some of the girders with these length-based design parameters and bf/tf = 25 
are controlled by local flange buckling). 
Table 7.5.1. Summary of primary, modified vertical bending and internal loading 
























Second-Order Elastic Analysis 
Avg. 1.13 0.84 0.92 0.96 
Std. dev. 0.06 0.03 0.09 0.04 
High 0.86 0.78 1.27 0.92 1.07 1.03 
Low 0.66 0.60 1.02 0.79 0.80 0.89 
First-Order Elastic Analysis 
Avg. 1.13 0.79 0.86 0.94 0.94 0.98 
Std. dev. 0.06 0.24 0..04 0.09 0.08 0.04 
High 0.86 0.78 1.27 1.17 0.96 1.12 1.09 1.06 
Low 0.66 0.60 1.02 0.56 0.80 0.79 0.82 0.89 
It is expected that these tests would exhibit the largest difference between the results 
predicted based on direct second-order versus first-order analysis of the suites from 
Sections 7.1 through 7.3. However,, the effect of the second-order amplification of the 
compression flange lateral bending stresses is still minor in Table 7.5.1. It appears that 
the warping restraint at the ends of the critical unbraced length, due to the continuity with 
the adjacent unsupported segments, leads to a substantial increase in the elastic lateral-
torsional buckling capacity relative to the elastic stress levels at the design load limits. 
Consequently, this leads to a reasonably small amplification of the compression flange 
lateral bending stresses in the elastic design analysis. Also, in order to restrict f/fi, to 
0.50 within the design of these tests, the lateral-torsional buckling slenderness X, = Lb/rt 
for all these girders falls within the range 0.38 < (X, - Xp)/( K - Xp) < 0.52 based on the 
unsupported length Lb. As shown subsequently in Sections 7.10 and 7.11, the second-
order amplification effects are more significant in the free-end and laterally unsupported 
straight girder tests. 
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The mean value of the strength ratio produced by the one-third rule equations is 0.96, 
with a standard deviation of only 0.04, a maximum value of 1.03 and a minimum of 0.89 
(based on second-order elastic stresses). The maximum conservative prediction (0.89) is 
obtained from the primary test suite for a specimen with D/bf =2.75, D/tw =100 and 
bf/tf = 15 (see Table A. 1.12). The maximum imconservative prediction (1.03) is obtained 
from the modified uniform vertical bending suite for a specimen with D/bf =2.25, 
D/tw = 130 and bf/tf = 25 (see Table A.2.3). 
The average for Yoo's equations is somewhat lower (0.94), their standard deviation is 
more than double (0.09), their maximum strength ratio is slightly higher (1.07) and their 
low value is significantly smaller (0.80) compared to the results for the one-third rule 
equations. Their maximum imconservative prediction (1.07) is obtained from the 
modified vertical bending suite for a specimen with D/bf = 2.75, D/tw =160 and bf/tf = 15 
(see Table A.2.3), and their maximum conservative prediction (0.80) is obtained from the 
internal loading suite for a girder with D/bf = 2.75, D/tw =100 and bf/tf = 20 (see Table 
A.2.3). It is interesting that the results for Yoo's equations combined with the V-load 
solution are nearly the same as those based on direct first-order elastic analysis. The 
V-load estimate is reasonably accurate for the girders in this set. 
The Hanshin equations have the smallest standard deviation in the ratio of the 
predicted to the finite element based strengths (0.03 based on the second-order stresses). 
However, the mean value of their strength ratio is only 0.84. Their maximum ratio (0.92) 
is obtained from the primary suite for specimens with D/bf =2.25, D/tw =130 and 160 and 
bf/tf = 25 (see Table A.2.3), and their minimum ratio (0.79) is obtained from the modified 
uniform vertical bending suite for a specimen with D/bf =2.75, D/tw =100 and bf/tf = 20 
(see Table A.2.3). 
On average, the Recommended Specification equations give the most conservative 
prediction of all the design formulas for the girders controlled by lateral-torsional 
buckling, although they are also significantly unconservative for certain tests. The mean 
value of the strength ratios based on these formulas is 0.79, and their standard deviation 
for these girders (0.24) is the highest standard deviation of all the groups of tests 
considered in this chapter. The girders controlled by lateral-torsional buckling include 
specimens with bf/tf = 15, which are considered to be compact by the Recommended 
Specifications, as well as specimens with bf/tf = 20 and 25 which are considered to be 
noncompact within the Recommended Specification provisions. The Recommended 
Specification equations yield significantly conservative strength predictions for 
noncompact sections (0.56 for a specimen with D/bf =2.75, D/tw =100 and bf/tf = 20, see 
Table A. 1.18). In contrast, they yield significantly unconservative predictions in some of 
the tests of the compact flange sections (1.17 for the modified uniform vertical bending 
suite and a specimen with D/bf = 2.75, D/tw =160 and bf/tf = 15, see Table A.2.3). 
7.6 RESULTS FOR CASES CONTROLLED BY FLANGE PLASTIC STRENGTH 
Table 7.6.1 presents the combined results of the primary, modified vertical bending 
and internal loading suites for all the girders whose strengths are controlled by the flange 
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plastic capacity in the one-third rule equations, i.e., for all the girders which have 
compact flanges and compact lateral brace spacing. Tables 7.6.2 through 7.6.4 then show 
the separate statistics for these girders for the different values of D/tw considered in the 
parametric study (i.e., D/tw = 100, 1,30 and 160). These tables provide an important 
indication of the potential conservatism of the design equations for compact-flange, 
compactly braced girders as the web slendemess approaches its compact limit. 
From Table 7.6.1, one can observe that for these girders, all of the predictor equations 
perform well with the exception of the Hanshin equations. The one-third rule equations 
give an average strength ratio of 1.00 for these tests, based on second-order elastic 
stresses, but have a slightly larger maximum value than Yoo's and the Recommended 
Specification's formulas (1.08 versus 1.03 aind 1.06). The Recommended Specification 
equations give the most accurate minimum value (0.95), versus 0.89 and 0.94 for Yoo's 
compact-section yield interaction equation and for the one-third rule equations. 
When these tests are grouped based on the web slendemess, the Recommended 
Specification equations show the best performance for D/tw =100 (see Table 7.6.2), the 
Recommended Specification formulas and the one-third rule equations are the best 
predictors and essentially perform equally v/ell for D/tw =130 (see Table 7.6.3), and the 
one-third rule equations show the best performance for D/tw =160 (see Table 7.6.4). 
From Tables 7.6.1 through 7.6.4, it is apparent that Eq. (1-6) gives a reasonably good 
estimate of the first- and second-order flange moments and stresses for these problems. 
The predictions by Yoo's equations are only slightly improved by direct calculation of 
the flange lateral bending stresses. 
The Hanshin equations yield the most conservative predictions for these tests. The 
mean strength ratio for these equations is 0.81 with a standard deviation of 0.04 for the 
full set of these girders (see Table 7.6.1), due to the first-yield nature of these equations. 
It is important to note that the Recommended Specification and the one-third rule 
equations are both somewhat more conservative for the girders with the stockiest webs 
(D/tw = 100). For both of these sets of equations, the mean ratios are a factor of 0.04 
smaller for the D/tw =100 cases compared to the D/tw =160 cases. However, the 
predictions for D/tw =130 and 160 are essentially equally accurate for both approaches. 
The slight conservatism in the predictions for D/tw = 100, combined with the fact that the 
finite element based strengths tend to underestimate the flexural capacities obtained in 
experimental tests of sections with stocky flanges (see Sections 4.4 and 4.7), indicates 
that some additional benefit may be gained for these types of sections and for sections 
with stockier webs by basing the underlying straight-girder strengths on equations that 
give capacities larger than My. However, based on the finite element analysis data 
summarized here, the stockier webs (D/tw = 100) appear to provide only a minimal 
benefit with respect to the flexural strength. With even stockier webs, typical of rolled I 
sections, the benefits may be more significant. This issue is discussed further in the 
recommendations for further research in Chapter X. 
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Table 7.6.1. Summary of primary, modified vertical bending and internal loading 























Second-Order Elastic Analysis 
Avg. 1.13 0.81 0.96 1.00 
Std. dev. 0.05 0.03 0.04 0.03 0.03 
High 0.96 0.87 1.22 0.89 1.03 1.08 
Low 0.81 0.75 1.04 0.95 0.73 0.89 0.94 
First-Order Elastic Analysis 
Avg. 1.13 .1.01 0.83 0.95 0.97 1.01 
Std. dev. 0.05 0.03 0.04 0.03 0.03 0.03 
High 0.96 0.87 1.22 1.06 0.91 1.01 1.04 1.09 
Low 0.81 0.75 1.04 0.95 0.76 0.88 0.91 0.95 
Table 7.6.2. Summary of primary, modified vertical bending and internal loading 
suites, vertical bending strength, cases controlled by flange plastic strength and 






















Second-Order Elastic Analysis 
Avg. 1.10 0.98 0.77 0.92 0.97 
Std. dev. 0.06 0.03 0.03 0.03 0.03 
High 0.96 0.87 1.19 1.03 0.80 0.97 1.03 
Low 0.84 0.76 1.04 0.95 0.73 0.89 0.94 
First-Order Elastic Analysis 
Avg. 1.10 0.98 0.79 0.91 0.93 0.98 
Std. dev. 0.06 0.03 0.03 0.03 0.03 0.03 
High 0.96 0.87 1.19 1.03 0.83 0.96 0.99 1.04 
Low 0.84 0.76 1.04 0.95 0.76 0.88 0.91 0.95 
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Table 7.6.3. Summary of primary, modified vertical bending and internal loading 
suites, vertical bending strength, cases controlled by flange plastic strength and 























Second-Order Elastic Analysis 
Avg. 1.13 1.01 0.80 0.95 1.01 
Std. dev. 0.06 0.O3 0.04 0.04 0.04 
High 0.92 0.84 1.22 0.86 1.03 1.08 
Low 0.82 0.75 1.09 0.76 0.92 0.98 
First-Order Elastic Analysis f 
Avg. 1.13 1.01 0.82 0.95 0.97 1.02 
Std. dev. 0.06 0.03 0.04 0.03 0.04 0.04 
High 0.92 0.84 1.22 1.06 0.88 0.99 1.04 1.09 
Low 0.82 0.75 1.09 0.97 0.78 0.91 0.93 0.99 
Table 7.6.4. Summary of primary, modified vertical bending and internal loading 
suites, vertical bending strength, cases controlled by flange plastic strength and 






















Second-Order Elastic Analysis 
Avg. 1.13 0.82 0.97 1.01 
Std. dev. 0.04 0.04 0.03 0.02 
High 0.93 0.86 1.22 0.89 1.02 1.06 
Low 0.81 0.75 1.06 0.74 0.92 0.97 
First-Order Elastic Analysis 
Avg. 1.13 L02 0.84 0.96 0.98 1.02 
Std. dev. 0.04 0.03 0.04 0.03 0.02 0.03 
High 0.93 0.86 1.22 1.06 0.91 1.01 1.03 1.07 
Low 0.81 0.75 1.06 0.95 0.79 0.90 0.95 0.98 
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7.7 RESULTS FOR NONSLENDER-WEB GIRDERS 
Table 7.7.1 presents the results for the combined primary, modified vertical bending 
and internal loading suites for all the girders that have nonslender webs, i.e., Rb = 1 at 
fb = Fyc. This includes all of the girders in these sets with D/tw =100 and 130, regardless 
of the flange or the lateral-torsional buckling slendemess. Tables 7.7.2 and 7.7.3 give the 
statistics for these tests for the separate D/tw values of 100 and 130. 
One can observe that the average, maximum and minimum strength ratios for all of 
the predictor equations are slightly higher for D/tw =130 compared to D/tw = 100. As 
shown in several of the previous tables, the Recommended Specification predictions are 
hampered here by the poor quality of McMamus's (1971) noncompact section equations. 
Also, if these tables are compared to the tables in Section 7.6, it can be seen that the one-
third rule and Yoo's equations are slightly more accurate, and the Hanshin equations are 
slightly less accurate for this group of tests. Aside from these differences, Tables 7.7.1 
through 7.7.3 are fairly redundant with the previous tables. 
Table 7.7.1. Summary of primary, modified vertical bending and internal loading 





















Second-Order Elastic Analysis 
Avg. 1.10 0.82 0.87 0.96 
Std. dev. 0.08 0.04 0.07 0.05 
High 0.96 0.87 1.27 0.92 1.06 1.08 
Low 0.66 0.60 0.97 0.73 0.75 0.86 
First-Order Elastic Analysis 
Avg. 1.10 0.73 0.84 0.88 0.89 0.97 
Std. dev. 0.08 0.17 0.04 0.07 0.06 0.05 
High 0.96 0.87 1.27 1.15 0.96 1.10 1.07 1.09 
Low 0.66 0.60 0.97 0.57 0.76 0.73 0.78 0.87 
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Table 7.7.2. Summary of primary, internal and modified vertical bending tests, 























Second-Order Elastic Analysis 
Avg. 1.09 0.80 0.86 0.95 
Std. dev. 0.07 0.04 0.07 0.04 
High 0.96 0.87 1.24 0.89 1.05 1.04 
Low 0.68 0.61 0.97 0.73 0.75 0.86 
First-Order Elastic Analysis 
Avg. 1.09 0.72 0.83 0.86 0.88 0.96 
Std. dev. 0.07 0.17 0.04 0.07 0.06 0.05 
High 0.96 0.87 1.24 1.13 0.93 1.08 1.05 1.06 
Low 0.68 0.61 0.97 0.57 0.76 0.73 0.78 0.87 
Table 7.7.3. Summary of primary, internal and modified vertical bending tests, 























Second-Order Elastic Analysis 
Avg. 1.11 0.83 0.88 0.97 
Std. dev. 0.08 0,04 0.07 0.05 
High 0.92 0.84 1.27 0.92 1.06 1.08 
Low 0.66 0.60 0.97 0.74 0.76 0.88 
First-Order Elastic Analysis 
Avg. 1.11 0.74 0.85 0.89 0.91 0.98 
Std. dev. 0.08 0.17 0.04 0.07 0.06 0.05 
High 0.92 0.84 1.27 1.15 0 5 6 1.10 1.07 1.09 
Low 0.66 0.60 0.97 0.58 0.77 0.76 0.79 0.89 
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7.8 RESULTS FOR SLENDER-WEB GIRDERS 
The results for all of the slender-web (D/tw = 160) girders studied in the primary, 
modified vertical bending and internal loading suites are shown in Table 7.8.1. The one-
third rule equations give the best overall accuracy for this set, with an average strength 
ratio of 0.95, a standard deviation of 0.05, a maximum value of 1.06, and a minimum 
value of 0.84 (based on second-order elastic stresses). These are followed in accuracy 
by Yoo's equations, then the Hanshin equations and the Recommended Specification 
formulas. 
Similar to the previous results reported in this chapter, the Recommended 
Specifications give the most conservative prediction on average (0.74) for these tests as 
well as the largest dispersion of the strength predictions, as indicated by the standard 
deviation of 0.16, the maximum ratio of 1.17 and the minimum value of 0.59 in Table 
7.8.1. As noted previously in Section 7.5, the maximum unconservative prediction with 
these equations (1.17) is from the modified vertical bending suite for a specimen with 
D/bf = 2.75, D/tw =160 and bf/tf = 15 (see Table A.2.3). The maximum conservative 
prediction (0.59) is from the primary test suite for a specimen with D/bf = 2.75, D/tw = 
160 and bf/tf = 20 (see Table A. 1.18). 
Table 7.8.1. Summary of primary, modified vertical bending and internal loading 






















Second-Order Elastic Analysis 
Avg. 1.09 0.85 0.89 0.95 
Std. dev. 0.07 0.05 0.06 0.05 
High 0.93 0.86 1.25 0.98 1.07 1.06 
Low 0.66 0.61 0.93 0.74 0.77 0.84 
First-Order Elastic Analysis 
Avg. 1.09 0.74 0.87 0.90 0.92 0.96 
Std. dev. 0.07 0.16 0.04 0.07 0.06 0.05 
High 0.93 0.86 1.25 1.17 0.98 1.12 1.09 1.07 
Low 0.66 0.61 0.93 0.59 0.78 0.77 0.80 0.85 
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7.9 EFFECT OF TRANSVERSE STIFFENERS ON VERTICAL BENDING 
STRENGTH 
In previous research (Mozer 1970,1971 and 1973; Davidson 1996), the panel aspect 
ratio is considered to be one of the factors that can influence the bending strength of 
curved steel I girders. The above researchers observed that the transverse stiffeners tend 
to enhance the bending resistance by restraining the distortion of the web. Therefore, it 
is useful to consider the magnitude of these effects as detected by full nonlinear analysis 
of the parametric specimens considered in this research. 
Figure 7.9.1 summarizes the results obtained from the primary test suite. As the 
panel aspect ratio is increased, the vertical bending capacity of the test specimens tends to 
decrease only very slightly. Therefore, it can be concluded that, within the range of 
parameters studied here, the spacing of the transverse stiffeners does not have any 
significant effect on the vertical bending strength of the specimens. It should be noted 
that the present parametric studies consider only d/D = 3 for webs with D/tw less than 
160. Furthermore, stiffener spacing do at less than the web depth D is not considered in 
the current research. Also, the transverse stiffeners are cut short of the tension flange in 
the girders considered in this work. It is possible that for girders with stockier webs, 
smaller stiffener spacing and/or transverse stiffeners attached to both flanges, the restraint 
offered to the web and to the flanges by the transverse stiffeners may have a larger 
influence on the flexural strength. It is conservative to neglect this potential benefit. 
The uniform vertical bending tests in the three-girder system at the FHWA Turner 
Fairbank laboratories provide some confirmation of the above results (see Sections 4.4.3 
and 4.7). In these tests, specimens B2 and B3 have the same geometric proportions, 
except B2 has a do/D = 1 whereas B3 has a web panel aspect ratio of 3.9. As shown in 
Table 4.4.8, specimen B3 exhibits a higher flexural capacity both within the experimental 
test as well as within the corresponding full nonlinear finite element analysis. In 
addition, the preliminary data reduction conducted by Zureick and Kim (2000) shows that 
the maximum internal moment in B3 (including dead load effects) is eight percent higher 
than that in specimen B2. It is three percent higher if dead load effects are not included. 
7.10 FREE-END SUITE 
As discussed in Section 5.11, the free-end suite is designed to evaluate the accuracy 
of the different flexural strength predictor equations for unsupported segments at the end 
of a horizontally curved I girder bridge. These three-point bending studies (see Fig. 
5.11.1) test the influence of free warping conditions at the end of a bridge girder along 
with the influence of a significant moment gradient, which is likely to occur for these 
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(f) Lb/R = 0.10 and f,/fb = 0.50 
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— X - 0 / ^ = 2 . 7 5 , 1 ^ = 25 
Figure 7.9.1. Vertical bending strength as a function of panel aspect ratio for all the 
specimens of the primary test suite with D/tw = 160. 
318 
Table 7.10.1 summarizes the results of the free-end tests. The second-order 
amplification of the compression flange lateral bending stresses is slightly larger in this 
test suite than in the primary, modified vertical bending, and internal loading test suites 
(see Tables 7.1.1, 7.2.1 and 7.3.1). This is expected due to the free warping condition at 
one end of the unbraced lengths, and due to the fact that one sub-set of these girders has a 
lateral-torsional buckling slenderness X = Lb/rt equal to the noncompact bracing limit Xr 
(the other sub-set of these girders is designed at (X - Xp) I (X - Xr) = 0.25, see Section 
5.11). Nevertheless, the difference between the second-order amplification effects in 
Table 7.10.1 versus Table 7.1.1 is very small. 





















Second-Order Elastic Analysis 
Avg. 1.11 0.77 0.82 0.92 
Std. dev. 0.05 0,04 0.05 0.05 
High 0.86 0.80 1.20 0.81 0.91 0.99 
Low 0.73 0.65 1.02 0.71 0.76 0.85 
First-Order Elastic Analysis 
Avg. 1.11 0.53 0.81 0.75 0.86 0.94 
Std. dev. 0.05 0.13 0,04 0.06 0.05 0.05 
High 0.86 0.80 1.20 0.79 0.86 0.87 0.96 1.01 
Low 0.73 0.65 1.02 0.41 0.73 0.70 0.80 0.88 
One can observe that the one-third rule equations again give the best prediction for 
these tests, with a mean strength ratio of 0.92, a standard deviation of 0.05, a high value 
of 0.99 and a low value of 0.85 based on direct second-order analysis. The minimum 
ratio (0.85) is obtained for a specimen with D/bf = 2.75, D/tw =160 and bf/tf = 25 (see 
Table A.4.3) and the maximum ratio (0.99) is obtained for a specimen with D/bf = 2.75, 
D/tw = 160 and bf/tf = 20 (see Table A.4.4). 
The cross-section yield interaction equations (Yoo 1996) give significantly 
conservative predictions both with Me calculated based on the V-load equation and based 
on direct analysis. In these tests, the V-load equation overestimates the maximum lateral 
bending moment within the unsupported length, and therefore increases the conservatism 
of the yield interaction equation checks. 
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The Hanshin equations also yield conservative predictions for these tests that are 
somewhat smaller on average than those of Yoo's equations (0.77 versus 0.82 when 
based on the second-order stresses); however the Hanshin equations have the smallest 
standard deviation for these girders (0.04)., 
The Recommended Specification equations give the most conservative predictions of 
the design equations considered for the free end tests, with a mean strength ratio of only 
0.53. The standard deviation of the Recommended Specification predictions is also high 
(0.13). These tests include all three values of flange slenderness considered within the 
full parametric studies, bf/tf = 15, 20 and 25, but only two of the 10 tests have a compact 
flange by the definition of the Recommended Specifications. 
The free-end test suite highlights a major advantage of the one-third rule over all of 
the other strength predictor equations. The one-third rule is the only one of these 
approaches that accounts for moment gradient (CV) effects on the vertical bending 
strengths. These tests illustrate that: (1) the idealization of the compression flange as an 
equivalent beam-column, subjected to a variable axial compression along its length as 
well as to lateral bending, and (2) the representation of the effect of the variation in the 
axial force along the length of this component through the standard Cb moment gradient 
modifier, provide a highly accurate and understandable design approximation. 
7.11 LATERALLY UNSUPPORTED STRAIGHT GIRDER SUITE 
The laterally unsupported straight girder test suite is designed to evaluate the 
accuracy of the different design equations for straight I girders with large unsupported 
lengths, subjected to both vertical and lateral flange bending (see Section 5.12). Table 
7.11.1 summarizes the results for these tests. 
This test suite exhibits the most significant second-order elastic amplification effects 
of all of the parametric study suites. A primary reason for this behavior is that, for the 
horizontally-curved girder suites, the magnitude of the unsupported length generally has 
to be restricted in order to meet the targeted f/fb restrictions. However, for a straight 
girder, significantly larger unsupported lengths can be designed without exceeding these 
targets. As noted in Section 5.12, the laterally unsupported straight girder tests are 
designed to span the entire range of (X - Xp) I (X - K) values with respect to inelastic 
lateral-torsional buckling. 
The Yoo (1996) and Hanshin equations are very sensitive to the changes in the 
magnitude of the flange lateral bending stresses due to second-order effects, compared to 
the one-third rule equations. The average strength ratio of Yoo's equations changes from 
0.97 when based on the second-order elastic stresses to 1.11 when based on a first-order 
analysis, while the average value of the Hanshin equations changes from 0.93 to 1.08. 
Conversely, the average strength ratio produced by the one-third rule changes only from 
0.97 to 1.03 when the stress calculations are changed from second-order to first-order. 
As noted previously in Section 7.1, this is due to the small slope of the resulting vertical-
lateral bending interaction curves, as shown in Figs. 2.1.21 and 2.1.22. It can be seen that 
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the results with Yoo's formulas and with the Hanshin equations can be significantly 
unconservative (maximum strength ratios of 1.51) if based on first-order stresses. 
Table 7.11.1. Summary of vertical bending strength, laterally unsupported straight 




















Second-Order Elastic Analysis 
Avg. 1.17 0.93 0.97 0.97 
Std. dev. 0.07 0.09 0.11 0.06 
High 0.76 0.69 1.32 1.12 1.19 1.10 
Low 0.56 0.50 1.04 0.80 0.80 0.86 
First-Order Elastic Analysis 
Avg. 1.17 1.06 1.08 1.11 1.03 
Std. dev. 0.07 0.12 0.18 0.18 0.05 
High 0.76 0.69 1.32 1.33 1.51 1.51 1.16 
Low 0.56 0.50 1.04 0.85 0.85 0.85 0.94 
Although the one-third rule equations give a maximum strength ratio of 1.10 and a 
minimum of 0.86 for these tests, they are the most accurate of the design predictor 
equations. The mean strength ratio predicted by the one-third rule is 0.97 with a standard 
deviation of 0.06 (see Table 7.11.1). The maximum strength ratio (1.10) is obtained for 
a girder with D/bf = 2.75, bf/tf = 15, and {X - Xp) /(X-Xr) = 0.0 (see Table A.5.4) while 
the minimum strength ratio (0.86) is obtained for a girder with D/bf = 2.75, bf/tf = 15 and 
(X - Xp) I (X - Xr) = 1.0 (see Table A.5.8). All of the specimens in the laterally 
unsupported straight girder suite have a D/tw = 160. 
Yoo's (1996) cross-section yield interaction equations are evaluated only with the use 
of direct analysis in Table 7.11.1, since the V-load equation is particularly not applicable 
for this test suite. Yoo's equations predict the finite element based strengths reasonably 
well on average, with a mean strength ratio of 0.97 when based on second-order elastic 
stresses. However, these equations have a large standard deviation (0.11), a large 
maximum value (1.19) and a small minimum value (0.80). Their minimum strength ratio 
(0.80) is obtained for a specimen with D/bf = 2.75, bf/tf = 20 and (X-X^)/(X-Xr) = 0.0 
(see Table A.5.4), whereas their maximum strength ratio (1.19) is obtained for a 
specimen with D/bf = 2.75, bf/tf = 15 and (X -kp)/(X- Xr) = 1.0 (see Table A.5.8). It is 
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apparent that the cross-section yield interaction strengths tend to be unconservative for 
girders in which the strength is dominated by significant inelastic stability effects. This is 
because the yield interaction equations do not consider the effects of residual stresses and 
the resulting reductions in stiffness due to distributed yielding along the length of the 
compression flange. 
The Hanshin equations provide a slightly better estimate of the strengths than Yoo's 
cross-section yield interaction equations for these tests, with a mean of 0.93, a standard 
deviation of 0.09, a maximum value of 1.12 and a minimum value of 0.80. This is 
because Eq. (2-73) simplifies to FbC = Fy for these straight girders, and therefore, the 
Hanshin equations reduce to first-yield strength equations for this group of tests. 
Conversely, Yoo's compact-flange section equations are applied to evaluate the strengths 
of the girders with bf/tf = 15. These equations provide a more liberal estimate of the 
vertical bending strength, and hence produce more highly unconservative predictions 
relative to the finite element based strengths (i.e., a change from 1.12 to 1.19 for the 
maximum strength ratio). The equations actually exhibit an opposite trend in their 
accuracy compared to the trends of the one-third rule equations and Yoo's (1996) 
equations discussed above. Their maximum strength ratio (1.12) corresponds to a girder 
with D/bf = 3.25, bf/tf = 25 and (k - \>) /(X-Xr)=l-0 (see Table A.5.8) while their 
minimum strength ratio (0.80) is for a girder with D/bf = 2.75, bf/tf = 20 and 
(X - Xp) / (X - Xr) = 0 (see Table A.5.4). 
The Recommended Specifications give similar predictions to Yoo's equations for the 
laterally unsupported straight girders, with a mean strength ratio of 1.06, a standard 
deviation of 0.12, a maximum value of 1.33, and a minimum value of 0.85. It should be 
noted that Lb/R = 0.01 is assumed in the application of Eq. (2-33) for this problem, to 
avoid the anomaly associated with this formula as Lb/R approaches zero. The maximum 
strength ratio of the Recommended Specification equations (1.33) corresponds to a girder 
with D/bf = 3.25, bf/tf = 25 and (X - XJI (X - A*) = 1.0 (see Table A.5.8), whereas the 
minimum value (0.85) is for a girder with D/bf = 2.75, bf/tf = 20 and (X - Xp) I (X - Xr) = 0 
(see Table A.5.4). It appears that although McManus's (1971) noncompact section 
equations are significantly conservative in all the groups of horizontally-curved girders 
evaluated in the previous sections, they are significantly unconservative when applied 
within the context of a straight girder subjected to combined vertical and lateral bending 
when the laterally unsupported length is large. 
7.12 UNSYMMETRICAL GIRDER SUITE 
Table 7.12.1 presents a summary of the results for the unsymmetrical girders studied 
in this research. As discussed in Section 5.13, these girders are tested using the boundary 
and loading conditions of the primary and modified uniform vertical bending suites, the 
internal loading suite, and the free-end suite. 
The second-order amplification effects on the strength predictions are again relatively 
minor for these tests, with an average change in the strength ratio by the one-third rule of 
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only 0.90 to 0.91 when the analysis is changed from second-order to first-order. Yoo's 
equations show a slightly larger corresponding change from 0.88 to 0.91. 






















Second-Order Elastic Analysis 
Avg. 1.03 0.87 0.88 0.90 
Std. dev. 0.09 0.08 0.08 0.08 0.08 
High 0.90 0.69 1.20 1.04 1.06 1.04 
Low 0.66 0.47 0.86 0.73 0.75 0.76 
First-Order Elastic Analysis 
Avg. 1.03 0.68 0.89 0.88 0.91 0.91 
Std. dev. 0.09 0.08 0,07 0.08 0.07 0.08 
High 0.90 0.69 1.20 0.85 1.04 1.00 1.06 1.05 
Low 0.66 0.47 0.86 0.53 0.76 0.69 0.77 0.78 
The proposed one-third rule again provides the best prediction of the finite element 
based strengths, with an average ratio of 0.90, a standard deviation of 0.08, a maximum 
value of 1.04 and a minimum value of 0.76, based on second-order elastic stresses. The 
maximum unconservative value of 1.04 is obtained from the modified vertical bending 
case of specimen with D/bfc = 4.77, 2Dc/tw = 208, bfc/tfC = 20, Lb/R = 0.10 and target f/fb 
= 0.50 (see Table A.6.9). The minimum strength ratio (0.90) corresponds to the internal 
loading case with D/bfc = 2.75, 2Dc/tw = 169, bfc/tfc = 25, Lb/R = 0.05 and target f/fb = 
0.35. The results for these tests are also reported in Table A.6.9. It should be noted that 
the equation for Rb specified by AASHTO LRFD (2001) is utilized for the 
monosymmetric girders, with the exception that fbc is conservatively assumed equal to 
Fyc. For girders in which Dc/D is greater than 0.5, AASHTO LRFD uses Eq. (4-1), 
except that the coefficient 5.76 is reduced to 4.64. The value 4.64 is based on simply 
supported boundary conditions for the web at the web-flange juncture. This reduces the 
value of Rb from 0.889 to 0.846 for the unsymmetric girders with 2Dc/tw = 208, and it 
reduces Rb from 0.967 to 0.938 for the monosymmetric girders with 2Dc/tw = 169. 
The Hanshin equations and Yoo's equations give essentially the same results. They 
are both slightly more conservative than the one-third rule equations on average, with 
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mean strength ratios of 0.87 and 0.88, they have the same standard deviation as the one-
third rule equations (0.08), and they produce similar maximum values (1.04 and 1.06 
versus 1.04) and minimum values (0.73 and 0.75 versus 0.76) compared to the one-third 
rule equations. The results for Yoo's equations combined with the V-load solution for 
the flange lateral bending moment are slightly more conservative than those based on the 
directly computed second-order elastic stresses. 
The Recommended Specification equations once again perform poorly for this test 
suite, with an average strength ratio of only 0.68, a standard deviation of 0.08, a 
maximum value of 0.85 and a minimum value of 0.53. Their most conservative 
prediction (0.53) is obtained from the free-end case of the specimen with D/bf = 4.77, 
2Dc/tw = 208, bfc/tfc = 20, Lb/R = 0.05 and target second-order f/fb = 0.6, and their 
maximum strength ratio (0.85) is obtained for the modified uniform vertical bending case 
with this same girder but with Lb/R = 0.05 and target first-order f/fb = 0.35 (see Table 
A.6.9). The reason for these significantly conservative predictions is due in part to the 
simple use of 0.9 of the compression flange width when evaluating Eq. (2-32) for 
unsymmetrical sections (see Section 2.1.2.4). 
Overall, all of the design predictor equations are somewhat more conservative for the 
unsymmetrical girder suite compared to the results from the other parametric study suites. 
This is due to the fact that none of these equations account for any ability of the cross-
section to develop bending moments larger than the yield moment My. However, the 
shape factor of the unsymmetiic girder cross-section with D/bf = 4.77 is 1.4, and the 
shape factor for the unsymmetric cross-section with D/bf = 2.75 is 1.3. Tables 7.12.2 and 
7.12.3 present the separate results for the tests under each of these groups. It can be seen 
that although the web of the specimen with D/bf = 4.77 has a slenderness of 2Dc/tw = 208, 
the proposed one-third rule equations are still reasonably accurate. However, for the 
specimen with D/bf = 2.75 and 2Dc/tw = 169, it is apparent that the web is providing a 
significant contribution to the flexural strength such that the one-third rule equations tend 
to be significantly conservative, although they provide slightly better accuracy than 
Yoo's equations and the Hanshin equations when based on the second-order elastic 
flange stresses. It may be possible to quantify this reserve strength by the use of flexural 
strength equations that are anchored by straight-girder capacities which are greater than 
My. This issue is discussed further in the recommendations for further research in 
Chapter X. 
7.13 EFFECT OF IDEALIZED STRESSES FROM HEAT CURVING VERSUS 
CUT CURVING ON VERTICAL BENDING STRENGTHS 
As noted previously, all the full nonlinear finite element models utilized to establish 
the benchmark solutions within this chapter include both initial geometric imperfections 
and residual stresses defined as per the procedures outlined in Chapter EH. All of the 
studies presented in Sections 7.1 through 7.2 are based on the ECCS (1976) model for 
residual stresses caused by welding and flame cutting (see Section 3.5.1). The residual 
stresses due to the combination of flame cutting, welding and heat curving can be 
somewhat more detrimental to the maximum flexural strength (Culver and Nasir 1971). 
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Table 7.12.2. Results for unsymmetrical girders with D/bf = 4.77, 2Dc/tw = 208, bfc/tfc = 






















Second-Order Elastic Analysis 
Avg. 1.07 0.90 0.92 0.95 
Std. dev. 0.07 0.08 0.08 0.06 
High 0.81 0.57 1.20 1.04 1.06 1.04 
Low 0.67 0.47 0.98 0.79 0.80 0.87 
First-Order Elastic Analysis 
Avg. 1.07 0.72 0.92 0.88 0.94 0.95 
Std. dev. 0.07 0.09 0.07 0.09 0.08 0.06 
High 0.81 0.57 1.20 0.85 1.04 0.99 1.06 1.05 
Low 0.67 0.47 0.98 0.53 0.80 0.69 0.82 0.88 
Table 7.12.3. Results for unsymmetrical girders with D/bf = 2.75, 2Dc/tw = 169, 























Second-Order Elastic Analysis 
Avg. 1.00 0.85 0.86 0.86 
Std. dev. 0.10 0.05 0.05 0.07 
High 0.90 0.69 1.18 0.92 0.94 0.98 
Low 0.66 0.51 0.86 0.73 0.75 0.76 
First-Order Elastic Analysis 
Avg. 1.00 0.66 0.86 0.88 0.88 0.87 
Std. dev. 0.10 0.06 0.05 0.07 0.05 0.07 
High 0.90 0.69 1.18 0.77 0.93 1.00 0.96 0.99 
Low 0.66 0.51 0.86 0.57 0.76 0.75 0.77 0.78 
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Table 7.13.1 compares the results for two specimens with D/bf = 3.25, bf/tf= 25, 
D/tw = 160, and target f/fb = 0.50 from the primary test suite based on three idealizations 
of the residual stresses: 
• zero residual stress, 
• the idealized ECCS (1976) residual stress model (see Fig. E.4.13), and 
• the Culver-Nasir (1971) residual stress pattern (see Fig. 3.5.5). 
These specimens are selected because the effects of the different residual stress models 
should tend to be the largest for their combinations of the design parameters. The results 
indicate that the predicted strengths obtained with the two residual stress models are 
approximately the same. However, the reduction in strength relative to the model with 
zero residual stresses is nine to 10 percent for the specimen with Lb/R = 0.05, and 14 to 
15 percent for the specimen with Lb/R = 0.10. 
Table 7.13.1. Ultimate bending strength of test specimens with D/bf = 3.25, 
bf/tf = 25, D/tw = 160, d0/D = 3 and target f/f„ = 0.50. 
Lb/R 
Mn(FEA)/My 












0.05 0.810 0.740 0.914 0.730 0.901 
0.10 0.843 0.730 0.866 0.719 0.852 
7.14 SUMMARY 
Table 7.14.1 gives a summary of the strength ratio statistics for all of the vertical 
bending strength tests considered in the parametric study (not including the results based 
on the Culver and Nasir (1971) residual stress assumptions discussed in the previous 
section). All of the statistical quantities in this table are most accurate for the one-third 
rule. The average ratio between the predicted design strength and the fully nonlinear 
finite element analysis based strength is 0.95 for the proposed method, when based on 
second-order elastic stresses, with a standard deviation of only 0.06. The maximum 
unconservative strength ratio is 1.10, and the most conservative prediction of all the cases 
studied is 0.76. 
Figures 7.14.1 through 7.14.5 provide histogram plots of the strength ratios for each 
of the predictor equations evaluated in this chapter. The one-third rule has the highest 
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number of tests with strength ratios between 0.90 and 1.00 (see Fig. 7.14.1). Only five of 
the 262 tests considered have strength ratios larger than 1.05 with this method. These 
tests and their strength ratios are listed in Table 7.14.2. 
Six of the 262 tests have strength ratios less than 0.85 with the one-third rule. These 
tests and their strength ratios are listed in Table 7.14.3. It can be seen that all of these 
girders have bf/tf values of 25, and that the five of these girders with the lowest strength 
ratios are unsymrnetric specimens 
Yoo's yield interaction equations produce strength ratios predominantly in the range 
of 0.80 to 0.95 when utilized with the V-load equation (see Fig. 7.14.2). Five of these 
tests have strength ratios larger than 1.05 with this approach, and 10 of the tests have 
strength ratios less than 0.75. It should be noted that only 237 tests are considered with 
the combination of Yoo's cross-section yield interaction equations and the V-load 
method, since the V-load solution is not valid for the straight-girder studies. 
When utilized with directly computed second-order elastic flange moments, Yoo's 
equations still give strength ratios predominantly between the 0.80 and 0.95 limits, but 
produce values greater than 1.05 in nine of the girders studied and strength ratios less 
than 0.75 in two tests (see Fig. 7.14.3). Tables 7.14.4 and 7.14.5 list these tests. 
























Second-Order Elastic Analysis 
Avg. 1.10 0.84 0.89 0.95 
Std. 
dev. 
0.08 0.06 0.08 0.06 
High 0.96 0.87 1.32 1.12 1.19 1.10 
Low 0.56 0.47 0.86 0.71 0.75 0.76 
First-Order Elastic Analysis 
Avg. 1.10 0.75 0.88 0.89 0.93 0.96 
Std. 
dev. 
0.08 0.19 0.10 0.07 0.10 0.06 
High 0.96 0.87 1.32 1.33 1.51 1.12 1.51 1.16 
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Figure 7.14.1. Strength ratio histogram for all of the parametric vertical bending tests, one-third rule based on second-order 
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Figure 7.14.2. Strength ratio histogram for all of the parametric vertical bending tests, Yoo's (1996) cross-section yield 
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Figure 7.14.3. Strength ratio histogram for all of the parametric vertical bending tests, Yoo's (1996) cross-section yield 
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Table 7.14.2. Parametric study tests for which the strength ratio of the one-third 
rule is greater than 1.05. 









2.75 15 130 3 0.1 0.50 -0.24 1.08 
2.75 15 160 3 0.1 0.50 -0.24 1.06 




2.75 15 160 3 NA 0.6 0.0 1.10 
3.25 25 160 3 NA 0.6 0.5 1.09 
Table 7.14.3. Parametric study tests for which the strength ratio of the one-third 
rule is less than 0.85. 








Primary 2.75 25 160 1 0.05 0.35 -0.01 0.84 
Unsymmetric 
Primary 2.75 25 169 3 0.05 0.35 0.03 
0.80 
Unsymmetric 
Modified Vert. Bending 
2.75 25 169 3 0.05 0.35 0.03 0.83 
Unsymmetric 
Internal Loading 
2.75 25 169 3 0.05 0.35 0.03 0.76 
2.75 25 169 3 0.10 0.50 -0.19 0.77 
2.75 25 169 2 0.10 0.35 -0.41 0.80 
333 
Table 7.14.4. Parametric study tests for which the strength ratio of Yoo's (1996) 
yield interaction equations is greater than 1.05. 










2.75 15 130 3 0.05 0.50 0.38 1.06 
2.75 25 160 1 0.05 0.50 0.40 1.07 
2.75 15 160 3 0.05 0.50 0.36 1.06 
Laterally Unsupported 
Straight 
2.75 15 160 3 NA 0.60 0.5 1.11 
2.75 15 160 3 NA 0.60 0.75 1.17 
2.75 15 160 3 NA 0.60 1.0 1.19 
2.75 25 160 3 NA 0.60 1.0 1.08 
3.25 25 160 3 NA 0.60 1.0 1.12 
Unsymmetric 
Modified Vert. Bending 
4.77 20 208 3 0.05 0.35 0.0 1.06 
Table 7.14.5. Parametric study tests for which the strength ratio of Yoo's (1996) 
yield interaction equations is less than or equal to 0.75. 







Primary 2.75 20 100 3 0.10 0.50 -0.21 0.75 
Unsymmetric 
Internal Loading 2.75 25 
160 3 0.10 0.50 -0.19 0.75 
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The Hanshin equations produce strength ratios predominantly between 0.75 and 0.90, 
and are generally more conservative than Yoo's cross-section yield interaction equations 
(see Fig. 7.14.4). Only two of the tests have strength ratios greater than 1.05 with these 
equations; both of these are straight girders with bf/tf = 25, D/tw = 160, and 
(X - Xp) I (kr - Xp) = 1.0. However, the strength ratios are less than or equal to 0.75 in 
eleven of the 262 tests with these equations, without any consistent trend with respect to 
the design parameters. 
Finally, the Recommended Specification equations are essentially bi-polar, with the 
noncompact section equations producing strength ratios predominantly between 0.60 and 
0.70, and the compact section equations giving strength ratios predominantly between 
0.95 and 1.05. However, these equations produce values greater than 1.05 in twenty 
cases, and they produce values smaller than 0.55 in nine cases. Tables 7.14.6 and 7.14.7 
list these tests. It is apparent that both the Recommended Specifications and Yoo's 
cross-section yield interaction equations have difficulty in representing the strength of 
girders with unsupported lengths larger than the compact bracing limit, particularly when 
the lateral bending is due to sources other than horizontal curvature. Also, these formulas 
do not account for the beneficial effects of moment gradient in these types of problems. 
It is important to realize that the statistical results reported here are of course 
influenced by the design of the parametric study. Specifically, 148 of the 262 girders 
tested have a flange slendemess of bfc/tfC = 25. Also, 168 of the girders have a 
D/bfc = 2.75, and 160 of the girders have a D/tw = 160. Nevertheless, the parametric 
study evaluates the girder response for a reasonably comprehensive range of all the girder 
parameters. An ideal set of design equations would give a strength ratio equal to one for 
all of the tests, regardless of the distribution of the design parameters. Of the predictor 
equations studied, the one-third rule comes closest to this ideal. 
7.15 ESTIMATION OF FLANGE SECOND-ORDER ELASTIC LATERAL 
BENDING STRESSES 
7.15.1 Flange Elastic Lateral Bending Stress Amplification Factor for Horizontally-
Curved I Girders 
The amplification of f̂  due to second-order effects is illustrated for the primary suite, 
uniform vertical bending case of several specimens with Lb/R = 0.05, 0.075, and 0.10 and 
target f£/fb = 0.50 in Figs 7.15.1 to 7.15.3. Girders with the largest web slendemess 
D/tw =160 and with the largest panel aspect ratio used with these transversely stiffened 
girders, &JD = 3, are selected for this study. Also, similar plots for the specimens with 
D/tw = 160, dVD = 3, Lb/R = 0.05 and target second-order fe /fj, = 0.60 from the free-end 
test suite are shown in Fig. 7.15.4. In these figures, the normalized elastic flange vertical 
bending stress (fb/Fy) is plotted versus the normalized elastic flange lateral bending stress 
(f/Fy) at five load levels: 0.2, 0.4, 0.6, 0.8, and 1.0 of the maximum load attained based 
on the one-third rule predictor equations. It should be noted that the specimens with 
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Table 7.14.6. Parametric study tests for which the strength ratio of the 
Recommended Specification equations is greater than 1.05. 






Primary 2.75 15 160 2 0.10 0.35 -0.44 1.06 
Modified Vertical 
Bending 
2.75 15 100 3 0.05 0.50 0.40 1.13 
2.75 15 130 3 0.05 0.50 0.38 1.15 
2.75 15 160 1 0.05 0.50 0.36 1.14 
2.75 15 160 2 0.05 0.50 0.36 1.12 
2.75 15 160 3 0.05 0.50 0.36 1.17 
2.75 15 160 3 0.10 0.50 0.36 1.06 




2.75 15 160 3 NA 0.60 0.0 1.12 
2.75 15 160 3 NA 0.60 0.25 1.15 
2.75 15 160 3 NA 0.60 0.50 1.19 
3.25 25 160 3 NA 0.60 0.50 1.16 
2.25 25 160 3 NA 0.60 0.75 1.07 
2.75 15 160 3 NA 0.60 0.75 1.09 
2.75 20 160 3 NA 0.60 0.75 1.14 
2.75 25 160 3 NA 0.60 0.75 1.16 
3.25 25 160 3 NA 0.60 0.75 1.22 
2.25 25 160 3 NA 0.60 1.0 1.09 
2.75 20 160 3 NA 0.60 1.0 1.16 
2.75 25 160 3 NA 0.60 1.0 1.20 
3.25 25 160 3 NA 0.60 1.0 1.33 
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Table 7.14.7. Parametric study tests for which the strength ratio of the 
Recommended Specification equations is less than 0.55. 









2.25 25 160 3 0.05 0.60 1.04 0.44 
2.75 20 160 3 0.05 0.60 1.07 0.41 
2.75 25 160 3 0.05 0.60 1.12 0.42 
3.25 25 160 3 0.05 0.60 0.93 0.48 
2.25 25 160 3 0.10 0.60 0.27 0.51 
2.75 25 160 3 0.10 0.60 0.30 0.50 
3.25 25 160 3 0.10 0.60 0.23 0.53 
Unsymmetric Free-End 4.77 20 208 3 0.05 0.60 0.73 0.53 
Lb/R = 0.05 and target fe /fb = 0.50 of the primary test suite, as well as the selected free-
end test specimens, all have lateral-torsional buckling slendemess values X - Lb/rt greater 
than A .̂ Therefore, the stress amplification is more pronounced in these specimens than 
in most of the other tests of the parametric study. The slendemess X = Lb/rt is equal to Xj 
for the selected free-end test specimens. 
The maximum amplification of the flange lateral bending stresses in Figs. 7.15.1 
through 7.15.4 is approximately 20 percent at the maximum load level. This value of the 
second-order amplification occurs for the free-end test specimen with D/bf = 3.25 and 
bf/tf = 25 (see Fig. 7.15.4e). At the peak load (based on the one-third rule), the 
maximum first-order elastic f/Fy for this specimen is 0,352 and the maximum second-
order elastic f/Fy is 0.423. Based on Eq. (2-90b), considering both the flange local 
bucking and lateral-torsional buckling limit states, and accounting for the moment 
gradient effect in the lateral-torsional buckling check through the parameter Q>, the local 
buckling limit state controls. The resulting nominal bending strength predicted by the 
one-third rule is 0.70Fy if based on the first-order elastic lateral bending stress, and 
0.68Fy if based on the second-order elastic lateral bending stress. That is, the 20 percent 
amplification of the lateral bending stresses at the peak load level reduces the nominal 
vertical bending strength by only 0.02Fy. This indicates that a simple approximate 
estimate of the second-order elastic amplification effects should be sufficient with the 
proposed one-third rule. 
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(a) D/bf = 2.75 and bf/tf = 15 (d) D/bf = 2.25 and bf/tf = 25 
0 0.1 0.2 0.3 0.4 0.5 
fi /Fy 
0 0.1 0.2 0.3 0.4 0.5 
te/Fy 
(b) D/bf = 2.75 and bf/tf= 20 (e) D/bf = 3.25 and bf/tf = 25 
f,/Fy 
(c) D/bf = 2.75 and bf/tf = 25 
—•— 1st Order 
—Jr« 2nd Order 
Figure 7.15.1. Elastic stresses from first- and second-order analyses for specimens 
with D/tw = 160, d0/D = 3, Lj/R = 0.05 and target f/fb = 0.50 (uniform vertical 
bending, primary test suite). 
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0 0.1 0.2 0.3 0.4 0.5 
f,/Fy 
(a) D/bf = 2.75 and bf/tf = 15 (d) D/bf = 2.25 and bf/tf = 25 
f//Fy f</Fy 
(b) D/bf = 2.75 and bf/tf = 20 (e) D/bf = 3.25 and bf/tf = 25 
0 0.1 0.2 0.3 0.4 0.5 
fc/Fy 
(c) D/bf = 2.75 and bf/tf = 25 
- • - 1st Order 
••*•• 2 n d O r d e r 
Figure 7.15.2. Elastic stresses from first and second-order analyses for specimens 
with D/tw = 160, d0/D = 3, Lb/R = 0.075 and target f/fb = 0.50 (uniform vertical 
bending, primary test suite). 
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Figure 7.15.3. Elastic stresses from first and second-order analyses for specimens 
with D/tw = 160, d0/B = 3, Lb/R = 0.10 and target f/fb = 0.50 (uniform vertical 
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Figure 7.15.4. Elastic stresses from first- and second-order analyses for specimens 
with D/tw = 160, d0/D = 3, Lb/R = 0.05 and target second-order f̂ fb = 0.60 
(free-end test suite). 
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It is interesting to consider the applicability of the most basic form for the second-
order elastic amplification factor: 
AF = - — (7-2) 
1-i 
Fe 
where fb and Fe are the first-order elastic flange vertical bending stress and the elastic 
lateral-torsional buckling stress respectively, and Fe is evaluated from Eq. (2-23) but 
potentially with a lateral-torsional buckling effective length rather than the actual 
unsupported length. Substantial flange wetrping restraint typically exists with respect to 
lateral-torsional stability within the interior unsupported lengths of a horizontally-curved 
bridge I girder due to: (1) continuity with the adjacent unsupported lengths, and (2) the 
fact that the horizontal curvature tends to induce a lateral bending outward from the 
center of curvature within each of the unsupported segments. Therefore, it is suggested 
that an effective length with respect to lateral-torsional buckling of 0.5Lb may be 
sufficient for practical purposes in computing the term Fe in Eq. (7-2) for interior 
unsupported lengths of horizontally-curved I girders. This suggestion is based on the 
assumption that the horizontal curvature of the girder is large enough such that the 
compression flange will not unwind into a buckling mode in which the adjacent 
unsupported lengths buckle in opposite directions with an inflection point close to or at 
the cross-frame locations. 
Within the free-end tests, the warping of the compression flange is unrestrained at one 
end and fixed at the other with respect to lateral-torsional buckling, assuming that the 
horizontal curvature is large enough such that the flange does not unwind into an S shape 
with an inflection point at the braced loading location. In this case, the theoretical 
effective length for lateral-torsional buckling (for the case of uniform vertical bending) is 
0.7Lb. However, the flange vertical bending stress varies linearly from zero at the free 
end to its maximum value at the braced loading location, and thus the equivalent lateral 
distributed loading on the compression flange (acting as an equivalent beam-column) also 
varies linearly between these two points (see the discussion regarding the equivalent 
beam-column idealization in Section 1.4.2). If we derive the theoretical amplification 
factor for the moments within a pinned-fixed beam-column subjected to a constant 
distributed axial load along its length (producing a linear variation in the axial force along 
the length) plus a triangular distributed lateral load, we find that Eq. (7-2) with Fe based 
on an effective length of 0.7Lb and Q, = 1.75 is conservative. After some trial 
experimentation with the free-end tests, the authors find that the use of KLb = 0.5Lb and 
Cb = 1 in Eqs. (2-23) and (7-2) also gives a reasonable approximation for these tests. 
Hall et al. (1999) suggest Eq. (7-2) as an amplification factor, but with Fe given by 
4TI2R 
F = 
EI„ (dn2R2 ^ 
- 1 yc 
A fR i £ 2 
(7-3) 
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with a value of £e of 0.6Lb. Equation (7-3) is based on the buckling of a uniformly loaded 
circular arch. For bridge I girders with Lb/R < 0.10, this equation is for all practical 
purposes equal to 
47t2ET 
Fe= f (7-4) 
Af^e
2 
Therefore, if 4 is taken as 0.6Lb, we obtain a buckling stress larger than physically 
possible in the limit that R becomes large (i.e., the "effective" length based on Eq. (2-23) 
is essentially 0.3Lb). The authors are hesitant to use a more liberal estimate of Fe than 
that obtained from Eq. (2-23) with an effective length of 0.5Lb; furthermore, for small 
Lb/R, the engineer should exercise his or her judgment in that it may be appropriate to use 
a value larger than 0.5Lb to estimate the second-order elastic amplification effect. 
In Figs. 7.15.5 and 7.15.6, normalized fb versus fe curves obtained using Eq. (7-2) 
with: 
• Fe based on Eq. (2-23) and an effective length of 0.5Lb and 
• Fe based on Eq. (7-3) with 4 = 0.6Lb 
are compared to the finite element based curves shown earlier in Figs. 7.15.1 and 7.15.4. 
These figures correspond to the cases with the largest second-order elastic amplification 
within the parametric studies (with the exception of some of the girders in the laterally 
unsupported straight girder suite). It can be observed that the recommended 
amplification factor approximates the finite element based solution very well in Fig. 
7.15.5, but it over predicts the second-order finite element based amplification by four to 
13 percent in Fig. 7.15.6. Conversely, the equation suggested by Hall et al. (1999) 
significantly under predicts the second-order amplification of the lateral bending stresses 
in all but two of the plots in the combined Figs. 7.15.5 and 7.15.6. If 0.7Lb is utilized for 
the effective length with Eq. (2-23), and if the corresponding Fe (including Cb = 1.75) is 
substituted into Eq. (7-2), the second-order amplification is over predicted by nine to 22 
percent. 
Table 7.15.1 presents statistical data for the performance of the suggested simple 
amplification factor (Eq. (7-2) with Fe determined using Eq. (2-23) with Cb = 1 and an 
effective length of 0.5Lb). This table summarizes the statistics for the ratio of the first-
order elastic design stresses, amplified by Eq. (7-2), to the "exact" lateral bending 
stresses obtained from direct second-order elastic shell finite element analysis at the load 
level corresponding to satisfaction of the one-third rule equations. The data is presented 
for each of the major groups of tests considered previously in Sections 7.1 through 7.14, 
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(a) D/bf = 2.25 and bf/tf= 25 (b)D/bf=2.75andbf/tf=15 
(c) D/bf = 2.75 and bf/tf = 20 (d) D/bf = 2.75 and bf/tf= 25 
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f/Fy 
(e) D/bf = 3.25 and bf/tf = 25 
First-order analysis 
- o Direct second-order analysis 
• + — Eq. (7-2) w/ Fe from Eq. (2-23) & 0.5Lb 
• - O — Eq. (7-2) w/ Fe from Eq. (7-3) & *e = 0.6Lb 
Figure 7.15.5. Comparison of elastic f, and fb values obtained by direct analysis and 
by amplification of first-order stresses by Eq. (7-2) for specimens with D/tw = 160, 
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- - -o- - - Eq. (7-2) w/ Fe from Eq. (7-3) & te = 0.6Lb 
(c) D/bf = 3.25 and bf/tf = 25 
Figure 7.15.6. Comparison of elastic if, and fb values obtained by direct analysis and 
by amplification of first-order stresses by Eq. (7-2) for specimens with D/tw = 160, 
do/D = 3, Lb/R = 0.05 and target second-order f/fb = 0.60 (free-end suite). 
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with the exception of the laterally unsupported girder suite which is considered 
subsequently. For the vast majority of the girders studied, the suggested approach 
estimates the finite element based second-order elastic stress within +10 percent. 
However, if we take the primary suite as an example, there are six girders in which the 
second-order elastic stress computed within the finite element analysis is very small such 
that it is overestimated by more than 10 percent by the suggested equation. Furthermore, 
there are 10 of the 133 girders considered in the primary suite for which the finite 
element analysis gives a high second-order elastic amplification such that the simple 
amplification factor equation under predicts the second-order stresses by more than 10 
percent. In the worst case, which corresponds to the specimen with D/bf =2.75, bf/tf = 
20, D/tw = 130, do/D = 3, Lb/R = 0.075 and target f/fb = 0.35, an AF of 1.34 is calculated 
by finite element analysis whereas the simple equation gives an AF of only 1.04 (giving 
the reported minimum value of 0.78 in the table). The same girder, but with D/tw = 160, 
has an amplification factor of 1.32 by finite element analysis but only 1.04 from the 
simple equation. The next smallest ratio of the estimated to the finite element based 
amplification in the primary suite is 0.87. There is no clear trend in the data as to the 
source of the discrepancies between the simple amplification factor estimates and the 
finite element based solutions in the cases where the discrepancies are large. If it is 
assumed that the finite element solutions are "exact", then in the worst case, the flexural 
capacity predicted by the one-third rule equation could be (0.5Fy)(0.26)/3 = 0.04Fy in 
error (unconservative) relative to the correct solution due to the use of the suggested 
simple amplification factor equation (Eq. 7-2). 
Table 7.15.1. Ratio of estimated second-order elastic flange lateral bending stress 
based on Eqs. (7-2) and (2-23) with KLb = 0.5Lb to the stress based on direct second-
order elastic analysis. In each of the two solutions, the stress is calculated at the 
load level corresponding to satisfaction of the one-third rule equations. 
Average Standard Deviation Max. Min. 
Primary suite 0.97 0.06 1.14 0.78 
Modified vertical bending suite 0.96 0.09 1.12 0.75 
Internal loading suite 1.00 0.06 1.10 0.91 
Cases controlled by flange local buckling 0.96 0.06 1.08 0.75 
Cases controlled by lateral-torsional buckling 1.06 0.06 1.14 0.93 
Cases controlled by flange plastic strength 0.95 0.04 1.01 0.85 
Nonslender-web girders 0.98 0.06 1.14 0.78 
Slender-web girders 0.96 0.07 1.13 0.75 
Free-end suite 1.07 0.04 1.16 1.03 
Unsymmetric girders 0.97 0.08 1.11 0.74 
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It should be noted that, based on the approximate equivalence of the compression 
flange in the primary loading suite to an end-restrained beam-column subjected to 
uniform axial compression and a uniformly distributed lateral loading, one might 
consider the use of the factor Cm = (1 - 0.4 fb/Fe) within the numerator of Eq. (7-2) as 
discussed in the commentary to Chapter C of the AISC LRFD Specification (1999). It 
can be argued that this term, combined with the calculation of Fe based on an effective 
length larger than 0.5Lb, might provide a better estimate of the second-order 
amplification. The authors do not find this to be the case. 
7.15.2 Flange Elastic Lateral Bending Stress Amplification for Straight I Girders 
The results for the amplification of the lateral bending stresses in the laterally 
unsupported straight-girder suite require special consideration. For these girders, the 
authors find that the use of Eq. (7-2) along with Eq. (2-23) and an effective length of 
0.5Lb grossly underestimates the computed second-order elastic amplification. A 
reasonably good approximation of the second-order amplification is obtained for most of 
these girders with KLb = 0.8Lb (see Table 7.15.2). It is interesting to note that Lay and 
Galambos (1965) state that K = 0.8 is representative of worst case restraint conditions in 
laboratory uniform bending tests of straight compact rolled beams. Nevertheless, it is 
expected that the use of the actual unsupported length would be preferred within a design 
context. The results for the laterally unsupported straight girders with the use of Eqs. 
(7-2) and (2-23) along with the actual unsupported length are shown in Table 7.15.3. 
It can be observed from Tables 7.15.2 and 7.15.3 that at least in the case in which an 
internal unsupported segment of a straight I-girder is subjected to uniform primary lateral 
and vertical bending, the influence of end restraint (due to continuity with the adjacent 
unsupported lengths) is likely to be small with respect to the amplification of the flange 
lateral bending stresses. The use of the actual unsupported length in the calculation of the 
stress amplification per Eqs. (7-2) and (2-23) is conservative for all the cases analyzed. 
Conversely, it should be noted that the lateral bending stresses in the girder with 
D/bf = 3.25, bf/tf = 25, D/tw = 160, &JD = 3, and (k - Xp) / (A* - Ap) = 1.0 are 
underestimated significantly with KLb = 0.8Lb (see Table 7.15.2). 
Based on the amplification results reported here, it is recommended that for girders 
with Lb/R < 0.05, the actual unsupported length should be utilized in calculating the 
flange lateral bending stress amplification per Eq. (7-2). For I girders with Lb/R > 0.05, it 
appears that the use of KLb = 0.5Lb is appropriate. 
7.15.3 Estimation of Flange Lateral Bending Stresses by the V-Load Equation 
As stated in Section 1.2, evaluation of the accuracy of various methods for estimating 
the elastic design analysis stresses in curved I-girder bridge superstructures is beyond the 
scope of this research. In order to determine the stresses due to vertical and lateral 
bending with high accuracy, including both second-order effects as well as the potential 
influence of web distortion, the shell finite element models utilized in the full nonlinear 
analyses to determine the girder capacities aire also used - with zero geometric 
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Table 7.15.2. Summary of analysis results, stress amplification from Eq. (7-2) 
compared to direct second-order elastic analysis for laterally unsupported straight 
girder suite based on KLb= O.SOLb. 










to Exact f/Fy 
2.25 25 160 3 
0 1.15 1.15 1.00 
0.25 1.28 1.29 1.01 
0.5 1.49 1.55 1.04 
0.75 1.60 1.77 1.11 
1.0 2.41 2.09 0.87 
2.75 15 160 3 
0 1.09 1.18 1.08 
0.25 1.26 1.32 1.05 
0.5 1.51 1.54 1.03 
0.75 1.83 1.83 1.00 
1.0 2.48 2.07 0.83 
2.75 20 160 3 
0 1.16 1.18 1.01 
0.25 1.25 1.34 1.07 
0.5 1.41 1.53 1.08 
0.75 1.75 1.79 1.02 
1.0 2.27 2.11 0.93 
2.75 25 160 3 
0 1.13 1.16 1.03 
0.25 1.31 1.31 1.00 
0.5 1.38 1.55 1.12 
0.75 1.88 1.81 0.97 
1.0 2.51 2.15 0.85 
3.25 25 160 3 
0 1.18 1.15 0.97 
0.25 1.35 1.28 0.95 
0.5 1.55 1.52 0.98 
0.75 2.05 1.77 0.86 
1.0 3.27 2.10 0.64 
Average 0.98 
Standard Deviation 0.11 
Max. 3.27 2.15 1.12 
Min. 1.09 1.15 1 0.64 
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Table 7.15.3. Summary of analysis results, stress amplification from Eq. (7-2) 
compared to direct second-order elastic analysis for laterally unsupported straight 
girder suite based on KLb = Lb. 
Dtofc bfc/tfc 2Dc/tw do/D K-K 
LTB 






to Exact f/Fy 
2.25 25 160 3 
0 1.15 1.26 1.10 
0.25 1.28 1.53 1.20 
0.5 1.49 2.25 1.51 
0.75 1.60 3.12 1.95 
1.0 2.41 5.37 2.23 
2.75 15 160 3 
0 1.09 1.32 1.21 
0.25 1.26 1.61 1.28 
0.5 1.50 2.22 1.48 
0.75 1.83 3.44 1.88 
1.0 2.48 5.20 2.10 
2.75 20 160 3 
0 1.16 1.31 1.13 
0.25 1.25 1.65 1.32 
0.5 1.41 2.16 1.54 
0.75 1.75 3.24 1.85 
1.0 2.28 5.66 2.49 
2.75 25 160 3 
0 1.13 1.27 1.13 
0.25 1.31 1.58 1.21 
0.5 1.38 2.24 1.62 
0.75 1.88 3.35 1.78 
1.0 2.52 6.04 2.40 
3.25 25 160 3 
0 1.18 1.25 1.06 
0.25 1.35 1.53 1.14 
0.5 1.55 2.15 1.39 
0.75 2.05 3.12 1.52 
1.0 3.27 5.47 1.67 
Average 1.57 
Standard Deviation 0.42 
Max. 3.27 6.04 2.49 
Min. 1.09 1.25 1.06 
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imperfections and residual stresses - for the elastic design analysis calculations. 
However, it is useful to compare the magnitude of these stresses to the simple beam-
theory solutions, to build confidence in the correctness of the elastic finite element 
solutions, to gain some feel for the nature and extent of the simple beam-theory 
approximations, and to develop some understanding of the relationship of the different 
parametric study suites to expected bridge I girder responses. The V-load solution 
(Eq. 1-6) is possibly the simplest of the beam-theory based approximations, and is 
considered in this section. 
As noted in Section 5.8, the V-load equation (Eq. 1-6) can be reduced to a rather 
simple and elegant form for estimation of the lateral to vertical bending stress ratio, given 




obtained by direct substitution for M^ and M in Eq. (1-6), but with a coefficient of 10 
rather than 12 in the denominator. Equation (7-5) is utilized directly for the calculations 
presented here. 
Table 7.15.4 gives the statistics for the ratio of f/fb based on Eq. (7-5) to the first-
order elastic f/fb values obtained by direct finite element analysis. As noted previously, 
the V-load equation tends to overestimate the flange maximum lateral bending moment 
or stress in the primary suite. However it does not overestimate the lateral bending in all 
of the tests. Figure 7.15.7 shows a histogram of this ratio for the primary test suite. The 
above ratio is less than one in thirty-five of the 133 specimens, and it is less than 0.90 in 
12 of the tests. It is greater than 1.30 in 13 of the studies, and it is greater than 1.40 in 
one study. No clear trend is evident pertaining to causes for the magnitude of these 
ratios. 
Table 7.15.4. Ratio of f£/fb based on the V-load equation (Eq. 7-5) to the finite 
element based first-order elastic f/fb. 
Average Standard Deviation Max. Min. 
Primary Suite (133 tests) 1.16 0.12 1.56 0.86 
Modified Vert. Bending (46 tests) 0.90 0.10 1.18 0.74 
Internal Loading (26 tests) 1.1.8 0.14 1.35 0.87 
Free-End (10 tests) 1.45 0.08 1.53 1.32 
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Ratio of V-Load to Finite Element based f̂ /fb 
Figure 7.15.7. Histogram of the ratio of the V-Load (Eq. 7-5) to finite element based first-order f/fb values for the primary 
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Figure 7.15.8. Histogram of the ratio of the V-load (Eq. 7-5) to finite element based first-order f/fb values for the modified 
uniform vertical bending suite (46 tests). 
Also as noted previously, the V-load equation tends to underestimate the first-order 
flange maximum lateral bending stress in the modified uniform vertical bending suite. 
Figure 7.15.8 shows a histogram of the ratio of the V-load and finite element based f/fb 
values for this suite. It can be seen that the V-load predictions fall predominantly 
between 0.85 and 0.95 of the finite element based solutions. 
The V-load equation tends to overestimate the first-order stresses in both the internal 
loading and the free end suites. The histograms for these predictions are provided in 
Figs. 7.15.9 and 7.15.10. Finally, the values obtained for the above ratio do not appear 
to be significantly affected by girder nonsyrnmetry for the different types of boundary 
conditions. The overall statistics for all the test cases of the unsymmetric girders are 
provided in Table 7.15.4. 
Tables 7.15.5 and 7.15.6 parallel Table 7.15.4. However, Table 7.15.5 presents the 
statistics for the ratio of the first-order V-load predictions for f/fb to the second-order 
finite element based f/fb values at the load level for which the one-third rule is satisfied 
based on the second-order elastic stresses. The first-order f/fb values are of course 
independent of the load level. Table 7.15.6 presents the statistics for the ratio of the 
amplified V-load based f/fb values (determined by multiplying the values computed from 
Eq. (7-5) by the amplification factor obtained from Eqs. (7-2) and (2-23) with 
KLb = 0.5Lb, based on the load level at which the one-third rule is satisfied) versus the 
corresponding finite element based second-order f/fb values. 
It can be observed that with the exception of the modified uniform vertical bending 
suite, the V-load equation tends to overestimate the flange lateral bending stresses, 
particularly if combined with the approximLate amplification factor of Eq. (7-2). The use 
of the V-load equation to determine the lateral bending stress thus will produce a 
conservative estimate of the vertical bending capacity in a majority of the specimens 
considered. There are a significant number of cases in which the stresses are 
underestimated by the V-load equation, but the largest unconservative estimate in Table 
7.15.5 is 26 percent low, with the exception of the modified vertical bending suite. If we 
assume an upper bound of fb = Fy, and if we assume that the predicted fe is at the 
maximum limit permitted by the one-third rule (i.e., f£ = 0.5Fy), then we obtain an upper-
bound estimate for the unconservative effect on the vertical bending capacity in the one-
third rule equations of (0.5Fy)(0.26)/3 = 0.04Fy. 
In closing, it should be emphasized that in general, flange lateral bending stresses can 
be generated due to numerous sources. This section has concentrated only on the stresses 
due to horizontal curvature. It is important to separate the calculation of the girder 
elastic stresses from the design resistance equations, both for reasons of clarity and 
generality. 
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Table 7.15.5. Ratio of f/fb based on the V-load equation (Eq. 7-5) to the finite 
element based second-order f/fb values at the load level for which the one-third rule 
is satisfied based on the second-order elastic stresses. 
Average Standard Deviation Max. Min. 
Primary Suite (133 tests) 1.06 0.12 1.52 0.76 
Modified Vert. Bending (46 tests) 0.79 0.07 0.92 0.67 
Internal Loading (26 tests) 1.07 0.11 1.24 0.84 
Free-End (10 tests) 1.26 0.07 1.35 1.14 
Unsymmetric Girders (22 tests) 1.02 0.19 1.39 0.74 
Table 7.15.6. Ratio of f£/fb based on the V-load equation (Eq. 7-5), amplified by Eqs. 
(7-2) and (2-23) with KLb = 0.5Lb to the corresponding finite element based second-
order f/fb. In each of the two solutions, the stress is calculated at the load level 
corresponding to satisfaction of the one-third rule equations. 
Average Standard Deviation Max. Min. 
Primary Suite (133 tests) 1.12 0.14 1.59 0.77 
Modified Vert. Bending (46 tests) 0.86 0.08 1.02 0.69 
Internal Loading (26 tests) 1.17 0.17 1.42 0.86 
Free-End (10 tests) 1.53 0.10 1.72 1.40 
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PARAMETRIC STUDY RESULTS - SHEAR STRENGTH 
In this chapter, the shear strengths predicted by the design equations reviewed in 
Section 2.2 are compared to the corresponding strengths determined within the finite 
element parametric study. These equations are: 
• The current AASHTO LRFD (2001) formulas, which are based on Basler's (1961b) 
research (see Sections 2.2.1 and 2.2.2), 
• The equations recommended by Lee and Yoo (1998) (see Section 2.2.3), and 
• A modified form of the AASHTO LRFD (2001) formulas in which the shear buckling 
coefficients proposed by Lee et al. (1996) are utilized in the calculation of the web 
shear buckling load (see Section 2.2.4). 
All of these predictors include a contribution from the web postbuckling strength. The 
current and modified AASHTO LRFD (2001) formulas are based on the tension-field 
model forwarded by Basler (1961b), whereas Lee and Yoo (1998) propose an alternative 
simplified description of the postbuckling shear strength. The shear buckling load in the 
current AASHTO LRFD equations is based on the assumption of simply-supported 
boundary conditions at the flanges, whereas the shear buckling coefficients proposed by 
Lee et al. (1996), and utilized by Lee and Yoo (1998) and in the modified AASHTO 
LRFD equations, account for the buckling restraint offered by the flanges at the top and 
bottom of the web. All of these strength predictors utilize the fundamental web shear 
buckling equations proposed by Basler (1961b), albeit with different shear buckling 
coefficients. Lee and Yoo (1998) include an additional reduction factor that accounts 
directly for the influence of nominal geometric imperfections and plate bending within 
the web on the maximum strength. 
It should be noted that in these studies, the postbuckling contribution to the shear 
strength is included in the calculations for all values of do/D, i.e., the 6VD < 1 limit 
specified by Hall and Yoo (1998) is not enforced. 
Section 8.1 addresses the calculation of ultimate shear strength. This is followed by 
Section 8.2, which addresses the accuracy of elastic shear buckling estimates from the 
AASHTO LRFD (2001) and Lee et al. (1996) formulas. Section 8.3 then focuses on the 
accuracy of the web postbuckling shear strength estimates from Lee and Yoo's (1998) 
equations as well as from the current and modified AASHTO LRFD (2001) formulas. 
Finally, Section 8.4 provides an overall assessment of the results of this study. 
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Similar to Chapter VII, this chapter focuses primarily on the overall statistical trends 
in the data from the parametric study tests. The reader is referred to Appendix B for a 
detailed summary of the strength data for the individual specimens. 
8.1 ULTIMATE SHEAR STRENGTH 
Table 8.1.1 gives statistics for the complete set of doubly symmetric shear tests 
considered within the parametric study. The data in this table as well as in the 
subsequent tables of this chapter are presented in a similar format to that adopted in 
Chapter VII. The arithmetic mean and standard deviation are provided along with the 
maximum and minimum values for the set. The second column of the table gives the 
range of the finite element based shear strengths relative to the web plastic shear capacity 
Vp. The average and standard deviation of these strength ratios are not provided, since 
this data is not relevant to the discussions. The parametric study is designed to test 
girders with a wide range of Vn(FEA)/Vp. The third through the fifth columns of the table 
provide the statistics for the three key design predictor equations evaluated in this 
research, expressed in terms of the ratio of the design strengths to the finite element based 
strengths. As in Chapter VII, the ''best" value for each of the statistical quantities is 
shaded within the tables. 
Table 8.1.1. Summary of ultimate shear strengths, primary test suite, doubly 








Avg. 0.88 .1.01 1.02 
Std. Dev. 0.09 0.12 0.06 
High 0.84 1.09 1.27 1.16 
Low 0.46 0.74 0.73 0.88 
8.1.1 Overall Assessment of Ultimate Strength Predictions for Doubly-Symmetric 
Girders 
From Table 8.1.1, it can be observed that the equations proposed by Lee and Yoo 
(1998) give the most accurate prediction of the finite element based strengths on average 
(1.01). However, the modified AASHTO LRFD equations have essentially the same 
accuracy (1.02) along with the smallest standard deviation (0.06) and the most accurate 
minimum value (0.88) in the design to finite element strength ratio. The modified 
AASHTO equations are somewhat more liberal than the current AASHTO equations for 
the worst overestimate of the finite element predictions (1.16 versus 1.09). The overall 
improved accuracy in the modified AASHTO equations is entirely due to the more 
accurate prediction of the shear buckling strength based on the buckling coefficients 
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proposed by Lee et al. (1996). The relative accuracy of the current AASHTO (2001) and 
Lee et al. (1996) shear buckling coefficients is addressed subsequently in Section 8.2. 
Although the Lee and Yoo (1998) equations give an accurate prediction of the finite 
element based strengths on average (1.01), their predictions have a wide dispersion 
relative to the finite element based strengths as evidenced by the standard deviation of 
0.12, the minimum of 0.73 and the maximum of 1.27 in Table 8.1.1. This is due to the 
simplified expression for the postbuckling strength in (Lee and Yoo 1998), which leads to 
anomalous postbuckling strength predictions as discussed in Section 2.2.3. That is, the 
Lee and Yoo (1998) equations predict that the web shear postbuckling strength increases 
with increasing panel aspect ratio do/D, which is counter intuitive and does not follow the 
trends in established experimental data. The accuracy of the postbuckling strength 
predictions from each of the design equations is addressed in Section 8.3. 
It should be noted that a total of 133 high-shear low-moment tests are executed within 
this finite element parametric study. However, 11 of the specimens for Lb/R = 0.05 and 
target f/fb = 0.50 fail in a lateral bending mode rather than a shear mode1. Overall, the 
specimens with these design parameters have the largest unsupported lengths Lb of all the 
tests (see Tables 5.8.1 through 5.8.5), and the girders that fail in lateral bending provide 
an important verification of the accuracy of the design predictor equations for cases in 
which the flanges are not able to hold a node line to support the development of the web 
shear strength. However, the strengths in the cases that are governed by a lateral bending 
failure are captured by the flexural strength predictor equations; the load capacities based 
on the flexural strength check are smaller than that those based on the web ultimate shear 
strength. Therefore, the 11 specimens that fail by lateral bending are not included within 
the ultimate shear strength statistics presented here. Rather, they are considered directly 
as part of the evaluation of moment-shear strength interaction in Chapter IX. These tests 
are distinguished from the other high-shear low-moment tests by the use of italics for the 
associated data values reported within Table B.1.2. 
8.1.2 Ultimate Strength Predictions as a Function of the Panel Aspect Ratio d</D 
Tables 8.1.2 through 8.1.4 focus on the results of the design predictor equations for 
the specific cases out of the full study involving a relatively slender web (D/tw = 160) and 
different web aspect ratios do/D. Table 8.1.2 gives these results for do/D = 1, Table 8.1.3 
focuses on the results for do/D = 2, and Table 8.1.4 addresses the results for do/D = 3. 
Five of the girders with D/tw =160 and do/D = 1 failed by lateral bending rather than by 
shear. These girders are not included within Table 8.1.2. All of the girders studied with 
D/tw = 160 and do/D = 2 or 3 failed by shear. Table 8.1.4 is based on five fewer tests 
than Table 8.1.3 due to the fact that the unsupported length Lb is equal to 2do in five of 
the tests. 
1 Note that f/fb is set approximately to the target values only in the uniform vertical bending studies of the 
primary test suite. The values of f/fb are generally somewhat smaller in the maximum V/M tests. 
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Table 8.1.2. Summary of ultimate shear strengths, primary test suite, doubly 
symmetric specimens with D/tw = 160 and d</D = 1, excluding cases that fail by 








Avg. 0.98 0.81 1.02 
Std. Dev. 0.05 0.04 0.05 
High 0.84 1.09 0.90 1.12 
Low 0.69 0.89 0.73 0.92 
Table 8.1.3. Summary of ultimate shear strengths, primary test suite, doubly 








Avg. 0.93 1.06 1.04 
Std. Dev. 0.05 0.06 0.06 
High 0.62 1.04 1.18 1.16 
Low 0.50 0.84 0.95 0.95 
Table 8.1.4. Summary of ultimate shear strengths, primary test suite, doubly 








Avg. 0.79 1.12 0.95 
Std. Dev. 0.04 0.05 0.05 
High 0.56 0.90 1.27 1.07 
Low 0.46 0.74 1.04 0.88 
Table 8.1.2 shows that the current and modified AASHTO shear strength equations 
have equal accuracy on average for problems involving a slender web and do/D = 1. The 
current AASHTO equations are slightly conservative (0.98) and the modified AASHTO 
equations are slightly liberal on average (1.02). Both sets of equations have the same 
standard deviation (0.05) in the ratio of their predictions to the finite element based 
strengths. The largest overestimate of the finite element based strengths is slightly higher 
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with the modified AASHTO equations compared to the current AASHTO equations for 
this case (1.12 versus 1.09), and the largest underestimate is slightly more accurate for 
the modified AASHTO equations (0.92 versus 0.89). The Lee and Yoo (1998) equations 
significantly underestimate the finite element based strengths for this case, although the 
dispersion of the Lee and Yoo predictions is smaller than that for the other equations. 
For D/tw = 160 and dJD = 2 (Table 8.1.3), the predictions by the modified AASHTO 
equations are slightly more liberal than for the case in Table 8.1.2, overestimating the 
finite element based strengths by four percent on average, with the largest overestimate 
being 16 percent unconservative. Conversely, the current AASHTO equations are more 
conservative for this case than for D/tw = 160 and do/D = 1. The Lee and Yoo (1998) 
equations over predict the finite element based strengths for 24 of the 30 girders in this 
set, with the largest overestimate being 18 percent unconservative. 
Finally, for the case of D/tw = 160 and do/D = 3 (Table 8.1.4), the modified AASHTO 
equations become slightly conservative on average, with a largest overestimate of only 
seven percent, the current AASHTO equations become highly conservative with an 
average ratio of the design prediction to the finite element based strength of only 0.79, 
and the Lee and Yoo (1998) equations exhibit a high degree of unconservatism on 
average (12 percent), with their largest over prediction of the finite element based 
strength being 27 percent. 
8.1.3 Ultimate Strength Predictions as a Function of the Web Slenderness D/tw 
The previous section focuses on the behavior of the different prediction equations for 
a web slenderness D/tw = 160, which is essentially the maximum limit allowed by 
AAHSTO LRFD (2001) for a transversely stiffened girder with Fy = 345 MPa (50 ksi). It 
is important also to consider the behavior of the prediction equations for transversely 
stiffened girders having stockier webs. Tables 8.1.5 and 8.1.6 show the results from the 
parametric study for transversely stiffened girders with do/D = 3 and D/tw =130 and 100 
respectively. These tables may be studied along with Table 8.1.4 to ascertain the 
accuracy of the predictions as a function of D/tw for cases with wide stiffener spacing. 
It can be observed that the current AASHTO equations become more accurate and the 
dispersion of their predictions relative to the finite element based strengths is reduced as 
D/tw is decreased. However, these changes are rather small,. The predictions by Lee and 
Yoo's (1998) equations are significantly improved with smaller D/tw. As noted in the 
previous section, for D/tw =160 and do/D = 3, the Lee and Yoo equations exhibit large 
unconservative errors and significant dispersion. However, for D/tw = 130, these 
equations exhibit the same standard deviation as the other two predictors (0.03), and the 
best low value (1.02) (along with the modified AASHTO equations (0.98)) relative to the 
finite element based strengths. For D/tw = 100, the Lee and Yoo equations give the best 
overall prediction of the girder strengths, with an average strength ratio of 0.97, a 
standard deviation of 0.02, a maximum value of 1.01 and a minimum of 0.94. 
Nevertheless, the modified AASHTO equations give the best overall predictions for 
D/tw =160 and 130, and their statistics for D/tw = 100 are liberal but generally more 
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accurate than those pertaining to the full set of girders studied (compare Tables 8.1.6 and 
8.1.1). For D/tw = 100, the modified AASHTO equations have equal accuracy to the Lee 
and Yoo equations for the minimum strength ratio, and the same standard deviation as the 
Lee and Yoo equations. 
Table 8.1.5. Summary of ultimate shear strengths, primary test suite, doubly 








Avg. 0.82 1.06 1.02 
Std. Dev. 0.03 0.03 0.03 
High 0.63 0.86 1.12 1.07 
Low 0.56 0.77 1.02 0.98 
Table 8.1.6. Summary of ultimate shear strengths, primary test suite, doubly 








Avg. 0.84 0.97 1.07 
Std. Dev. 0.03 0.02 0.02 
High 0.79 0.88 1.01 1.12 
Low 0.71 0.80 0.94 1.06 
Unfortunately, only a few girders with D/tw < 160 and d(/D < 3 are considered within 
the current parametric study. As explained in Section 5.4, this restriction is based on the 
rational that girders with stockier webs would tend to be designed with wide stiffener 
spacing, if not as unstiffened. The only girders considered with D/tw < 160 and do/D < 3 
are six tests with D/bf = 2.75, Lt/R = 0.1 and a target f£ /fj, = 0.35, which leads to 
Lb = 2do in the design of the girders. The results from these tests are shown in Table 
8.1.7. One can observe that the cuirent AASHTO equations give very accurate 
predictions for these cases, whereas the predictions by Lee and Yoo's equations are 
reasonably accurate (with strength ratios ranging from 0.94 to 1.09). The modified 
AASHTO equations have a narrow dispersion in their strength ratios for these girders, but 
with values ranging from 1.11 to 1.16. However, maximum strength ratio of 1.16 is 
obtained with these equations for one of the girders with D/tw =160 and do/D = 2 as well 
(a girder with Lb/R = 0.10, target f, /fb = 0.50, D/bf = 3.25 and bf/tf = 25). It is apparent 
that the horizontal curvature has some effect on reducing the finite element based 
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strength and thus increasing the strength ratio in all of the above tests. In fact, the 
maximum strength ratios of all of the prediction equations for D/tw = 160, for all the 
values of dVD studied, occur for the girder with W R = 0.10, target f£ /fj, = 0.50, D/bf = 
3.25 and bf/tf = 25. Therefore, the predictions of the modified AASHTO equations 
shown in Table 8.1.7 are considered to be acceptable, although the strength ratios are 
somewhat large. The influence of horizontal curvature on the shear capacity is addressed 
subsequently in Section 8.1.5. 
Table 8.1.7. Ultimate shear strengths, primary test suite, doubly-symmetric 
specimens with Lt/R = 0.1, target fe /fb = 0.35, D/tw < 160 and dG/D = 2. 
bf/tf D/tw Vn(FEA) / V p 
Current AASHTO 
FEA 




15 130 0.62 0.95 1.03 1.11 
20 130 0.60 0.98 1.06 1.14 
25 130 0.59 1.00 1.09 1.16 
15 100 0.80 0.91 0.94 1.11 
20 100 0.76 0.95 0.99 1.15 
25 100 0.73 1.00 1.00 1.15 
8.1.4 Assessment of Ultimate Strength Predictions for Singly-Symmetric Girders 
Table 8.1.8 summarizes the ultimate strength predictions for the unsymmetrical 
specimens considered in this research. The overall statistics for these girders are similar 
to those for the doubly symmetric girder tests (Table 8.1.1). Lee and Yoo's equations 
provide the best overall predictions on average (1.07), but they have the widest dispersion 
relative to the finite element based strengths, with a standard deviation of 0.12, the largest 
under prediction of 0.82 and the largest over prediction of. 1.18. The current and 
modified AASHTO equations are equally accurate in their average results, with the 
current equations erring on the conservative side (0.92) and the modified equations 
providing a liberal average strength ratio (1.08). However, the modified AASHTO 
equations have the smallest standard deviation (0.06) and best minimum strength ratio 
(0.99) of the three prediction equations. The largest over prediction by the modified 
AASHTO equations (1.15) is smaller than the corresponding ratio within the full set of 
doubly symmetric girders studied (see Table 8.1.1). It should be noted that the average 
of the flange thicknesses is used with equations for the shear buckling coefficient in Lee 
and Yoo's and the modified AASHTO procedures (Eqs. (2-104) and (2-105)) for the 
monosymmetric girders. 
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Avg. 0.92 1.07 1.08 
Std. Dev. 0.09 0.12 0.06 
High 0.75 1.05 1.18 1.15 
Low 0.50 0.82 0.82 0.99 
8.1.5 Summary 
Overall, the modified AASHTO equations provide the best predictions of the finite 
element based strengths within all of the Tables 8.1.1 through 8.1.8. Their average 
strength ratios are either the best, or do not differ significantly from the best values, in all 
of the above tables. Also, they provide the smallest standard deviation in the ratio of the 
predicted to finite element based strengths for the complete sets of doubly- and singly-
symmetric girders (see Tables 8.1.1 and 8.1.8), and their standard deviation is small 
across all of the above tables. However, they show a maximum unconservative error of 
16 percent, whereas the maximum unconservative error in the current AASHTO 
equations is only nine percent. For D/tw = 160, the Lee and Yoo (1998) equations show 
a clear trend of being significantly conservative for small do/D ratios, with a smallest 
under prediction of 0.69, to significantly unconservative for dVD = 3, with a largest over 
prediction of 1.27. 
Figures 8.1.1 through 8.1.3 show histograms of the shear strength ratios (design to 
finite element based strengths) for each of the above predictor equations. Both the 
doubly- and singly-symmetric girders considered in Tables 8.1.1 through 8.1.4 are 
included in the histogram plots. The modified AASHTO shear strengths clearly exhibit 
the best distribution, followed by the current AASHTO shear strength equations and Lee 
and Yoo's equations. The significant conservatism of the current AASHTO shear 
strength equations for the majority of the test cases is evident in Fig. 8.1.2, whereas the 
wide scatter in the Lee and Yoo shear strength predictions is apparent in Fig. 8.1.3. 
8.1.6 Influence of Horizontal Curvature on Ultimate Shear Strength 
Table 8.1.9 presents the results of the finite element strength predictions as a function 
of horizontal curvature, as represented by the parameter Lb/R. Only girders with 
D/tw =160 and d</D = 2 are included within this table. The reason for this specific focus 
is, as noted previously, five of the girders with D/tw =160 and dVD = 1 failed by lateral 
bending. Furthermore, the unbraced length Lb is not sufficient to allow riVD = 3 in a 
number of cases. Therefore, if the cases with do/D = 1 and dJD = 3 are included, the 
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Figure 8.1.1. Distribution of the predicted to finite element shear strengths based on the modified AASHTO LRFD 
























































Figure 8.1.2. Distribution of the predicted to the finite element shear strengths based on the current AASHTO LRFD 









































Figure 8.1.3. Distribution of the predicted to the finite element shear strengths based on Lee and Yoo's (1998) 
equations (130 girders) 
number and set of girders is considered for each Lb/R. Table 8.1.9 illustrates the well-
known result (Mozer et al. 1970, 1971 and 1975; Lee and Yoo (1999); Zureick et al. 2001) 
that there is typically a small reduction in the maximum shear strength due to horizontal 
curvature. The reduction in the shear strength due to horizontal curvature evidenced 
within this table is approximately 0.02 to 0.03 Vp (or four to six percent of the shear 
capacity) as Lb/R is increased from 0.05 to 0.10. This reduction is smaller than the 
typical errors in the strength predictions due to the approximate nature of the different 
shear strength equations. For girders that satisfy the design limit of Lb/R < 0.10, one 
can conclude that this strength reduction may be neglected. 
Table 8.1.9. Influence of Lb/R on ultimate shear strengths predicted by finite 
element analysis, primary test suite, specimens with D/tw = 160 and d0/D =2. 
Vn(FEA)/Vp 
(Lb/R = 0.05) 
(10 girders) 
Vn(FEA)/Vp 
(Lb/R = 0.075) 
(10 girders) 
Vn(FEA)/Vp 
(Lb/R = 0.1) 
(10 girders) 
Avg. 0.57 0.56 0.55 
Std. Dev. 0.03 0.03 0.03 
High 0.62 0.61 0.61 
Low 0.53 0,52 0.50 
8.2 ELASTIC BUCKLING STRENGTHS 
The ratios of the two elastic buckling predictors evaluated in this research to the web 
buckling strengths Vcr(FEA) obtained from elastic linear buckling finite element analysis 
are summarized in Table 8.2.1. These predictors are the AASHTO LRFD (2001) 
formulas, which are based on the assumption of simply-supported boundary conditions at 
the flanges, and the formulas proposed by Lee et al. (1996) and Lee and Yoo (1998), 
which account for the buckling restraint offered by the flanges. Both predictors are based 
on Timoshenko's (1910) elastic buckling strength equation (Eq. (2-95c) for the AASHTO 
LRFD calculations and Eq. (4-2) for Lee and Yoo's calculations). In the application of 
the AASHTO LRFD (2001) equations, the shear buckling coefficient is calculated as per 
Eq. (2-96b) (webs with aVD > 3 are not considered in these studies). The formulas for 
the shear buckling coefficient proposed by Lee et al. (1996) are summarized in Eqs. 
(2-104) through (2-106). The range of the finite element based buckling strengths 
relative to the web plastic shear capacity Vcr(FEA)/Vp for the girders considered in this 
study is shown in the second column of the table. 
From Table 8.2.1, it can be observed that the shear buckling coefficients proposed by 
Lee et al. (1996) provide a significantly better prediction of the elastic buckling strengths 
than the current AASHTO LRFD (2001) equations on average (0.98 versus 0.66), with a 
lower standard deviation (0.05 versus 0.06) and a significantly more accurate low value 
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for the ratio between the predicted and the directly computed buckling strengths (0.84 
versus 0.58). This is consistent with the research results reported by Bradford (1996), 
which also indicate that the web shear-buckling boundary conditions at the flanges in 
practical plate girders are generally intermediate between simple and fixed, and that they 
are generally close to fixed for tf/tw > 2. The worst-case overestimate of the finite 
element based buckling strengths by the Lee et al. equations is 1.14, whereas the strength 
ratio for the current AASHTO LRFD (2001) equations never exceeds 0.83. Generally, 
the predictions by the Lee et al. equations tend to be slightly more liberal for the 
specimens with stockier webs (i.e., D/tw =100 and 130). 
Table 8.2.1. Ratios of elastic shear buckling strengths obtained by the design 
predictor equations to the corresponding values from elastic linear buckling 




Lee et al. 
FEA 
Avg. 0.66 0.98 
Std. Dev. 0.06 0.05 
High 0.82 0.83 1.14 
Low 0.28 0.58 0,84 
It should be noted that in 11 of the girders that have an Lb/R of 0.05 and a target 
f/fb of 0.50, the elastic buckling mode shape differs significantly from that associated 
with web shear buckling. Therefore, these specimens are not included within the elastic 
buckling strength statistics shown in Table 8.2.1. These are the same 11 girders that are 
excluded from the statistics reported in Table 8.1.1. However, the elastic buckling mode 
shapes of these girders are significantly different than the inelastic stability failure mode 
associated with their maximum strengths. As noted previously, the ultimate strength of 
these girders is dominated by flange lateral bending. Figures 8.2.1 and 8.2.2 illustrate the 
elastic buckling mode shapes for two of these 11 girders. The mode in Fig. 8.2.1 shows 
significant participation of web bend and flange local buckling along with an influence of 
web shear, whereas the mode in Fig. 8.2.2 indicates significant web bend buckling in one 
critical panel, combined with associated flange local buckling (torsional) rotations. 
Figures 8.2.3 and 8.2.4 show histograms of the predicted elastic buckling strengths 
versus the computed finite element values for the Lee et al. (1996) and the current 
AASHTO equations respectively. There is only one girder for which the unconservative 
error in the prediction by the Lee et al. equations is greater than 10 percent. This girder 
belongs to the above set of girders with Lb/R = 0.05 and f/fb = 0.50, from which 11 
specimens are excluded from consideration as shear tests. It is suspected that there may 





Figure 8.2.1. Buckling mode shape of specimen with D/bf = 2.75, bf/tf = 25, D/tw = 100, do/D = 3, Lb/R = 0.05, and target 




Figure 8.2.2. Buckling mode shape of specimen with D/bf = 3.25, bf/tf = 25, D/tw = 160, dQ/D = 1, Lb/R = 0.05, and target 
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Figure 8.2.3. Distribution of the predicted to the finite element elastic shear buckling strengths based on Lee and Yoo's 
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Figure 8.2.4. Distribution of the predicted to the finite element elastic shear buckling strengths based on the current 
AASHTO LRFD (2001) equations (122 doubly-symmetric girders). 
Figure 8.2.5 plots the ratios of the elastic buckling strengths obtained from finite 
element analysis and from the two design predictor equations to the web plastic shear 
capacities (C = Vcr/Vp) versus the web panel aspect ratio d/D for the girders with 
D/tw =160 and D/bf =2.75. It can be observed that there is a clear reduction in the 
elastic buckling strengths as dVD increases. The Lee et al. (1996) shear buckling 
coefficient gives a reasonably accurate estimate of the finite element elastic buckling 
shear strengths in all of the cases shown in the figure - its most conservative predictions 
are obtained for the girders with Lb/R = 0.10 and target f/fb = 0.35, which have the 
smallest R values. Conversely, the buckling strength based on the current AASHTO 
LRFD (2001) shear buckling coefficient is significantly smaller than the finite element 
based strengths in all of the cases. 
Table 8.2.2 summarizes the elastic buckling predictions for the unsymmetrical girders 
considered in this research. The trends in the data for these girders are very similar to 
those for the doubly-symmetric specimens reported in Table 8.2.1 
Table 8.2.2. Summary of elastic shear buckling strengths, singly-symmetric 




Lee et al. 
FEA 
Avg. 0.66 1.00 
Std. Dev. 0.04 0.11 
High 0.51 0.70 1.13 
Low 0,27 0.61 0.82 
Finally, Table 8.2.3 illustrates the influence of horizontal curvature on the web elastic 
buckling strengths for the doubly-symmetric girders tested. It can be observed that as the 
subtended angle Lb/R increases, there is a small but nonnegligible increase in the elastic 
shear buckling strengths. This attribute of the behavior of curved I girders has been well 
established in prior research (Abdel-Sayed 1973; Mozer et al. 1970,1971 and 1973; Yoo 
1996; Lee and Yoo 1999b). However, the increase in the web elastic shear buckling 
capacity due to horizontal curvature is similar in magnitude to the range of the error in 
the accurate Lee et al. (1996) elastic shear buckling equation. Also, as discussed in the 
next section, the web postbuckling strength is generally decreased due to the horizontal 
curvature such that the ultimate shear strength of curved girder web panels is actually 
smaller for larger Lb/R. If the increase in the web buckling strength due to horizontal 
curvature were considered within design predictor equations, the corresponding decrease 
in the postbuckling strength would have to be directly addressed. Therefore, in the view 
of the authors, it is not worthwhile to consider the effect of the horizontal curvature 
within the design predictor equations. The fact that the web buckling strength is 
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(a) Lb/R = 0.05 and f,/fb = 035 (d) Lb/R = 0.05 and f,/fb = 0.50 
(b) Lb/R = 0.075 and f,/fb = 0.35 (e) Lb/R = 0.075 and f,/fb = 0.50 
(c) Lb/R = 0.10 and f/fb = 0.35 (f) Lb/R = 0.10 and f,/fb = 0.50 
— 4 _ FEA (b/tf = 15, t/tw = 3.88, Aw/Af = 0.71) -AASHTO(2001) 
— * - FEA (b/tf = 25, t/tw = 2.33, Aw/Af = 1.18) 
FEA (b/tf = 20, t/tw = 2.91, Aw/Af = 0.95) 
Figure 8.2.5. C =Vcr/Vp versus dJB for doubly-symmetric specimens with constant 
D/bf = 2.75 and D/ltw = 160 and different tf/tw and bf/tf. 
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increased somewhat due to horizontal curvature might be considered as providing an 
additional margin of safety against any linnit states that are closely related to web 
buckling, e.g., possibly the fatigue strength of curved girder web panels. 
Table 8.2.3. Influence of L|/R on elastic shear buckling strengths, doubly-
symmetric specimens. 
VcnFEA/Vp 
(Lb/R = 0.05) 
(35 girders) 
Vcr(FEA)/Vp 
(Lb/R = 0.075) 
(45 girders) 
VCi(FEA/Vp 
(WR = 0.1) 
(42 girders) 
Avg. 0.40 0.45 0.48 
Std. Dev. 0.13 0.15 0.15 
High 0.76 0.78 0.82 
Low 0.28 . 0.2-8 0.31 
8.3 POSTBUCKLING STRENGTH 
For the girders in which the web buckles elastically, i.e., for Vcr < 0.8VP, an accurate 
estimate of the web postbuckling strength may be calculated as the difference between 
the ultimate shear capacity, determined from full nonlinear finite element analysis Vn(FEA), 
and the elastic buckling strengths obtained from the finite element elastic linear buckling 
(eigenvalue) analysis Vcr(FEA)- That is, 
VpB(FEA) - Vn(FEA) ~ Vcr(FEA) (8-1) 
In Figure 8.3.1, these strengths are normalized by the theoretical upper bound of the 
postbuckling strength (Vp - VCT(FEA>) and plotted as a function of do/D for the girders 
considered in this study with D/bf = 2.75 and D/tw = 160. This figure also compares these 
normalized "exact" postbuckling strengths to similar normalized postbuckling strengths 
obtained from the AASHTO (2001), modified AASHTO and Lee and Yoo (1998) 
predictor equations. The finite element based postbuckling strengths are connected by 
the dashed lines in the figure, while the normalized postbuckling strengths obtained from 
the design predictor equations are connected by the solid lines. 
In the current and modified AASHTO equations, the postbuckling strength may be 
written as 




(a) Lb/R = 0.05 and ff/fb = 0.35 (d) Lb/R = 0.05 and f/fb = 0.50 
(b) Lb/R = 0.075 and f/fb = 0.35 (e) Lb/R = 0.075 and f/fb = 0.50 
(c) Lb/R = 0.10 and f/fb = 0.35 (f) Lb/R = 0.10 and f,/fb = 0.50 
—H— b/tf = 15, t/tw = 3.88, Aw/Af = 0.71 A AASHTO and Modified AASHTO 
b/tf= 20, t/tw = 2.91, Aw/Af = 0.95 O Lee&Yoo 
— * - b/tf = 25, t/tw = 2.33, Aw/Af = 1.18 
Figure 8.3.1. VPB/(VP - Vcr) based on finite element analysis and design predictor 
equations versus do/D - doubly-symmetric specimens with constant D/bf = 2.75 and 
D/tw = 160 and different tf/tw and bf/tf. 
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based on Basler's (1961b) tension-ield theory, where C = Vcr/Vp and Vcr is the web shear 
buckling strength obtained using the respective AASHTO (2001) and Lee et al. (1996) 
shear buckling coefficients. Therefore, when normalized in the above fashion, this 
postbuckling strength becomes 
(8-3) 
The normalized postbuckling strength assumed within the Lee and Yoo (1998) equations 
(see Section 2.2.3 and Eq. (2-107)) may be written as 
VpB =0.4 (8-4a) 
(Vp-V c r) 
prior to adjustment by the reduction coefficient R, which accounts for geometric 
imperfection and web plate bending effects. Since R is applied to both the buckling and 
postbuckling contributions to the strength in Eq. (2-110), the normalized reduced 
postbuckling strength by Lee and Yoo's equations may be written as 
RV 
PB (8-4b) (Vp-RV c r) 
which varies as a function of D/tw, do/D and tf/tw. Generally, R is smaller for smaller 
values of oVD, and therefore Eq. (8-4b) tends to give a ratio that increases as do/D 
increases. Therefore, only Eq. (8-4a) is considered in the figure. 
It can be observed from Fig. 8.3.1 that the above "exact" normalized postbuckling 
strengths decrease significantly as do/D increases. This decrease is most pronounced 
when do/D is changed from one to two, but the decrease in strength from do/D = 2 to 
oVD = 3 is nonnegligible. This trend is expected since, by increasing the stiffener 
spacing, the tension field becomes less and less effective and approaches zero as the 
panel length becomes large according to Basler's (1961b) theory. Also, this trend is 
clearly evident within the data from various experimental studies, e.g., (Basler 1961b; 
Lee and Yoo 1999a; Porter et al. 1975). 
The normalized current and modified AASHTO postbuckling strengths as shown in 
Fig. 8.3.1 are reasonably good predictions of the corresponding finite element based 
values. However, the Lee and Yoo (1998) assumption of constant normalized 
postbuckling shear strength (Eq. 8-4a) (or a postbuckling strength that decreases with 
increasing dVD if Eq. (8-4b) is utilized) is clearly flawed. This flaw is the primary cause 
of the inaccuracies in Lee and Yoo's ultimate shear strength predictions reported in 
Section 8.1. 
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It can be argued that the results in Fig. 8.3.1 are somewhat skewed by the fact that 
different values of Vcr are utilized in normalizing the finite element based curves, the 
current AASHTO LRFD (2001) based curves, and the modified AASHTO and Lee and 
Yoo (1998) based curves. Therefore, Fig. 8.3.2 is provided, in which all the above 
calculated postbuckling shear strengths are normalized by the same parameter Vp. The 
average strengths for the three girder cross-sections considered in Figs. 8.3.1 and 8.3.2 
are plotted in Fig. 8.3.2 for the Lee and Yoo and modified AASHTO equations; the 
differences in the design postbuckling strengths obtained for these different cross-section 
geometries is less than 0.01 Vp. The unreduced postbuckling strength from Eq. (2-107), 
i.e., VPB = 0.4(VP - Vcr), is plotted for Lee and Yoo's equations; the increase in the 
predicted strength with increasing dJD is even larger if the postbuckling strength by Lee 
and Yoo's equations is taken as (Vn - Vcr). The finite element and modified AASHTO 
postbuckling strengths are taken as VPB = (Vn - Vcr). 
As in Fig. 8.3.1, dashed lines connect the finite element based results while solid lines 
connect the design predictor equation results in Fig. 8.3.2. One can observe from this 
figure that Lee and Yoo's equations predict an increase in the web postbuckling strength 
as dVD is increased. Conversely, the finite element based solutions all show a decrease 
in this strength as a function of increasing panel aspect ratio, although the change from 
oVD = 2 to dVD = 3 is relatively small. 
Lee and Yoo's postbuckling strength equation tends to underestimate the finite 
element based strength for small do/D, it provides a reasonably good prediction of these 
"exact" strengths for do/D = 2, and it tends; to overestimate the finite element solutions for 
do/D = 3. The modified AASHTO calculations provide the best estimate of the shear 
postbuckling strength, although they are slightly high compared to many of the values 
determined directly from the finite element solutions. The postbuckling strengths 
estimated by the current AASHTO formulas are slightly higher than the modified 
AASHTO strengths. This is due to the fact: that the AASHTO shear buckling formulas 
tend to significantly underestimate the web shear buckling capacity. 
One can observe from Fig. 8.3.2 that at do/D = 3, the finite element based 
postbuckling strengths range from 0.16 to 0.24VP for the girders studied here. That is, 
there is still significant postbuckling strength exhibited by the curved web panels even at 
this upper limit on do/D beyond which the straight-girder specification (AASHTO 2001) 
does not allow the calculation of a postbuckling contribution to the resistance. The 
VPB(FEA/VP values for do/D = 2 are somewhat larger, but are more dispersed (0.18 to 
0.28), whereas the VPB(FEA/VP values for do/D = 1 have the widest range (0.27 to 0.40). 
The dispersion in the VPB(FEA/VP values for dVD = 1 and 2 is due in large part to the 
horizontal curvature. There is a reduction in most of the VPB(FEA/VP values with 
increasing Lb/R in the figure (compare Figs., 8.3.2(c) and (f) to Figs. 8.3.2(b) and (e) and 
to Figs. 8.3.2(a) and (d)). 
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* * ^ f c j * 1 " • 
" « 2 — ^ 
n ift -
1 2 3 
d,/D 
(f) Lb/R = 0.10 and f,/fb = 0.50 
— 4 — b/tf = 15, t/tw = 3.88, Aw/Af = 0.71 
— * - b/tf = 25, t/tw = 2.33, Aw/Af = 1.18 




Figure 8.3.2. VW V P based on finite element analysis and average results from 
design predictor equations versus do/D - doubly-symmetric specimens with constant 
D/bf = 2.75 and D/tw = 160 and different tf/tw and bf/tf. 
380 
8.4 ASSESSMENT OF SHEAR STRENGTH EQUATIONS 
Based on the data presented in Section 8.1 through 8.3, the modified AASHTO shear 
strength equations, which are based on Basler's (1961b) tension-field theory combined 
with the web shear-buckling coefficients developed by Lee et al. (1996), clearly provide 
the most accurate characterization of the web shear capacity of the three design strength 
predictors that have been studied. Aydemir (2000) also reaches this conclusion in his 
studies of straight hybrid I girders. The Largest unconservative error in the modified 
AASHTO shear strength predictions in the current study is 16 percent (see Tables 8.1.1 
and 8.1.3), whereas the current AASHTO LRFD (2001) shear strength equations exhibit 
a maximum unconservative error of nine percent for the girders studied here. Aydemir 
(2000) obtains a maximum unconservative error in the modified AASHTO shear strength 
predictions of 11 percent, while he obtains a maximum unconservative error of seven 
percent with the current AAHSTO LRFD (2001) equations. The larger percentage errors 
obtained in the current study are believed to be due largely to the effects of horizontal 
curvature and lateral flange bending. 
Based on the accurate predictions of the finite element based shear strengths provided 
by the modified AASHTO formulas, as well as accurate predictions of experimental 
shear strengths from various studies, one can conclude that the modified AASHTO 
equations would be preferred over the current AASHTO LRFD (2001) equations. The 
distribution in the predicted shear capacities relative to the finite element based strengths 
and/or experimentally determined shear strengths, and the unconservative nature of the 
predictions by these equations for certain cases, can be addressed in the development of 
design load and resistance factors (as is the case in the development of the resistance 
factor of <|> = 1.0 with the current AASHTO LRFD (2001) shear strengths). Based on a 
preliminary assessment of the overall shear strength statistics for the modified AASHTO 
equations versus the finite element based shear strengths, Nowak (2000) obtains a § of 
0.95. 
As noted in Section 2.2.4, the increase in the predicted shear capacity associated with 
the use of the Lee et al. (1996) shear buckling coefficients is a maximum of only six 
percent for aVD = 1 and D/tw from 100 to 160. However, the increase in the nominal 
maximum shear strengths ranges from 33 percent for D/tw = 100 to 19 percent for 
D/tw =160 when oVD is equal to three. Therefore, the modified AASHTO shear strength 
equations, with the shear buckling coefficients developed by Lee et al. (1996), provide 
substantial additional design capacity for large panel aspect ratios. It should be noted 
that the largest errors in the modified AASHTO equations occur for girders with low to 
intermediate values of D/tw (100 and 130), and with low to intermediate values of aVD 
(one and two). 
It is apparent from the present parametric studies and from the results of experimental 
tests (Zureick et al. 2001) that the straight-girder based AASHTO and/or modified 
AASHTO shear strength equations are adequate for webs of curved I girders with Lb/R < 
0.10 for oVD values up three. Therefore, it is recommended that the AASHTO LRFD 
(2001) limit of do/D < 3 can be extended to curved I girders within the limits of Lt/R < 
0.10 for characterization of the maximum strength. 
Although the modified AASHTO equations provide improved accuracy relative to the 
current AASHTO LRFD (2001) formulas, there is one issue that still needs to be 
addressed before these equations can be recommended for universal application within 
the AASHTO Specifications. As noted in Section 2.2.5, the current AASHTO LRFD 
(2001) straight-girder Specifications prevent web buckling under fatigue loading 
conditions in order to avoid fatigue issues. These provisions are based on the current 
AASHTO shear buckling coefficients, which are in turn based on the assumption of 
simply-supported boundary conditions at the flanges. Therefore, the impact of the more 
accurate but more liberal calculation of the web buckling loads on the fatigue 
performance of I girder webs would need to be investigated before the more accurate 
shear buckling coefficients could be introduced in this part of the specifications. 
Also, it might be questioned whether the additional accuracy obtained for high oVD 
values is sufficient to merit the longer more involved combination of equations required 
for evaluation of the shear buckling coefficient in the approach recommended by Lee et 
al. (1996) (compare Eqs. (2-103) through (2-106) to Eqs. (2-96a and b)). In the view of 
the authors, the more accurate shear buckling coefficient equations are merited. Design 
strength checks are often automated within software at the present time, and the simpler 
but more approximate current formulas for the shear buckling coefficient can still be 
retained for manual calculation. The simpler equations might be moved to the 
commentary of the specifications. 
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CHAPTER IX 
PARAMETRIC STUDY RESULTS -
HIGH-MOMENT HIGH-SHEAR 
This chapter presents the parametric study results for the high-shear high-moment 
tests of the primary (Section 5.3) and unsymmetrical (Section 5.13) girder suites. The 
data from these tests, as well as that from the uniform vertical bending (a = -1) and 
maximum V/M (a = 1/3) studies of Chapters VII and VIII, are presented within 
normalized moment-shear (M/Mn versus V/Vn) strength interaction plots. The moments 
M and shears V in these ratios are the values associated with the maximum strength 
predicted by full nonlinear finite element analysis. The value M is the maximum moment 
within the critical panel of the test unsupported length. The importance of calculating the 
moment in this manner is discussed in Sections 1.1 and 2.3.2. The value V is the 
constant shear within the test length. Two different calculations are utilized for the 
flexural capacity Mn in plotting normalized M/Mn values in this chapter: 
• The uniform vertical bending capacity obtained from full nonlinear finite element 
analysis, Mn(FEA), and 
• The flexural capacity determined based on the proposed one-third rule, M„(i/3 rule) (see 
Section 2.1.9). 
Three different calculations are utilized for the shear strength Vn in plotting normalized 
V/Vn values: 
• The shear capacity obtained from full nonlinear finite element analysis of the 
maximum V/M tests, Vn(FEA), 
• The AASHTO LRFD (2001) shear strength equations, including tension field action, 
Vn(AASHTO) (see Section 2.2.2), and 
• The modified AASHTO shear strength formulas obtained by use of the equations 
proposed by Lee et al. (1996) for the shear buckling coefficient (see Section 2.2.4). 
As noted in Section 2.3.3, the flexural capacity within the one-third rule, Mn(i/3 rule), 
depends on the flange elastic lateral bending stress f£. Also as noted previously, although 
fe is calculated using geometric nonlinear shell finite element models in the previous 
chapters, it is calculated in this chapter by use of a first-order, open-walled section curved 
beam finite element. This beam model is utilized to determine the maximum ratio of f/fb 
within the test segment, which is a constant for all load levels in each test (since the 
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analysis is first order). This ratio is then substituted into Eqs. (2-90), and these equations 
are solved for the single unknown fb corresponding to the nominal vertical bending 
strength. The nominal moment capacity Mh(i/3 mie) is then obtained by multiplying this fb 
by the elastic section modulus. Example flexural capacity calculations are provided in 
Section 4.5.1. Details regarding the beam finite element analysis calculations are 
discussed in Sections 3.1 and 3.6. 
By use of a first-order open-walled section beam analysis for calculation of f/fb, the 
implications of neglecting second-order amplification and web distortion effects in the 
context of the proposed one-third rule are highlighted. The elastic lateral bending 
stresses based on first-order beam theory tend to be somewhat smaller than those 
associated with the second-order shell finite element solutions, and therefore the 
capacities predicted by the recommended resistance equations are somewhat larger and 
the corresponding ratios M/M„(i/3 m\e) are somewhat smaller. 
Section 9.1 focuses on the results for the doubly symmetric girders, with Mn and Vn 
taken as either Mn(FEA) and V^FEA) or Mn(i/3 rule) and V^AASHTO) • Section 9.2 then presents 
the results for the unsymmetrical girder suite within this same context. Subsequently, 
Section 9.3 addresses the implications of using Vn(modified AASHTO) on the normalized 
moment-shear strength interaction behavior. Section 9.4 summarizes the results and 
poses recommendations. The reader is referred to Appendix C for a complete listing of 
data values. 
9.1 DOUBLY SYMMETRIC SPECIMENS 
Two normalized moment-shear interaction plots are presented for each combination 
of Lb/R and target f/fb in Figs. 9.1.1 through 9.1.12. One plot presents the data 
normalized by the finite element based uniform vertical bending and maximum V/M test 
capacities Mn(FEA) and Vn(FEA), and the other plot gives the data normalized by the one-
third rule and current AASHTO LRFD (2001) moment and shear strengths, Mn(i/3 mie) and 
Vn(AASHTO)- The border of the safe design region, assuming negligible moment-shear 
strength interaction, is indicated by a thick solid line in the plots. 
As noted above, the moments M and the shears V within all the strength ratios 
considered here are the values associated with the maximum strength predicted by full 
nonlinear finite element analysis. Therefore, in the M/Mn(FEA) versus V/Vn(FEA) plots, 
M/Mn(FEA) is equal to one for all the data points corresponding to uniform vertical 
bending, and V/Vn(FEA) = 1 for all the data points corresponding to the maximum V/M 
tests (see Figs. 9.1.1, 9.1.3, 9.1.5, 9.1.7, 9.1.9 and 9.1.11). The abscissa for the maximum 
V/M test data points in these plots tends to be smaller than one for most of the girders, 
since with the maximum V/M loading (a := 1/3), an inflection point exists at the middle 
of the test length and the girders tend to fail in shear (see Figs. 5.3.1 through 5.3.3). It 
can be observed that the value of M/Mn(FEA) for these points ranges from 0.46 to 1.38 in 
Fig. 9.1.1 (Lb/R = 0.05), 0.35 to 1.07 in Fig. 9.1.3 (Lb/R = 0.075) and 0.26 to 0.81 in Fig. 
9.1.5 (Lb/R = 0.10), corresponding to girders with target f/fb = 0.35 in the uniform 
vertical bending load case. It ranges from 0.74 to 1.51 in Fig. 9.1.7 (Lb/R = 0.05), 0.46 to 
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1.43 in Fig. 9.1.9 (Lb/R = 0.075) and 0.34 to 1.10 in Fig. 9.1.11 (Lb/R = 0.10), 
corresponding to girders with target f/fb = 0.50 in the uniform vertical bending load case. 
That is, M/Mn(FEA) for the maximum V/M test data points tends to be greater for smaller 
Lb/R and larger target f/fb. This is mainly due to the fact that the girders with smaller 
Lb/R and larger target f/fb have longer unsupported lengths Lb. One can observe that in 
several of the plots, the M/Mn(FEA) values for a number of the maximum V/M tests are 
larger than the corresponding values for the high-shear high-moment tests (see Figs 9.1.1 
and 9.1.7). In Fig. 9.1.7, it can be seen that eleven of the maximum V/M tests with large 
M/Mn(FEA) actually fail by lateral bending. These eleven shear tests have been discussed 
previously in Sections 8.1.1 and 8.2. 
The data points (M/Mn(FEA), V/Vn(FEA)) for the high-shear high-moment loading case 
all fall approximately along the radial line (M/Mn(FEA)) / (V/Vn(FEA)) = 0.8 as per the 
design of these studies (see Section 5.3). Some of these points deviate slightly from the 
above radial line due to rounding of the load parameter a to two significant digits. A few 
data points that are labeled as high-shear high-moment deviate significantly from this 
radial line (see Fig. 9.1.1 and 9.1.11). These cases correspond to data errors in setting 
the value of a for the high-moment high-shear case, and are retained in the plots as extra 
data points. 
Figures 9.1.1, 9.1.3, 9.1.5, 9.1.7,: 9.1.9 and 9.1.11 show that in all of the cases 
involving high-shear high-moment loading or in which the maximum V/M tests fail by 
lateral bending, the moments developed at the ends of the critical test segment are larger 
than the corresponding moment capacities in uniform vertical bending Mn(FEA)- The 
ability of the girders to develop larger vertical bending moments in these cases is due to: 
• The occurrence of the maximum vertical and flange lateral bending moments at one 
or both brace locations, where the girder is restrained from radial displacements, 
• Smaller flange maximum lateral bending moments and f/fb values than in the uniform 
vertical bending load cases, and 
• Rapid decrease in the vertical bending moment as we move away from the braced 
maximum moment location(s). 
The above-mentioned figures give a picture of the "true" moment-shear-lateral 
bending interaction. However, it is important to recognize that the one-third rule is 
designed to account for the effect of lateral bending on the vertical bending strength. 
Also, all the different design strength predictors for Mn and Vn have inaccuracies 
associated with their idealizations of the true strength behavior. Therefore, for practical 
design purposes, it is more useful to consider plots of M/Mn(i/3 mie) versus V/Vn(AASHTO)-
These are shown in Figs. 9.1.2, 9.1.4, 9.1.6, 9.1.8, 9.1.10 and 9.1.12. It should be noted 
that the V/Vn(AASHTO) values in the plots are the inverse of the AASHTO (2001) shear 
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magnitude but typically slightly smaller than the inverse of the one-third rule capacity 
ratios evaluated in Chapter VIII. Example calculations of Mn(i/3 ruie) are provided in 
Section 4.5.1. An example calculation of Vn(AASHTO) is provided in Section 4.5.2. 
Figure 9.1.13 shows a summary plot of all the data from Figs. 9.1.2, 9.1.4, 9.1.6, 
9.1.8,9.1.10 and 9.1.12. It can be seen that there is no evidence of any significant 
moment-shear interaction in any of these plots. All the data points for the high-shear 
high-moment tests fall outside of the dark lines, indicating a safe or conservative 
prediction of the strength. A few of the maximum V/M test data points fall slightly 
inside of the dark lines, but the unconservative errors for these data points are generally 
smaller than the largest unconservative errors in the AASHTO (2001) equations based on 
the shear capacity tests from Basler's (1961b) research and from Aydemir's (2000) 
studies. 
Figure 9.1.14 shows the data points from Fig. 9.1.13, but with the data normalized by 
the plastic vertical bending capacity Mp and the web plastic shear capacity Vp 
(Eq. 2-95d). The shear strengths in this plot fall predominantly in two clusters. The 
girders with D/tw = 100 and with D/tw = 160 but with d0/D = 1 have finite element based 
shear strengths in the vicinity of 80 percent of Vp, and the other girders have shear 
strengths in the vicinity of 60 percent of Vp. The uniform vertical bending capacities are 
all significantly smaller than Mp, due to the nature of the cross-section geometries and 
due to flange lateral bending. As in the previous plots, the larger moments at the 
maximum load level in the high-shear high-moment tests, and in the maximum V/M tests 
with large unsupported lengths, is apparent. The reader is referred to Appendix C for a 
tabular presentation of the data and discussion of additional details of the moment-shear 
interaction parametric studies. Moment-shear interaction plots in which the data is 
grouped by the cross-section profile are also presented in Appendix C. 
It is evident that the beneficial M-V strength interaction for the girders studied in this 
research is more related to the interaction between the vertical and lateral bending 
strength of the compression flange, along with the boundary conditions at the location of 
the failure and the rapid decrease in the magnitude of the vertical and flange lateral 
moments as we move away from the critical section, than interaction between the girder 
vertical bending and web shear strengths. Obviously, the same cannot be said for a 
straight I-girder. The reader is referred to Aydemir (2000) for parametric study results 
pertaining to M-V interaction in straight hybrid and homogeneous I girders. 
Aydemir (2000) studies a number of straight girders with slender webs, values of 
2Aw/(Afc +Aft) up to 2.4 and bf/tf values up to 8.75. As discussed in Sections 1.1 and 
2.3.2, based on Aydemir's data, one can conclude that M-V interaction can also be 
neglected in straight homogeneous and hybrid I girders up to 2Aw/(AfC + Aft) = 2.4. 
However, as noted in Section 2.3.2, Aydemir (2000) considered residual stress effects in 
only a few of his analyses pertaining to M-V interaction. Further finite element studies 
are needed to consider the effect of residual stresses on the M-V interaction behavior of 
straight girders for a wide range of girder geometries, and further experimental tests are 
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A ? £Â  * 
^ A AA * * A A O 
o o 
$>o 
0.2 0.4 0.6 0.8 
-MM 
1.0 1.2 1.4 
M/M n(l/3 rule) 
1.6 
Figure 9.1.13. Summary of moment-shear strength interaction results, normalized 









o Uniform Vertical Bending 
x Max V/M 
A High-Shear High-Moment 
x x 





0 H 1 1 :——i—cnrnmnopnEiD-




1.0 1.2 1.4 1.6 
Figure 9.1.14. Summary of moment-shear strength interaction results, normalized 
by Mp and Vp, for all the primary test suite parametric studies. 
393 
experimental tests of this type are underway at the University of Nebraska, Lincoln and at 
the University of Missouri at Columbia. Experimental tests are underway at the FHWA 
Turner-Fairbank laboratory pertaining to the strength of curved I girders subjected to high 
moment and high shear. 
9.2 UNSYMMETR1C SPECIMENS 
Figures 9.2.1 through 9.2.4 present the moment-shear strength interaction results for 
the singly symmetric girders studied in this research (see Table 5.13.1). Figures 9.2.1 
and 9.2.2 give the results for the cross-section with D/bfC = 2.75, bf/tf = 25 and 2Dc/tw = 
169 (see Fig. 5.13.1), and Figs. 9.2.3 and 9.2.4 show the data for the case with D/bfC = 
4.77, bf/tf = 20 and 2Dc/tw = 208 (see Fig. 5.13.2). The first of the two figures in each of 
these sets shows the data as normalized by M^FEA) and Vn(FEA) while the second presents 
the data as normalized by Mn(i/3 mie) and V^AASHTO). That is, the organization of these 
plots is the same as that employed for the doubly symmetric girders in Section 9.1. 
It can be observed from the plots normalized by Mn(FEA) and Vn(FEA) that the bending 
capacity is increased due to high shear in all of these girders. Furthermore, the plots 
normalized by Mn(i/3 ruie) and Vn(AASHTO) indicate that these design strength predictors are 
conservative relative to the finite element based strengths for the specimens with D/bfC = 
2.75 and 2Dc/tw = 169. The moment strength prediction is slightly unconservative for 
one of the tests of the girders with D/bfC = 4.77 and 2Dc/tw = 208 (see Fig. 9.2.4), but is 
well within the range of the M/M„(i/3 rule) predictions for the doubly symmetric girders. 
Figure 9.2.4 shows that the shear strength predictions by the AASHTO (2001) LRFD 
equations are highly accurate to slightly unconservative for three of the maximum V/M 
tests in this group. 
It is interesting that although Lt/bfC is equal to 14.3 within the unsymmetrical girder 
corresponding to D/bfc = 4.77 with Lb/R = 0.05 and target f/fj, = 0.50 (i.e., although the 
lateral-torsional buckling slenderness for this girder is significantly larger than the 
compact bracing limit, and although it has a very small flange compared to the size of the 
web), this specimen does not fail by lateral bending of the compression flange prior to the 
failure of the web in shear in the maximum V/M test. It is believed that this is partly due 
to the fact that the larger tension flange provides some additional restraint against lateral-
torsional buckling than is counted upon within the design equations (see Figs. 2.1.4 
through 2.1.9). The girder with D/bfc = 2.75, bf/tf = 25 and 2Dc/tw = 169 is not tested in 
high-moment and high-shear since it has a value of Mn(FEA)/0.8Vn(FEA) < 0.55 (see 
Appendix C). 
9.3 IMPLICATIONS OF THE MODIFIED AASHTO SHEAR STRENGTH 
EQUATIONS ON CHECKING OF MOMENT-SHEAR INTERACTION 
Figures 9.3.1 through 9.3.6 are a repeat of Figs. 9.1.2, 9.1.4, 9.1.6, 9.1.8, 9.1.10 and 
9.1.12, but with the shear strengths normalized by the modified AASHTO value for the 
shear capacity Vn(m0dified AASHTO). The values of the abscissa are calculated in the same 
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modified AASHTO shear strength equations is somewhat better than that of the current 
AASHTO LRFD (2001) shear strength formulas. The average of the V/Vn(modified AASHTO) 
values is closer to one and the dispersion of these values is smaller than that for the 
corresponding values in Figs. 9.1.2, 9.1.4, 9.1.6, 9.1.8, 9.1.10 and 9.1.12. 
Figure 9.3.7 plots all of the data from the above six figures together, and parallels Fig. 
9.1.131. Although the finite element based strengths are overestimated in nearly one-half 
of the maximum V/M tests, the modified .AASHTO equations give improved predictions 
in terms of the arithmetic mean and standard deviation relative to the finite element based 
shear strengths (see Section 8.1). Several of these plots show some reduction in the shear 
strength with increasing values of M/M„(i/3 raie), but this reduction is small. As in the 
previous plots presented in Sections 9.1 and 9.2, the flexural capacity predicted by the 
one-third rule equations tends to be particularly conservative for the high-shear high-
moment tests, and for the maximum V/M tests that fail by lateral bending. 
9.4 SUMMARY ASSESSMENT OF MOMENT-SHEAR INTERACTION 
The results presented in this chapter indicate that if the design shear strengths are 
calculated based on either the current AASHTO LRFD (2001) or the modified AASHTO 
equations, and if the flexural strengths are quantified by the proposed one-third rule, 
This plot is shown previously as Fig. 2.3.4. 
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moment-shear interaction does not need to be considered in cases of combined high 
moment and high shear. 
Further studies are needed to fully evaluate the implications of the use of the modified 
AASHTO shear strength equations on the moment-shear interaction predictions for 
straight I girders. The parametric studies conducted by Aydemir (2000) indicate that it 
may be possible to neglect moment-shear interaction effects also in straight homogeneous 
and hybrid I girders. 
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This research addresses the maximum strength of curved and straight I girders 
subjected to a reasonably comprehensive range of loading and boundary conditions. The 
loading conditions considered include uniform vertical bending, high shear with low 
vertical bending moment, and high shear with high vertical bending moment, combined 
with lateral bending within the flanges due to torsion and lateral loading. The behavior of 
both internal unsupported lengths as well as unbraced lengths with torsionally simple 
boundary conditions at one end is studied. The effects of potential relative torsional 
rotations between cross-frame locations as well as of concentrated internal loadings 
within the critical unsupported length are addressed. A wide range of unsupported 
lengths is studied, including girders with compact lateral brace spacing, cases involving 
inelastic lateral-torsional stability failure, as well as specimens that fail essentially by 
elastic lateral-torsional buckling. The primary focus of this research is on horizontally 
curved I girders with a subtended angle between the cross-frame locations, WR, ranging 
from 0.05 to 0.10; however, straight girders subjected to combined vertical and lateral 
bending are also studied. Cross-sections with slender and non-slender noncompact 
webs, and flange slenderness ranging from values close to traditional plastic design limits 
up to values that slightly exceed the current bf/tf fabrication limit within the AASHTO 
LRFD (2001) straight-girder specifications are evaluated. The cross-sections include 
D f̂C values ranging from 2.25 to 4.77 and 2Dctw/bfCtfc values ranging from 0.79 to 3.70. 
Both doubly- and singly-symmetric cross-sections are considered. 
10.L1 Evaluation of Maximum Strength and Pre- and Post-Peak Load-Deflection 
Characteristics 
This research is based predominantly on the development and execution of refined 
full nonlinear shell finite element models of various physical I girder configurations. The 
primary focus is on the maximum strength as well as the overall load-deformation 
response, including the post-peak or load-shedding behavior. Chapter IV details a 
number of prior experimental test specimens that are evaluated in this research, and 
Chapter V outlines the overall design of a parametric study involving the above ranges of 
design parameters. Nominal residual stresses due to cut curving and welding as well as 
flame cutting, welding and heat curving are addressed, although the study focuses 
predominantly on girders with nominal residual stresses due to cut curving and welding. 
Nominal geometric imperfections, i.e., web out-of-flatness, compression flange tilt, and 
compression flange sweep are modeled based on the buckling mode shapes from finite 
element linear buckling analysis solutions, with peak imperfection amplitudes set at 
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AASHTO-AWS (1996) fabrication tolerances. The studies show that girder maximum 
strengths in flexure and in flexure with high-shear can be significantly affected by the 
combined nominal residual stresses and geometric imperfections, but that the maximum 
shear strengths of horizontally curved I girders are not greatly affected by these attributes. 
The details of the full nonlinear shell finite element models are described in Chapter III. 
Reasonably extensive comparisons are made between finite element solutions based 
on the adopted modeling approach and the results of prior and on-going experimental 
tests. Chapter IV focuses on these comparisons. These studies indicate that the full 
nonlinear shell finite element models give an accurate to conservative representation of 
the experimental responses. The pre-peak nonlinearity in many of the experimental tests 
is somewhat greater than that predicted based on the nominal residual stresses and 
geometric imperfections. However, the pre-peak nonlinearity in the experimental tests is 
mild. In girders with stocky flanges close to or smaller than traditional plastic design 
limits, the maximum vertical displacement at the peak load within the tests considered is 
roughly on the order of about two times the elastic deflection at this load level. For 
girders with more slender flanges, the inelastic vertical deflections at peak load tend to be 
smaller. 
The full nonlinear finite element models tend to underestimate the maximum flexural 
strength of compact-flange girders to some extent, but typically provide highly accurate 
predictions of the maximum strength for girders with non-compact flanges. The under 
prediction of the experimental strengths for cases with stocky flanges may be attributable 
in part to strain-hardening response within the experiments, since the maximum strengths 
attained in the full-nonlinear finite element models of the stocky-flange sections correlate 
well with strength estimates based on full plastification of the compression flange, not 
including strain hardening. No evidence of large longitudinal normal strains at peak load 
is evident in the available experimental test data; however, it is possible that strain-
hardening characteristics may be exhibited in the experimental tests due to strain 
gradients within the specimens. 
The experimental test data on post-peak load-deformation response is limited. The 
full nonlinear finite element models indicate that the specimens with stocky flanges do 
not shed their load as rapidly for normalized plastic vertical displacements (maximum 
displacement divided by the unsupported length in uniform vertical bending tests, 
approximately equal to a plastic end rotation within the critical unsupported length in the 
case of the parametric study specimens) less than about 0.006. However, for normalized 
plastic displacements larger than this magnitude, the load-shedding rate is approximately 
the same both for the stocky flange and for the non-compact flange sections. The full 
nonlinear shell finite element models appear to provide a highly accurate characterization 
of experimental shear capacity tests of horizontally curved I girders. 
10.1.2 Development of Design Recommendations 
An effort is made to thoroughly evaluate the characteristics of various predictor 
equations from existing design specifications and from prior research for characterization 
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of vertical bending and shear strengths, as well as vertical bending moment-shear 
strength interaction for high-moment and high-shear. These equations are evaluated 
theoretically and conceptually in Chapter II, and the predictions from several of the most 
promising and/or well known equations are compared to experimental as well as finite 
element parametric study results in Chapters IV, VI, VII, VIII and IX. 
Specific maximum strength predictor equations are recommended which allow for a 
unified approach to the design of all types of I girders, both straight and horizontally 
curved, including the effects of lateral flange bending from any potential source. The 
specific proposed equations for nominal flexural design strength are presented in Section 
2.1.9, detailed suggestions for evaluation of shear strength are discussed in Section 2.2.5, 
and specific findings pertaining to moment-shear strength interaction are outlined in 
Section 2.3.3. The studies providing the background to these recommendations are 
addressed in Chapters III through IX. The recommended design equations are close in 
format to current AASHTO LRFD (2001) equations for straight I girders. 
10.1.2.1 Vertical Bending Strength 
One of the most important findings of this research is that the current AASHTO 
LRFD (2001) straight I girder flexural strength equations need to be modified slightly to 
make them simpler, more consistent in their application for composite and non-composite 
design, more rational with respect to the characterization of local and lateral-torsional 
buckling limit states, and more accurate with respect to available experimental and 
refined finite element test data. Specific improvements for straight girders, detailed in 
Section 2.1.1 include: 
• Significantly improved, simple equations for characterization of flange local buckling 
resistance (see Section 2.1.1.2 and Figs. 2.1.1 and 2.1.2), 
• Simple and consistent unified equations for characterization of the lateral-torsional 
buckling strength of symmetric and unsymmetric non-composite I girders, and 
composite I girders subjected to negative bending (see Sections 2.1.1.3 through 
2.1.1.7, and Figs. 2.1.10 and 2.1.11), and 
• Clarification of the conservative and practical AASHTO LRFD (2001) provisions for 
calculation of the moment-gradient magnifier Cb based on "worst-case" moment 
envelope values (see Section 2.1.1.8). 
This research finds that, within the design limits of bf/tf < 24, f/Fy < 0.5, Lb/R < 0.10 
and Lb/rt < ^r, the effect of flange lateral bending due to horizontal curvature, bridge 
geometry, and/or applied loadings is significant, but it is reasonably small. A simple 
extension of the proposed modified AASHTO LRFD (2001) straight-girder equations is 
developed based on the analogy of the flanges as equivalent steel beam-columns. The 
basic concepts behind this idealization are explained in Sections 1.4 and 2.1.9.1. It is 
found that by simply subtracting f/3 from the modified AASHTO LRFD (2001) straight-
405 
girder vertical bending capacity equations, where f̂  is in general the maximum estimated 
second-order elastic flange lateral bending stress within the subject unsupported length, 
the effect of flange lateral bending from any source is accurately characterized. The 
resulting equations, based on an extension of recommendations by (Hall and Yoo 1998) 
for checking of horizontally curved compact-flange I girders to general I girder cross-
sections, is referred to in this research as the one-third rule. 
A simple equation for estimation of the second-order lateral bending stress 
amplification is suggested in Sections 7.15.1 and 7.15.2; however, the evaluation of 
appropriate methods for calculation of flange lateral bending stresses in general bridge 
superstructures is beyond the scope of this work. Fortunately, the vertical bending 
strength predicted by the one-third rule is fairly insensitive to approximations in the 
calculation of the elastic flange lateral bending stresses. 
10.1.2.2 Shear Strength 
This research supports the conclusions made in prior research that the nominal 
maximum shear resistance of horizontally curved I girders can be based adequately on 
shear strength equations developed for straight I girders, including tension field action, 
within the limit of W R < 0.10. The typical increases in the elastic shear web buckling 
and decreases in the ultimate shear capacities due to horizontal curvature are small 
compared to the effects of various other factors that lead to variability in the design shear 
strength predictions relative to shear strengths obtained from experimental tests and 
refined finite element models. Based on the current study, prior research, and on 
preliminary results from recent experimental studies, it appears that based solely on 
maximum strength considerations, the maximum limit on transverse stiffener spacing of 
do/D = 3 in the AASHTO LRFD (2001) straight girder specifications is also sufficient for 
horizontally curved I girders with Lb/R < 0.10. 
It is found that the current AASHTO LRFD (2001) shear strength equations provide a 
reasonably good characterization of the maximum shear strength, even though as noted 
within the literature, these equations are based on Basler's tension-field model, which 
serendipitously is based on the post-buckling strength associated with a complete uniform 
tension field throughout the web panel with an orientation of 9 = tan*1 (D/d<,)/2 relative to 
the horizontal (see Section 2.2.2). Also, this research demonstrates that the accuracy of 
the AASHTO LRFD (2001) shear strength equations can be improved by basing the web 
shear buckling coefficient on equations developed by Lee and Yoo (1996). 
As noted below, further research is recommended to evaluate the implications of web 
panel aspect ratios do/D greater than one on the fatigue performance of transversely 
stiffened horizontally curved I girders. 
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10.1.2.3 Moment-Shear Strength Interaction 
Based on the large number of finite element parametric studies considered, this 
research finds that the above mentioned flexure and shear strength equations adequately 
capture the maximum strength of all horizontally curved I girders within the stated design 
limits, without the need for consideration of interaction between the vertical bending and 
shear strengths under combined high moment and high shear. The parametric shear 
strength studies include cases in which the flanges are not able to hold a node line for 
development of the I girder shear strengths. That is, some of the high-shear high-moment 
studies involve a failure of the compression flange in lateral bending. It is shown that the 
proposed one-third rule adequately accounts for a physical reduction in the vertical 
bending strengths due to lateral flange bending combined with high-vertical bending 
moment and high-shear. Other recent research is cited that indicates the potential for 
eliminating moment-shear interaction checks also for hybrid and homogenous straight 
transversely stiffened I girders. 
Particularly when one considers that: (1) bridge I girders are typically designed based 
on maximum shear and moment envelope: values, without account for the fact that these 
maximum values do not occur at the same time, (2) composite I girders typically have 
some incidental additional shear capacity relative to the strength of the steel girder alone, 
and (3) the overall statistics for the predictions in the strengths for high-shear and high-
vertical bending, without any consideration of moment-shear interaction, appear to be 
more conservative than the overall statistics for prediction in the shear strength combined 
with low-vertical bending moment, it would appear that the complexities of checking 
M-V interaction in design are unmerited. It is emphasized that if one considers certain 
individual straight girder geometries under high-shear low moment, high-shear high-
moment and high-moment low-shear, some interaction between the moment and shear 
strengths is evident. However, when the whole of the refined finite element and available 
experimental data is compared to the proposed nominal flexural and shear resistances, 
one can conclude that moment-shear interaction effects can be considered within the 
development of resistance (|) factors without incurring any substantial penalty on the 
design vertical bending and shear strengths. The results of the analyses conducted in this 
research indicate that moment-shear interaction is less of an issue, and indeed appears to 
be essentially nonexistent in horizontally curved I girders with Lb/R between 0.05 and 
0.10. 
The experimental test data on moment-shear strength interaction in straight and 
horizontally curved transversely stiffened I girders is sparse. Therefore, it is suggested 
that the above conclusions should be checked by further experimental studies prior to 
implementation. 
10.2 RECOMMENDATIONS FOR FURTHER RESEARCH 
The present research has involved a reasonably comprehensive assessment of the 
strength and load-deformation behavior of horizontally curved and straight steel I-girders 
under a wide range of loading conditions, with a primary focus on lateral-flange bending 
407 
effects. However, there are still important needs for further research to provide a more 
complete understanding of the behavior of curved and straight I girders and I girder 
bridges. Some of the most promising potential areas for further study are as follows: 
• The implications of D/bf ratios larger than 3.25 on the maximum strength and design 
economy of horizontally curved I girder bridges should be studied more carefully. It 
can be shown based on simple V-load type calculations (see Eq. (5-3)), that if Lb/R = 
0.10 and D/bf = 3.25, Lb/D must be less than 2.56 to restrict f/fb to 0.5
1. If D/bf = 5 is 
employed, Lb/D must be less than 1.67. If f/fb is restricted to a smaller value, the 
corresponding restrictions on Lb/D become more severe, or practically speaking, D/bf 
must be limited. Guidance on the most economical spacing of cross-frames within 
typical horizontally curved I girder bridges would be useful. 
• The current parametric study might be extended by including additional loadings and 
boundary conditions. For instance, the internal loading suite might be modified to 
include a directly applied eccentric and/or torsional loading, to more explicitly model 
the strength of a girder subjected to loadings from overhang brackets, deck forms, 
screed rails, etc. The laterally unsupported straight-girder suite might be extended to 
include loadings other than uniform lateral bending. Nevertheless, the view of the 
authors, the current studies are sufficient to establish the validity of the proposed 
design equations. 
• The design checks in Chapter IV for a limited number of girders with Lb/R 
significantly larger than 0.10 indicate that the one-third rule may be applicable for 
larger values of the subtended angle between the cross-frame locations. Studies 
should be conducted with larger Lb/R values to ascertain the limits at which the 
proposed design rules are no longer valid. 
• Unstiffened girders, with do/D > 3 based on d0 = Lb (the distance between the 
connection plates for the cross-frames) have not been considered in this work. The 
maximum strength of these types of horizontally curved girders should be studied. It 
is expected that the current formulas for the shear strength of unstiffened girders 
provided within the Recommended Specifications should be sufficient for these cases, 
but that it may be possible to liberalize the Recommended Specification limits on the 
web slenderness D/tw for unstiffened webs. 
• Studies should be conducted to extend the design rules proposed within this research 
to include the use of Grade 70W high-performance steels (HPS), for both 
homogenous and hybrid (Grade 50 or HPS 50W web) I girder design. The high-
performance steels offer significant potential advantages in strength, toughness and 
weldability. Industry marketing of high-performance steel emphasizes the potential 
for at least a 10 percent cost reduction (AISI 2000). Studies have indicated that 
significant design economy is obtained by use of a Grade 50 or HPS 50W web with 
1 This result can be obtained by dividing both sides of Eq. (5-3) by D, and substituting Lb/R =0.10, D/bf = 
3.25 and f/fb = 0.5. 
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HPS 70W flanges for straight bridge I girders. Additional advantages should be 
possible in horizontally curved I girders, if design rules such as in the current 
AASHTO (2001) straight-girder Specifications are utilized which allow the hybrid 
web to yield in flexure under the maximum strength design conditions. Although 
several of the experimental tests considered in Chapter IV were effectively hybrid 
girders, further studies are needed to better understand the influence of a hybrid web 
on the behavior of horizontally curved I girders, particularly at the higher strength 
levels associated with HPS 70W material. 
• Experimental tests are needed to verify the findings of this research regarding 
moment-shear strength interaction. Specifically, a number of these experimental tests 
should include configurations in which the flanges are not sufficient to hold a node 
line under high-shear low-moment conditions. Eleven of the girders with Lb/R = 0.05 
and target f/fb = 0.5 failed in this fashion in the maximum V/M parametric tests (see 
Section 8.1.1). 
• Most of the experimental tests considered in Chapter IV have Lb/bf ratios less than the 
compact bracing limit. Additional experimental tests of horizontally curved I girders 
with larger lateral-torsional buckling slenderness values would be useful. 
• At the present time, the AASHTO LRFD (2001) Specifications provide a separate 
equation that predicts flexural strengths larger than My for girders that are braced at 
close intervals. This equation is commonly referred to as the Q formula. There is 
excellent potential for extension of the proposed modified AASHTO straight-girder 
flexural strength equations to unify the "standard" and "Q formula" equations into 
one set of flexural-strength predictor equations. Based on the experimental test 
results discussed in Chapter IV, it appears that there is also potential for design 
economy in extending these unified equations to include the effects of torsion and 
lateral flange bending. Unfortunately, the finite element studies detailed in Chapters 
IV and VII of this report do not indicate significant gains by liberalizing the current 
proposed one-third rule equations. However, the finite element solutions produced in 
this research tend to be somewhat conservative relative to the experimental strengths 
for girders with stocky flanges. It should be noted that the magnitude of the inelastic 
deformations required to reach the maximum strengths should be given careful 
consideration. The implications of inelastic girder deformations on cross-frame 
forces and the response of bridge structural systems should be studied, particularly for 
horizontally curved bridge I girders. 
• The one-third rule flexural strength equations recommended in this research are in 
certain cases expected to give somewhat conservative solutions for unsymmetric I 
girders and for composite I girders in positive bending (see Section 7.12). This is due 
to the fact that they are based on the strength of the flanges as equivalent beam-
columns, and as such, they limit the flexural strength of the member to an upper 
bound of My. They do not consider directly the substantial reserve flexural strength 
that can be achieved by yielding of the web in these types of cross-sections, in which 
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the shape factor Mp/My can be substantially larger than one. The composite section 
yield interaction equations discussed by Yoo (1996) and Yoo and Davidson (1997) 
(see Section 2.1.8.1) are a useful and elegant means of extending the current 
AASHTO LRFD (2001) formulas for the strength of composite I girders in positive 
bending to include the effects of lateral bending within the bottom flange. These 
formulas should be given careful consideration for characterization of the behavior 
and strength of composite horizontally curved bridge I girders and systems. The 
issues discussed in the previous item pertaining to the effects of inelastic girder 
deformations on cross-frame forces and bridge system response should also be 
addressed with respect to the use of the composite section yield interaction equations. 
• The fatigue behavior of horizontally curved I girder webs needs to be better 
understood. As noted in Section 2.1.2.9, the Recommended Specifications (Hall and 
Yoo 1998) restrict the web stresses to the elastic buckling stress under all loading 
conditions. For transversely stiffened girders with do/D < 1, the Recommended 
Specification restrictions are typically more restrictive than the Daniels et al. (1980) 
equation (Eq. 2-51). However, for girders with larger stiffener spacing, the Daniels et 
al. equation can be more restrictive than the Recommended Specification limits on 
D/tw. Either of these rules would disallow the use of slender webs with large d0/D, 
which may indeed be appropriate. Conversely, it may be possible to justify more 
liberal restrictions based on prevention of web buckling only under fatigue loading 
conditions, at least up to certain curvature limits. 
Daniels et al. (1980) arrived at their proposed equation for a maximum limit on D/tw 
(Eq. 2-51) by observing that the radial deflections at the web-to-flange boundaries in 
curved I girders tend to reduce the relative web deflections and the subsequent plate 
bending stresses from that in straight I girders. As a result, they concluded that 
previous D/tw restrictions, developed by Culver et al. (1972c and 1973) and CURT 
(1975), were too severe. The Culver et al. (1972c and 1973) and CURT (1975) 
recommendations were based on restricting estimated web plate bending stresses in 
curved I girder webs to estimated values associated with web plate bending in straight 
girder webs, assuming a maximum AWS (1996) out-of-flatness. The girders tested 
by Daniels and Herbein (1980) exceeded the CURT-proposed limits in all cases, but 
no fatigue crack developed along the web boundaries. The web slenderness D/tw 
ranged from 139 to 192 and the panel aspect ratio do/D ranged from to 2.03 to 2.36 in 
these girders. However, in the development of their design recommendations Daniels 
et al. (1980) state, "To estimate the lateral deflections of the web boundaries would be 
mathematically highly involved, if not. impossible. Thus, a rigorous reexamination of 
the web boundary bending stresses is not warranted for the sake of establishing web 
slenderness ratios. A relatively simple although empirical way to liberate the 
slenderness reduction factor is to reduce the (CURT) adopted initial out-of-
straightness." Daniels et al. (1980) developed Eq. (2-51) simply by assuming an 
initial web out-of-straightness of one-half that assumed by Culver et al. (1972c and 
1973). 
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• Studies are needed to further quantify the qualities and limitations of different elastic 
design analysis methods for calculation of flange lateral bending stresses due to 
horizontal curvature, different bridge geometries including skew, and various 
practical loading conditions. 
• Finally, the overall behavior of horizontally curved I girder bridge systems designed 
by the proposed equations needs to be studied extensively, both under erection and 
final composite conditions. Some of the issues that should be given particular 
attention in this regard include the influence of incidental stresses induced within the 
girders during the erection processes, the influence of girder inelastic deformations on 
the system response, and the potential in some bridge geometries for collapse of the 
bridge system due to failure of the girder that is farthest from the center of curvature 
(as well as the implications of this type of behavior). The reserve strength and 
potential inelastic redistribution within the final composite bridge superstructure 
should be given particular attention with respect to this last issue. 
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APPENDIX A 
BENDING STRENGTH DATA 
This appendix provides data from all of the individual analyses pertaining to the flexural 
strength parametric studies conducted in this research. This data is useful for engineers and 
researchers to verify the results presented in Chapter VII. In addition, it can be used to 
evaluate other potential design predictor equations. 
The organization of the appendix is as follows: 
• Section A. 1 - primary test suite. 
• Section A.2 - modified uniform vertical bending suite. 
• Section A.3 — internal loading suite. 
• Section A.4 - free-end suite. 
• Section A.5 - laterally unsupported straight girder suite. 
• Section A.6 - unsymrnetric girder suite. 
Each of sections A.l through A.6 is divided into four subsections, which provide: 
1. The computed second-order elastic lateral and vertical bending stresses normalized by 
the yield stress Fy = 345 MPa (50 ksi), f/Fy and fb/Fy, which satisfy the one-third rule 
design equations for each test. 
2. The ratio of \h& first-order elastic lateral and vertical bending stresses, f£/fb, for each test. 
3. The vertical bending strengths obtained from full nonlinear finite element analysis, 
normalized by the yield and plastic moment capacities of the cross-section, and the ratios 
of the strengths predicted by the various design equations to the finite element based 
strengths, based on the second-order elastic stresses provided in the first subsection. 
4. The same information as in the third subsection, but with the strengths predicted by the 
design equations based on the first-order elastic f̂ /fb values reported in the second 
subsection. 
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Section A.6 is divided into five subsections. The first four of these sections correspond to 
each of the test suites studied for the unsymmetric girders: primary, modified uniform 
vertical bending, internal loading, and free end. The last subsection presents the vertical 
bending strengths of the unsymmetric sections based on second- and first-order elastic 
analysis stresses. 
All of the elastic analysis stresses reported in this appendix are based on the same shell 
finite element models employed for calculation of the girder capacities, but with zero 
geometric imperfections and residual stresses, and with the assumption of linear elastic 
material response. In the first of the above subsections, the second-order elastic stresses 
corresponding to satisfaction of the strength checks are provided only for the one-third rule 
equations. However, since the ratio of the lateral to the vertical bending stress, f/fb is 
independent of the load level in the first-order analyses, the first-order elastic stress 
information provided in the second group of tables is sufficient to verify all of the first-order 
elastic based design strength results. 
The average, standard deviation, maximum and minimum values for strength ratios are 
presented at the end of the tables containing this data. As in Chapter VII, the best statistical 
values are shaded. 
Strength ratios calculated per the Recommended Specifications (Hall and Yoo 1998) are 
presented in both the tables based on second-order and first-order elastic analysis, to facilitate 
comparison of results, although as discussed in Section 2.1.2, the Recommended 
Specification equations are always utilized with first-order elastic stresses from the design 
analysis (these equations estimate the second-order elastic amplification implicitly within 
their strength reduction factors). 
The reader is referred to Chapter IE for discussion of the finite element analysis models, 
illustrative example design flexural strength calculations are presented in Section 4.5.1, and 
Chapter V discusses the overall design of the parametric studies. Other details regarding the 
application of the different design equations are discussed at the beginning of Chapter VII. 
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A.1 PRIMARY TEST SUITE 
A.LI Second-Order Elastic f/Fy andft/Fy Values at the One-Third Rule Strength Limit 
Table A.1.1. Second-order elastic f,/Fy and fb/Fy values at the one-third rule strength 
limit, primary test suite, uniform vertical bending, specimens with 
D/bf = 2.25 and bf/tf = 25. 
D/U cVD 
Lb/R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 







































































Table A.1.2. Second-order elastic f/Fy and fb/Fy values at the one-third rule strength 
limit, primary test suite, uniform vertical bending, specimens with 
D/bf= 2.75 and bf/tf =15. 
D/U cVD 
Lb/R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 






































































cVD = 2 for Lb/R = 0.10 and target f,/fb = 0.35, since Lb/D = 2 
NA for Lb/R = 0.10 and target fe /fb = 0.35, since Lb/D = 2 
Table A.1.3. Second-order elastic f/Fy and fb/Fy values at the one-third rule strength 
limit, primary test suite, uniform vertical bending, specimens with 
D/bf = 2.75 and bf/tf = 20. 
D/t* cVD 
Lb/R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 









































































cVD = 2 for U/R = 0.10 and target f,/fb = 0.35, since WD = 2 
NA for Lb/R = 0.10 and target f, /fb = 0.35, since WD = 2 
Table A.1.4. Second-order elastic f/Fy and fb/Fy values at the one-third rule strength 
limit, primary test suite, uniform vertical bending, specimens with 
D/bf =2.75 and bf/tf = 25. 
D/U cVD 
Lb/R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 












































































oVD = 2 for Lb/R = 0.10 and target f, /fb = 0.35, since Lb/D = 2 
NA for Lb/R = 0.10 and target f, /fb = 0.35, since Lb/D = 2 
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Table A. 1.5. Second-order elastic f/Fy and fj¥y values at the one-third rule strength 
limit, primary test suite, uniform vertical bending, specimens with 
D/bf = 3.25andbf/tf = 25. 
D/t* do/D 
Lb/R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 











































NA for Lb/R = 0.075 and target f, /fb = 0.35, since Lb/D = 2.5 
NA for Lb/R = 0.10 and target f, /fb = 0.35, since Lb/D = 2 
A. 1.2 First-Order Elastic f/fb Values 
Table A.1.6. First-order elastic f/fb values, primary test suite, uniform vertical 
bending, specimens with B/bf = 2.25 and bf/tf = 25. 
D/t* do/D 
Lb/R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
100 3 0.289 0.436 0.310 0.407 0.405 0.481 
130 3 0.283 0.422 0.298 0.397 0.390 0.473 
160 
1 0.265 0.407 0.282 0.350 0.324 0.403 
2 0.268 0.408 0.296 0.376 0.357 0.466 
3 0.276 0.412 0.313 0.388 0.388 0.472 
Table A.1.7. First-order elastic f/fb values, primary test suite, uniform vertical 
bending, specimens with D/bf = 2.75 and bf/tf =15. 
D/U do/D 
Lb/R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/f„ = 0.35 
target 
f,/fb = 0.50 
100 3<D 0.272 0.425 0.306 0.358 0.285 0.414 
130 3<i) 0.264 0.412 0.295 0.345 0.267 0.418 
160 
1 0.240 0.383 0.253 0.329 0.227 0.364 
2 0.247 0.398 0.258 0.332 0.250 0.385 
3 0.257 0.402 0.284 0.346 NA(2) 0.402 
do/D = 2 for Lb/R = 0.10 and target fe /fb = 0.35, since Lb/D = 2 
NA for Lb/R = 0.10 and target f,/fb = 0.35, since Lb/D = 2 
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Table A. 1.8. First-order elastic f/fb values, primary test suite, uniform vertical 
bending, specimens with D/bf = 2.75 and bf/tf = 20. 
D/tw cVD 
Lb/R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
100 3(i) 0.293 0.446 0.322 0.411 0.352 0.465 
130 3(i) 0.286 0.369 0.280 0.405 0.331 0.456 
160 
1 0.257 0.391 0.272 0.358 0.304 0.412 
2 0.268 0.422 0.277 0.378 0.324 0.410 
3 0.280 0.430 0.282 0.419 NA(2) 0.432 
cVD = 2 for Lb/R = 0.10 and target f4/fb = 0.35, since Lb/D = 2 
NA for Lb/R = 0.10 and target f,/fb = 0.35, since Lb/D = 2 
Table A.1.9. First-order elastic fjfy values, primary test suite, uniform vertical 
bending, specimens with D/bf = 2.75 and bf/tf = 25. 
D/tw cVD 
Lb/R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
target 
f,/fb = 0.35 
target 
fi/fb = 0.50 
target 
f,/fb = q.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
100 3(i) 0.310 0.443 0.350 0.411 0.381 0.500 
130 3(i) 0.304 0.427 0.357 0.391 0.387 0.495 
160 
1 0.275 0.402 0.288 0.361 0.354 0.428 
2 0.285 0.410 0.330 0.395 0.378 0.467 
3 0.299 0.416 0.344 0.416 NA(2) 0.486 
(VD = 2 for Lb/R = 0.10 and target fe /fb = 0.35, since Lb/D = 2 
NA for Lb/R = 0.10 and target f̂ /fb = 0.35, since L /̂D = 2 
Table A.1.KK First-order elastic f/fb values, primary test suite, uniform vertical 
bending, specimens with D/bf = 3.25 and bf/tf = 25. 
D/tw (VD 
Lb/R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
160 
1 0.315 0.425 0.285 0.357 0.366 0.392 
2 0.331 0.437 0.295 0.398 0.419 0.437 
3 0.339 0.441 NA(,) 0.420 NA(2) 0.491 
NA for Lb/R = 0.075 and target fe /fb = 0.35, since Lb/D = 2.5 
NA for Lb/R = 0.10 and target f,/fb = 0.35, since L,/D = 2 
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A. 1.3 Vertical Bending Strengths from Full Nonlinear Analysis and Ratios of Design 
Strengths Based on Second-Order Elastic Stresses to these Capacities 
Table A.1.11. Vertical bending strengths, primary test suite, full-nonlinear analysis and 



















CalcM, 1/3 Rule 
FEA FEA 
FEA FEA FEA 
0.05 0.35 100 3 0.90 0.81 0.97 0.66 0.83 0.83 0.84 0.88 
130 3 0.88 0.80 0.97 0.69 0.85 0.87 0.87 0.88 
160 1 0.88 0.82 0.94 0.69 0.86 0.87 0.88 0.85 
2 0.87 0.81 0.95 0.70 0.87 0.88 0.89 0.86 
3 0.85 0.79 0.97 0.71 0.88 0.90 0.90 0.88 
0.50 100 3 0.73 0.66 1.13 0.62 0.89 0.89 0.91 0.97 
130 3 0.72 0.66 1.16 0.64 0.92 0.92 0.94 1.00 
160 1 0.73 0.68 1.13 0.63 0.92 0.91 0.94 0.98 
2 0.71 0.66 1.16 0.65 0.94 0.94 0.96 1.01 
3 0.71 0.66 1.16 0.65 0.94 0.94 0.96 1.01 
0.075 0.35 100 3 0.89 0.80 0.98 0.65 0.83 0.80 0.85 0.88 
130 3 0.86 0.79 0.99 0.68 0.87 0.84 0.89 0.90 
160 1 0.86 0.80 0.96 0.69 0.87 0.85 0.89 0.87 
2 0.83 0.77 0.99 0.71 0.89 0.88 0.91 0.90 
3 0.82 0.76 1.00 0.71 0.88 0.89 0.90 0.90 
0.50 100 3 0.84 0.76 1.04 0.62 0.80 0.79 0.82 0.90 
130 3 0.83 0.76 1.03 0.63 0.82 0.82 0.84 0.90 
160 1 0.83 0.77 0.99 0.64 0.84 0.82 0.86 0.88 
2 0.81 0.75 1.02 0.65 0.86 0.84 0.88 0.90 
3 0.80 0.74 1.03 0.65 0.85 0.85 0.87 0.90 
0.10 0.35 100 3 0.86 0.78 1.01 0.64 0.80 0.83 0.82 0.89 
130 3 0.83 0.76 1.03 0.67 0.83 0.87 0.85 0.90 
160 1 0.85 0.79 0.97 0.67 0.85 0.86 0.87 0.87 
2 0.81 0.75 1.02 0.70 0.87 0.90 0.89 0.90 
3 0.81 0.75 1.02 0.69 0.86 0.90 0.88 0.90 
0.50 100 3 0.84 0.76 1.04 0.58 0.77 0.78 0.78 0.88 
130 3 0.81 0.74 1.05 0.61 0.79 0.82 0.81 0.90 
160 1 0.81 0.75 1.02 0.63 0.83 0.82 0.85 0.88 
2 0.80 0.74 1.03 0.62 0.82 0.83 0.84 0.89 
3 0.79 0.73 1.04 0.62 0.81 0.84 0.83 0.89 
Average 1.03 0.66 0.85 0.86 0.87 0.90 
Standard Deviation 0.06 0,03 0.04 0.04 0.04 0.04 
High 0.91 0.82 1.16 0.71 0.94 0.94 0.96 1.01 
Low 0.71 0.66 0.94 0.58 0.77 0.78 0.78 0.85 
Recommended Specification values are calculated based on first-order elastic stresses 
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Table A.1.12. Vertical bending strengths, primary test suite, full-nonlinear analysis and 



















FEA FEA FEA 
0.05 0.35 100 3 0.95 0.86 1.05 0.97 0.80 0.91 0.92 0.96 
130 3 0.92 0.84 1.09 1.00 0.83 0.94 0.95 0.99 
160 1 0.93 0.86 1.06 1.00 0.84 0.94 0.95 0.98 
2 0.92 0.85 1.08 1.00 0.84 0.95 0.96 0.99 
3 0.90 0.83 1.10 1.02 0.85 0.97 0.98 1.01 
0.50 100 3 0.85 0.74 1.02 1.01 0.80 0.95 0.97 0.89 
130 3 0.83 0.75 1.06 1.03 0.83 0.98 1.00 0.93 
160 1 0.84 0.77 1.04 1.02 0.84 0.98 1.00 0.92 
2 0.84 0.75 1.04 1.02 0.83 0.98 0.99 0.92 
3 0.82 0.75 1.06 1.05 0.85 1.00 1.02 0.94 
0.075 0.35 100 3 0.93 0.84 1.08 0.98 0.79 0.91 0.92 0.97 
130 3 0.92 0.84 1.09 0.99 0.80 0.93 0.94 0.98 
160 1 0.90 0.83 1.10 1.02 0.85 0.95 0.98 1.01 
2 0.89 0.83 1.11 1.03 0.86 0.96 0.99 1.02 
3 0.88 0.82 1.12 1.04 0.84 0.97 0.98 1.02 
0.50 100 3 0.92 0.83 1.09 0.95 0.77 0.88 0.92 0.96 
130 3 0.90 0.82 1.11 0.97 0.79 0.91 0.94 0.99 
160 1 0.91 0.84 1.09 0.95 0.79 0.90 0.93 0.97 
2 0.88 0.81 1.13 0.99 0.82 0.93 0.97 1.01 
3 0.87 0.80 1.14 1.00 0.82 0.94 0.97 1.01 
0.10 0.35 100 2 0.96 0.87 1.04 0.95 0.77 0.90 0.90 0.94 
130 2 0.92 0.84 1.09 1.00 0.82 0.94 0.95 0.99 
160 1 0.88 0.81 1.12 1.04 0.89 0.99 1.01 1.04 
2 0.87 0.81 1.14 1.06 0.88 1.00 1.01 1.04 
0.50 100 3 0.91 0.82 1.10 0.97 0.73 0.89 0.89 0.95 
130 3 0.89 0.82 1.12 0.99 0.76 0.92 0.92 0.98 
160 1 0.88 0.82 1.12 0.99 0.80 0.93 0.95 1.00 
2 0.88 0.82 1.12 0.99 0.79 0.93 0.94 0.99 
3 0.87 0.81 1.14 1.01 0.78 0.94 0.95 0.99 
Average 1.09 1.00 0.82 0.94 0.96 0.98 
Standard Deviation 0.03 0,03 0.04 0.03 0,03 0.04 
High 0.96 0.87 1.14 1.06 0.89 1.00 1.02 1.04 
Low 0.81 0.74 1.02 0,95 0.73 0.88 0.89 0.89 
Recommended Specification values are calculated based on first-order elastic stresses 
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Table A.1.13. Vertical bending strengths, primary test suite, full-nonlinear analysis and 




















CalcM, 1/3 Rule 
FEA 
FEA FEA FEA FEA 
0.05 0.35 100 3 0.90 0.80 1.08 0.67 0.82 0.83 0.84 0.97 
130 3 0.88 0.80 1.10 0.69 0.84 0.86 0.86 0.99 
160 1 0.89 0.82 1.06 0.69 0.85 0.86 0.87 0.97 
2 0.89 0.81 1.06 0.68 0.84 0.86 0.86 0.97 
3 0.85 0.78 1.11 0.71 0.87 0.90 0.89 1.01 
0.50 100 3 0.82 0.73 1.0.5 0.58 0.81 0.81 0.83 0.91 
130 3 0.82 0.74 1.06 0.60 0.82 0.82 0.84 0.92 
160 1 0.83 0.76 1.04 0.59 0.82 0.82 0.84 0.91 
2 0.81 0.74 1.06 0.59 0.84 0.84 0.86 0.93 
3 0.81 0.74 1.06 0.59 0.83 0.84 0.85 0.93 
0.075 0.35 100 3 0.93 0.83 1.04 0.64 0.77 0.78 0.78 0.93 
130 3 0.91 0.83 1.06 0.66 0.78 0.81 0.80 0.94 
160 1 0.90 0.83 1.05 0.67 0.84 0.82 0.86 0.96 
2 0.89 0.82 1.06 0.68 0.84 0.83 0.85 0.96 
3 0.88 0.81 1.08 0.69 0.81 0.84 0.83 0.96 
0.50 100 3 0.91 0.81 1.06 0.57 0.75 0.73 0.77 0.93 
130 3 0.89 0.81 1.08 0.59 0.77 0.76 0.79 0.95 
160 1 0.89 0.82 1.06 0.60 0.78 0.77 0.80 0.94 
2 0.88 0.81 1.08 0.60 0.79 0.77 0.81 0.95 
3 0.88 0.81 1.08 0.59 0.76 0.77 0.77 0.93 
0.10 0.35 100 2 0.92 0.82 1.05 0.65 0.77 0.81 0.79 0.94 
130 2 0.91 0.83 1.06 0.66 0.79 0.83 0.80 0.94 
160 1 0.91 0.84 1.04 0.67 0.81 0.84 0.82 0.94 
2 0.90 0.83 1.05 0.67 0.80 0.85 0.82 0.94 
0.50 100 3 0.88 0.78 1.10 0.57 0.74 0.76 0.75 0.94 
130 3 0.87 0.79 1.11 0.58 0.74 0.78 0.76 0.95 
160 1 0.87 0.80 L09 0.60 0.78 0.78 0.80 0.95 
2 0.86 0.79 1.10 0.60 0.77 0.79 0.79 0.95 
3 0.85 0.78 1.11 0.60 0.76 0.80 0.78 0.95 
Average 1.07 0.63 0.80 0.81 0.82 0.95 
Standard Deviation 0.02 0.04 0.04 0.04 0.04 0,02 
High 0.93 0.84 111 0.71 0.87 0.90 0.89 1.01 
Low 0.82 0.75 1.04 0.56 0.74 0.73 0.75 0,91 
Recommended Specification values are calculated based on first-order elastic stresses 
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Table A.1.14. Vertical bending strengths, primary test suite, full-nonlinear analysis and 





















CalcM^ 1/3 Rule 
FEA 
FEA FEA 
0.05 0.35 100 3 0.88 0.77 0.99 0.68 0.83 0.84 0.84 0.89 
130 3 0.86 0.77 0.99 0.70 0.85 0.87 0.86 0.89 
160 1 0.88 0.80 0.93 0.69 0.84 0.86 0.86 0.84 
2 0.86 0.78 0.95 0.70 0.85 0.88 0.86 0.85 
3 0.85 0.77 0.96 0.71 0.85 0.89 0.87 0.86 
0.50 100 3 0.77 0.68 1.10 0.62 0.84 0.85 0.86 0.94 
130 3 0.75 0.67 1.14 0.64 0.88 0.89 0.89 0.98 
160 1 0.75 0.68 1.09 0.65 0.89 0.90 0.91 0.95 
2 0.74 0.67 1.11 0.65 0.90 0.91 0.92 0.96 
3 0.76 0.69 1.08 0.63 0.87 0.89 0.89 0.93 
0.075 0.35 100 3 0.84 0.74 1.04 0.70 0.85 0.85 0.87 0.92 
130 3 0.82 0.74 1.04 0.71 0.87 0.89 0.89 0.92 
160 1 0.83 0.76 0.99 0.73 0.91 0.88 0.93 0.90 
2 0.81 0.74 1.01 0.73 0.91 0.91 0.93 0.91 
3 0.79 0.72 1.04 0.74 0.90 0.93 0.92 0.92 
0.50 100 3 0.84 0.74 1.04 0.62 0.81 0.78 0.83 0.90 
130 3 0.82 0.74 1.04 0.64 0.84 0.81 0.86 0.91 
160 1 0.82 0.74 1.00 0.65 0.85 0.82 0.87 0.88 
2 0.80 0.73 1.02 0.66 0.85 0.84 0.87 0.89 
3 0.80 0.73 1.02 0.65 0.83 0.84 0.85 0.89 
0.10 0.35 100 2 0.89 0.78 0.98 0.66 0.78 0.83 0.79 0.86 
130 2 0.85 0.76 1.00 0.69 0.81 0.88 0.82 0.88 
160 1 0.82 0.75 1.00 0.72 0.86 0.92 0.87 0.88 
2 0.80 0.73 1.02 0.73 0.86 0.94 0.88 0.90 
0.50 100 3 0.82 0.72 1.06 0.61 0.77 0.80 0.79 0.90 
130 3 0.79 0.71 1.08 0.63 0.80 0.84 0.81 0.91 
160 1 0.80 0.73 1.02 0.64 0.82 0.84 0.84 0.88 
2 0.79 0.72 1.04 0.64 0.80 0.85 0.82 0.88 
3 0.78 0.71 1.05 0.64 0.80 0.86 0.82 0.89 
Average 1.03 0.67 0.85 0.87 0.86 0.90 
Standard Deviation 0.05 0.04 0.04 0.04 0.04 0.03 
High 0.89 0.80 1.14 0.74 0.91 0.94 0.93 0.98 
Low 0.74 0.67 0.93 0.61 0.77 0.78 0.79 0.84 
Recommended Specification values are calculated based on first-order elastic stresses 
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Table A.1.15. Vertical bending strengths, primary test suite, full-nonlinear analysis and 
























0.05 0.35 160 1 0.83 0.74 0.98 0.74 0.88 0.92 0.90 0.88 
2 0.81 0.72 1.01 0.75 0.89 0.95 0.90 0.90 
3 0.78 0.70 1.05 0.78 0.92 0.98 0.93 0.93 
0.50 160 1 0.74 0.66 1.10 0.65 0.88 0.90 0.90 0.95 
2 0.74 0.66 1.10 0.65 0.88 0.89 0.89 0.94 
3 0.74 0.66 1.10 0.65 0.87 0.90 0.89 0.94 
0.075 0.35 160 1 0.80 0.71 1.02 0.76 0.95 0.90 0.97 0.93 
2 0.77 0.69 1.06 0.78 0.98 0.94 1.00 0.96 
0.50 160 1 0.80 0.71 1.02 0.69 0.88 0.86 0.90 0.91 
2 0.79 0.70 1.03 0.69 0.85 0.87 0.87 0.90 
3 0.77 0.69 1.06 0.70 0.88 0.89 0.90 0.92 
0.10 0.35 160 1 0.78 0.69 1.05 0.73 0.89 0.91 0.91 0.92 
2 0.75 0.67 1.09 0.74 0.92 0.95 0.94 0.95 
0.50 160 1 0.75 0.67 1.09 0.66 0.93 0.83 0.95 0.96 
2 0.73 0.65 1.12 0.67 0.93 0.85 0.95 0.98 
3 0.73 0.65 1.12 0.65 0.89 0.85 0.92 0.96 
Average 1.06 0.71 0.90 0.90 0.92 0.93 
Standard Deviation 0.04 0.05 0,03 0.04 0.03 0.03 
High 0.83 0.74 1.12 0.80 0.98 0.98 1.00 0.98 
Low 0.73 0.65 0.98 0.65 0.85 0.83 0.87 0.88 
Recommended Specification values are calculated based on first-order elastic stresses 
423 
AAA Vertical Bending Strengths from Full Nonlinear Analysis and Ratios of Design 
Strengths Based on the First-Order Elastic f,/fo to these Capacities 
Table A.1.16. Vertical bending strengths, primary test suite, full-nonlinear analysis and 

















CalcM^ 1/3 Rule 
FEA FEA 
FEA FEA FEA FEA 
0.05 0.35 100 3 0.90 0.81 0.97 0.66 0.84 0.83 0.86 0.88 
130 3 0.88 0.80 0.97 0.69 0.87 0.87 0.89 0.89 
160 1 0.88 0.82 0.94 0.69 0.88 0.87 0.90 0.86 
2 0.87 0.81 0.95 0.70 0.89 0.88 0.91 0.87 
3 0.85 0.79 0.97 0.71 0.91 0.90 0.93 0.89 
0.50 100 3 0.73 0.66 1.13 0.62 0.93 0.89 0.95 0.99 
130 3 0.72 0.66 1.16 0.64 0.96 0.92 0.98 1.02 
160 1 0.73 0.68 1.13 0.63 0.95 0.91 0.97 0.99 
2 0.71 0.66 1.16 0.65 0.98 0.94 1.00 1.02 
3 0.71 0.66 1.16 0.65 0.98 0.94 1.00 1.02 
0.075 0.35 100 3 0.89 0.80 0.98 0.65 0.84 0.80 0.86 0.89 
130 3 0.86 0.79 0.99 0.68 0.88 0.84 0.90 0.90 
160 1 0.86 0.80 0.96 0.69 0.89 0.85 0.91 0.88 
2 0.83 0.77 0,99 0.71 0.91 0.88 0.93 0.90 
3 0.82 0.76 1.00 0.71 0.91 0.89 0.93 0.91 
0.50 100 3 0.84 0.76 1.04 0.62 0.83 0.79 0.85 0.91 
130 3 0.83 0.76 1.03 0.63 0.84 0.82 0.86 0.91 
160 1 0.83 0.77 0.99 0.64 0.87 0.82 0.89 0.89 
2 0.81 0.75 1.02 0.65 0.88 0.84 0.90 0.90 
3 0.80 0.74 1.03 0.65 0.88 0.85 0.90 0.91 
0.10 0.35 100 3 0.86 0.78 1.01 0.64 0.81 0.83 0.83 0.89 
130 3 0.83 0.76 1.03 0.67 0.85 0.87 0.87 0.91 
160 1 0.85 0.79 0.97 0.67 0.87 0.86 0.89 0.87 
2 0.81 0.75 1.02 0.70 0.89 0.90 0.91 0.91 
3 0.81 0.75 1.02 0.69 0.87 0.90 0.89 0.90 
0.50 100 3 0.84 0.76 1.04 0.58 0.79 0.78 0.80 0.89 
130 3 0.81 0.74 1.05 0.61 0.82 0.82 0.84 0.91 
160 1 0.81 0.75 1.02 0.63 0.86 0.82 0.88 0.90 
2 0.80 0.74 1.03 0.62 0.83 0.83 0.85 0.89 
3 0.79 0.73 1.04 0.62 0.84 0.84 0.86 0.90 
Average 1.03 0.66 0.88 0.86 0.90 0.91 
Standard Deviation 0.06 0.03 0.05 0.04 0.05 0.05 
High 0.91 0.82 1.16 0.71 0.98 0.94 1.00 1.02 
Low 0.71 0.66 0.94 0.58 0.79 0.78 0.80 0.86 
Table A.1.17. Vertical bending strengths, primary test suite, full-nonlinear analysis and 


















CalcM^ 1/3 Rule 
FEA FEA 
FEA FEA FEA FEA 
0.05 0.35 100 3 0.95 0.86 1.05 0.97 0.81 0.91 0.93 0.97 
130 3 0.92 0.84 1.09 1.00 0.84 0.94 0.96 1.00 
160 1 0.93 0.86 1.06 1.0.0 0.85 0.94 0.96 0.99 
2 0.92 0.85 1.08 1.00 0.85 0.95 0.97 0.99 
3 0.90 0.83 1.10 1.02 0.87 0.97 0.99 1.01 
0.50 100 3 0.85 0.74 1.02 1.01 0.81 0.95 0.97 0.89 
130 3 0.83 0.75 1.06 1.03 0.83 0.98 1.00 0.93 
160 1 0.84 0.77 1.04 1.02 0.84 0.98 1.00 0.92 
2 0.84 0.75 1.04 1.02 0.83 0.98 1.00 0.92 
3 0.82 0.75 1.06 1.05 0.85 1.00 1.02 0.94 
0.075 0.35 100 3 0.93 0.84 1.08 0.98 0.81 0.91 0.93 0.98 
130 3 0.92 0.84 1.09 0.99 0.82 0.93 0.95 0.99 
160 1 0.90 0.83 1.10 1.02 0.87 0.95 0.99 1.01 
2 0.89 0.83 1.11 1.03 0.87 0.96 1.00 1.02 
3 0.88 0.82 1.12 1.04 0.86 0.97 1.00 1.03 
0.50 100 3 0.92 0.83 1.09 0.95 0.78 0.88 0.92 0.97 
130 3 0.90 0.82 1.11 0.97 0.81 0.91 0.95 1.00 
160 1 0.91 0.84 1.09 0.95 0.81 0.90 0.95 0.98 
2 0.88 0.81 1.13 0.99 0.83 0.93 0.98 1.02 
3 0.87 0.80 1.14 1.00 0.83 0.94 0.98 1.02 
0.10 0.35 100 2 0.96 0.87 1.04 0.95 0.79 0.90 0.91 0.95 
130 2 0.92 0.84 1.09 1.00 0.84 0.94 0.96 1.00 
160 1 0.88 0.81 1.12 1.04 0.91 0.99 1.02 1.05 
2 0.87 0.81 1.14 1.06 0.90 1.00 1.02 1.05 
0.50 100 3 0.91 0.82 1.10 0.97 0.76 0.89 0.91 0.97 
130 3 0.89 0.82 1.12 0.99 0.78 0.92 0.93 0.99 
160 1 0.88 0.82 1.12 0.99 0.81 0.93 0.96 1.00 
2 0.88 0.82 1.12 0.99 0.80 0.93 0.96 1.00 
3 0.87 0.81 1.14 1.01 0.80 0.94 0.96 1.00 
Average 1.09 1.00 0.83 0.94 0.97 0.99 
Standard Deviation 0.03 0,03 0.04 0.03 0,03 0.04 
High 0.96 0.87 1.14 1.06 0.91 1.00 1.02 1.05 
Low 0.81 0.74 1.02 | 0.95 0.76 0.88 0.91 0.89 
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Table A.1.18. Vertical bending strengths, primary test suite, full-nonlinear analysis and 

















CalcM^ 1/3 Rule 
FEA FEA FEA FEA FEA 
0.05 0.35 100 3 0.90 0.80 1.08 0.67 0.84 0.83 0.86 0.98 
130 3 0.88 0.80 1.1.0 0.69 0.87 0.86 0.88 1.00 
160 1 0.89 0.82 1.06 0.69 0.88 0.86 0.89 0.98 
2 0.89 0.81 1.06 0.68 0.87 0.86 0.89 0.98 
3 0.85 0.78 1.11 0.71 0.90 0.90 0.92 1.02 
0.50 100 3 0.82 0.73 1.05 0.56 0.82 0.81 0.84 0.91 
130 3 0.82 0.74 1.06 0.60 0.87 0.82 0.89 0.94 
160 1 0.83 0.76 1.04 0.59 0.85 0.82 0.87 0.92 
2 0.81 0.74 1.06 0.59 0.85 0.84 0.87 0.93 
3 0.81 0.74 1.06 0.59 0.84 0.84 0.86 0.93 
0.075 0.35 100 3 0.93 0.83 1.04 0.64 0.80 0.78 0.81 0.94 
130 •3 0.91 0.83 1.06 0.66 0.84 0.81 0.86 0.97 
160 1 0.90 0.83 1.05 0.67 0.85 0.82 0.87 0.96 
2 0.89 0.82 1.06 0.68 0.86 0.83 0.88 0.97 
3 0.88 0.81 1.08 0.69 0.87 0.84 0.89 0.98 
0.50 100 3 0.91 0.81 1.06 0.57 0.76 0.73 0.78 0.94 
130 3 0.89 0.81 1.08 0.59 0.78 0.76 0.80 0.95 
160 1 0.89 0.82 1.06 0.60 0.81 0.77 0.83 0.95 
2 0.88 0.81 1.08 0.60 0.80 0.77 0.82 0.96 
3 0.88 0.81 1.08 0.59 0.78 0.77 0.80 0.94 
0.10 0.35 100 2 0.92 0.82 1.05 0.65 0.79 0.81 0.80 0.94 
130 2 0.91 0.83 1.06 0.66 0.81 0.83 0.83 0.95 
160 1 0.91 0.84 1.04 0.67 0.83 0.84 0.84 0.95 
2 0.90 0.83 1.05 0.67 0.82 0.85 0.84 0.95 
0.50 100 3 0.88 0.78 1.10 0.57 0.76 0.76 0.78 0.95 
130 3 0.87 0.79 1.11 0.58 0.77 0.78 0.79 0.96 
160 1 0.87 0.80 1.09 0.60 0.80 0.78 0.81 0.96 
2 0.86 0.79 1.10 0.60 0.81 0.79 0.82 0.97 
3 0.85 0.78 1.11 0.60 0.80 0.80 0.82 0.97 
Average 1.07 0.63 0.82 0.81 0.84 0.96 
Standard Deviation 0.02 0.04 0.04 0.04 0.04 0.02 
High 0.93 0.84 1.11 0.71 0.90 0.90 0.92 1.02 
Low 0.82 0.75 1.04 0.56 0.76 0.73 0.78 0.91 
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Table A.1.19. Vertical bending strengths, primary test suite, full-nonlinear analysis and 




















FEA FEA FEA FEA 
0.05 0.35 100 3 0.88 0.77 0.99 0.68 0.85 0.84 0.87 0.90 
130 3 0.86 0.77 0.99 0.70 0.87 0.87 0.89 0.90 
160 1 0.88 0.80 0.93 0.69 0.87 0.86 0.89 0.85 
2 0.86 0.78 0.95 0.70 0.89 0.88 0.90 0.87 
3 0.85 0.77 0.96 0.71 0.89 0.89 0.91 0.88 
0.50 100 3 0.77 0.68 1.10 0.62 0.88 0.85 0.90 0.96 
130 3 0.75 0.67 1.14 0.64 0.91 0.89 0.93 0.99 
160 1 0.75 0.68 1.09 0.65 0.93 0.90 0.95 0.97 
2 0.74 0.67 1.11 0.65 0.94 0.91 0.96 0.98 
3 0.76 0.69 1.08 0.63 0.91 0.89 0.93 0.95 
0.075 0.35 100 3 0.84 0.74 1.04 0.70 0.86 0.85 0.88 0.93 
130 3 0.82 0.74 1.04 0.71 0.88 0.89 0.90 0.93 
160 1 0.83 0.76 0.99 0.73 0.91 0.88 0.94 0.90 
2 0.81 0.74 1.01 0.73 0.91 0.91 0.93 0.91 
3 0.79 0.72 1.04 0.74 0.92 0.93 0.94 0.93 
0.50 100 3 0.84 0.74 1.04 0.62 0.82 0.78 0.84 0.91 
130 3 0.82 0.74 1.04 0.64 0.86 0.81 0.88 0.92 
160 1 0.82 0.74 1.00 0.65 0.87 0.82 0.90 0.89 
2 0.80 0.73 1.02 0.66 0.87 0.84 0.90 0.91 
3 0.80 0.73 1.02 0.65 0.86 0.84 0.88 0.90 
0.10 0.35 100 2 0.89 0.78 0.98 0.66 0.80 0.83 0.81 0.87 
130 2 0.85 0.76 1.00 0.69 0.83 0.88 0.85 0.89 
160 1 0.82 0.75 LOO 0.72 0.88 0.92 0.90 0.90 
2 0.80 0.73 1.02 0.73 0.89 0.94 0.91 0.91 
0.50 100 3 0.82 0.72 1.06 0.61 0.80 0.80 0.81 0.91 
130 3 0.79 0.71 1.08 0.63 0.83 0.84 0.85 0.93 
160 1 0.80 0.73 1.02 0.64 0.86 0.84 0.88 0.90 
2 0.79 0.72 1.04 0.64 0.84 0.85 0.86 0.90 
3 0.78 0.71 1.05 0.64 0.84 0.86 0.86 0.91 
Average 1.03 0.67 0.87 0.87 0.89 0.91 
Standard Deviation 0.05 0.04 0.04 0.04 0.04 0.03 
High 0.89 0.80 1.14 0.74 0.94 0.94 0.96 0.99 
Low 0.74 0.67 0.93 0.61 0.80 0.78 0.81 0.85 
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Table A.1.20. Vertical bending strengths, primary test suite, full-nonlinear analysis and 


























160 1 0.83 0.74 0.98 0.74 0.90 0.92 0.92 0.89 
2 0.81 0.72 1.01 0.75 0.91 0.95 0.93 0.91 
3 0.78 0.70 1.05 0.78 0.94 0.98 0.96 0.94 
160 1 0.74 0.66 1.10 0.65 0.93 0.90 0.95 0.97 
2 0.74 0.66 1.10 0.65 0.92 0.89 0.94 0.96 
3 0.74 0.66 1.10 0.65 0.92 0.90 0.94 0.96 
0.075 0.35 
0.50 
160 1 0.80 0.71 1.02 0.76 0.95 0.90 0.97 0.93 
2 0.77 0.69 1.06 0.78 0.98 0.94 1.00 0.97 
160 1 0.80 0.71 1.02 0.69 0.90 0.86 0.92 0.91 
2 0.79 0.70 1.03 0.69 0.88 0.87 0.91 0.91 
3 0.77 0.69 1.06 0.70 0.89 0.89 0.91 0.93 
0.10 0.35 
0.50 
160 1 0.78 0.69 1.05 0.73 0.92 0.91 0.94 0.93 
2 0.75 0.67 1.09 0.74 0.92 0.95 0.94 0.96 
160 1 0.75 0.67 1.09 0.66 0.93 0.83 0.96 0.96 
2 0.73 0.65 1.12 0.67 0.93 0.85 0.95 0.98 
3 0.73 0.65 1.12 0.65 0.90 0.85 0.92 0.96 
Average 1.06 0.71 0.92 0.90 0.94 0.94 
Standard Deviation 0.04 0.05 0.03 0.03 0.02 0.03 
High 0.83 0.74 1.12 0.78 0.98 0.98 1.00 0.98 
Low 0.73 0.65 0.98 0.65 0.88 0.83 0.91 0.89 
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A.2 MODIFIED UNIFORM VERTICAL BENDING SUITE 
A.2.1 Second-Order Elastic f/Fy andf\/Fy Values at the One-Third Rule Strength Limit 
Table A.2.1. Second-order elastic f/Fy and tj¥y values at the one-third rule strength 
limit, modified uniform vertical bending suite, specimens with target f̂ /fb = 0.50. 
D/bf bf/tf D/W do/D Lb/R = 0.05 Lb/R = 0.10 
2.25 25 
































































































































Table A.2.1. Second-order elastic f/Fy and fb/Fy values at the one-third rule strength 
limit, modified uniform vertical bending suite, specimens with target f̂ /fb = 0.50 
(continued). 
D/bf bf/tf D/tw do/D Lb/R = 0.05 Lb/R = 0.10 



















A.2.2 First-Order Elastic f/fb Values 
Table A.2.2. First-order elastic f/fb values, modified uniform vertical bending suite, 
specimens with target f,/fb = 0.50. 
D/bf bf/tf D/tw (VD Lb/R = 0.05 Lb/R = 0.10 
2.25 25 
100 i; 0.559 0.546 
130 3 0.601 0.530 
160 
1 0.532 0.449 
2 0.565 0.522 
3 0.554 0.531 
2.75 
15 
100 3 0.522 0.540 
130 3 0.537 0.524 
160 
1 0.468 0.442 
7~^ 0.517 0.484 
3 0.521 0.509 
20 
100 3 ' 0.633 0.598 
130 3 0.537 0.582 
160 
1 0.548 0.520 
2 0.557 0.538 
3 0.634 0.576 
25 
100 3 0.624 0.651 
130 3 0.610 0.645 
160 
1 0.555 0.562 
2 0.601 0.588 
3 0.654 0.633 
3.25 25 160 
1 0.530 0.554 
2 0.559 0.564 
3 0.581 0.568 
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A.2.3 Vertical Bending Strengths from Full Nonlinear Analysis and Ratios of Design 
Strengths Based on Second-Order Elastic Stresses to these Capacities 
Table A.2.3. Vertical bending strengths, modified uniform yertical bending suite, full-
nonlinear analysis and second-order elastic analysis with design checks, specimens with 
target fe /fb = 0.50 and W R = 0.05. 















CalcM^ 1/3 Rule 
FEA FEA 
FEA FEA FEA 
2.25 25 100 3 0.68 0.61 1.23 0.63 0.89 0.97 0.91 1.01 
130 3 0.66 0.60 1.27 0.64 0.88 1.00 0.90 1.03 
160 1 0.68 0.64 1.21 0.64 0.90 0.98 0.92 1.01 
2 0.67 0.62 1.23 0.64 0.89 1.00 0.91 1.01 
3 0.66 0.61 1.25 0.65 0.88 1.01 0.90 1.02 
2.75 15 100 3 0.75 0.68 1.16 1.13 0.84 1.08 1.05 0.98 
130 3 0.74 0.68 1.18 1.15 0.85 1.10 1.06 1.00 
160 1 0.75 0.70 1.16 1.14 0.87 1.09 1.07 1.00 
2 0.76 0.70 1.15 1.12 0.82 1.08 1.03 0.96 
3 0.73 0.68 1.19 1.17 0.85 1.12 1.06 1.00 
20 100 3 0.75 0.67 1.14 0.58 0.79 0.89 0.81 0.94 
130 3 0.73 0.66 1.19 0.62 0.81 0.92 0.83 0.97 
160 1 0.75 0.69 1.15 0.60 0.82 0.91 0.84 0.96 
2 0.74 0.68 1.16 0.61 0.82 0.92 0.84 0.97 
3 0.72 0.66 1.20 0.60 0.81 0.95 0.83 0.98 
25 100 3 0.72 0.63 1.18 0.61 0.82 0.91 0.84 0.97 
130 3 0.68 0.61 1.25 0.65 0.88 0.98 0.89 1.03 
160 1 0.70 0.64 1.17 0.64 0.85 0.96 0.86 0.96 
2 0.68 0.62 1.20 0.65 0.86 0.99 0.88 0.99 
3 0.67 0.61 1.22 0.64 0.87 1.01 0.89 1.00 
3.25 25 160 1 0.71 0.63 1.15 0.65 0.85 0.93 0.87 0.95 
2 0.73 0.65 1.12 0.62 0.81 0.91 0.83 0.92 
3 0.71 0.63 1.16 0.64 0.84 0.94 0.85 0.95 
Average 1.19 0.74 0.85 0,98 0.91 0.98 
Standard Deviation 0.04 0.22 0.03 0.07 0.08 0.03 
High 0.76 0.71 1.27 1.17 0.90 1.12 1.07 1.05 
Low 0.67 0.61 1.12 0.58 0.79 0.89 0.81 0.92 
Recommended Specification values are calculated based on first-order elastic stresses 
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Table A.2.4. Vertical bending strengths, modified uniform vertical bending suite, full-
nonlinear analysis and second-order elastic analysis with design checks, specimens with 
target f, /fb = 0.50 and L„/R = 0.10. 

















FEA FEA FEA 
2.25 25 100 3 0.76 0.69 1.15 0.62 0.81 0.86 0.83 0.96 
130 3 0.76 0.70 1.12 0.63 0.81 0.87 0.83 0.94 
160 1 0.77 0.71 1.07 0.64 0.83 0.87 0.84 0.91 
2 0.75 0.70 1.10 0.64 0.84 0.89 0.86 0.93 
3 0.74 0.69 1.11 0.65 0.84 0.90 0.86 0.94 
2.75 15 100 3 0.84 0.76 1.19 1.01 0.74 0.96 0.93 1.00 
130 3 0.82 0.75 1,22 1.04 0.76 0.99 0.95 1.03 
160 1 0.86 0.80 1.15 1.01 0.74 0.95 0.92 0.98 
2 0.82 0.76 1.21 1.05 0.77 1.00 0.96 1.02 
3 0.81 0.75 1.22 1.06 0.77 1.01 0.97 1.03 
20 100 3 0.78 0.70 1.24 0.61 0.76 0.85 0.77 1.02 
130 3 0.76 0.69 1.27 0.63 0.78 0.89 0.80 1.04 
160 1 0.79 0.73 1.20 0.62 0.77 0.86 0.79 1.00 
2 0.77 0.71 1.23 0.64 0.79 0.89 0.81 1.02 
3 0.77 0.71 1.23 0.62 0.77 0.89 0.78 1.01 
25 100 3 0.73 0.64 1.19 0.64 0.79 0.89 0.80 0.97 
130 3 0.73 0.66 1.17 0.64 0.78 0.91 0.80 0.94 
160 1 0.72 0.66 1.14 0.67 0.82 0.94 0.83 0.93 
2 0.71 0.65 1.15 0.67 0.82 0.95 0.84 0.94 
3 0.69 0.63 1.19 0.68 0.83 0.98 0.84 0.96 
3.25 25 160 1 0.76 0.68 1.07 0.61 0.77 0.82 0.79 0.88 
2 0.76 0.68 1.07 0.60 0.77 0.82 0.79 0.88 
3 0.76 0.68 1.07 0.60 0.77 0.82 0.78 0.88 
Average 1.17 0.72 0.79 0.90 0.84 0.97 
Standard Deviation 0.06 0.17 0.03 0.06 0.07 0.05 
High 0.86 0.79 1.27 1.06 0.84 1.01 0.97 1.04 
Low 0.69 0.62 1.07 0.60 0.74 0.82 0.77 0.88 
Recommended Specification values are calculated based on first-order elastic stresses 
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A.2.4 Vertical Bending Strengths from Full Nonlinear Analysis and Ratios of Design 
Strengths Based on the First-Order Elastic f^/fb to these Capacities 
Table A.2.5. Vertical bending strengths, modified uniform vertical bending suite, full-
nonlinear analysis and first-order elastic analysis with design checks, specimens with 
target it /fb = 0.50 and Lb/R = 0.05. 
















FEA FEA FEA FEA 
2.25 25 100 3 0.68 0.61 1.23 0.63 0.93 0.97 0.95 1.03 
130 3 0.66 0.60 1.27 0.64 0.93 1.00 0.95 1.06 
160 1 0.68 0.64 1.21 0.64 0.94 0.98 0.96 1.03 
2 0.67 0.62 1.23 0.64 0.93 1.00 0.95 1.04 
3 0.66 0.61 1.25 0.65 0.96 1.01 0.98 1.06 
2.75 15 100 3 0.75 0.68 1.16 1.13 0.85 1.08 1.05 0.98 
130 3 0.74 0.68 1.18 1.15 0.86 1.10 1.07 1.00 
160 1 0.75 0.70 1.16 1.14 0.89 1.09 1.08 1.01 
2 0.76 0.70 1.15 1.12 0.85 1.08 1.05 0.98 
3 0.73 0.68 1.19 1.17 0.88 1.12 1.09 1.02 
20 100 3 0.75 0.67 1.14 0.58 0.80 0.89 0.82 0.94 
130 3 0.73 0.66 1.19 0.62 0.87 0.92 0.89 1.01 
160 1 0.75 0.69 1.15 0.60 0.84 0.91 0.86 0.97 
2 0.74 0.68 1.16 0.61 0.85 0.92 0.87 0.98 
3 0.72 0.66 1.20 0.60 0.83 0.95 0.85 0.99 
25 100 3 0.72 0.63 1.18 0.61 0.84 0.91 0.86 0.97 
130 3 0.68 0.61 1.25 0.65 0.90 0.98 0.91 1.04 
160 1 0.70 0.64 1.17 0.64 0.90 0.96 0.92 0.99 
2 0.68 0.62 1.20 0.65 0.90 0.99 0.92 1.01 
3 0.67 0.61 1.22 0.64 0.89 1.01 0.90 1.01 
3.25 25 160 1 0.71 0.63 1.15 0.65 0.90 0.93 0.92 0.98 
2 0.73 0.65 1.12 0.62 0.86 0.91 0.88 0.95 
3 0.71 0.63 1.16 0.64 0.88 0.94 0.90 0.98 
Average 0.71 0.65 1.19 0.74 0.88 0.98 0.94 1.00 
Standard Deviation 0.03 0.03 0.04 0.22 0.04 0.07 0.08 0.03 
High 0.76 0.71 1.27 1.17 0.96 1.12 1.09 1.06 
Low 0.67 0.61 1.12 0.58 0.80 0.89 0.82 0.94 
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Table A.2.6. Vertical bending strengths, modified Uniform vertical bending suite, full-
nonlinear analysis and first-order elastic analysis with design checks, specimens with, 
target f,/fb = 0.50 and WR = 0.10. 














C a l c M / 1/3 Rule 
FEA FEA 
FEA FEA FEA 
2.25 25 100 3 0.76 0.69 1.15 0.62 0.83 0.86 0.85 0.97 
130 3 0.76 0.70 1.12 0.63 0.84 0.87 0.86 0.95 
160 1 0.77 0.71 1.07 0.64 0.88 0.87 0.90 0.93 
2 0.75 0.70 1.10 0.64 0.86 0.89 0.88 0.94 
3 0.74 0.69 1.11 0.65 0.86 0.90 0.88 0.95 
2.75 15 100 3 0.84 0.76 1.19 1.01 0.76 0.96 0.94 1.01 
130 3 0.82 0.75 1.22 1.04 0.78 0.99 0.97 1.04 
160 1 0.86 0.80 1.15 1.01 0.79 0.95 0.96 1.00 
2 0.82 0.76 1.21 1.05 0.80 1.00 0.98 1.04 
3 0.81 0.75 1.22 1.06 0.80 1.01 0.99 1.05 
20 100 3 0.78 0.70 1.24 0.61 0.79 0.85 0.80 1.04 
130 3 0.76 0.69 1.27 0.63 0.82 0.89 0.83 1.06 
160 1 0.79 0.73 1.20 0.62 0.82 0.86 0.83 1.02 
2 0.77 0.71 1.23 0.64 0.83 0.89 0.84 1.04 
3 0.77 0.71 1.23 0.62 0.81 0.89 0.82 1.03 
25 100 3 0.73 0.64 1.19 0.64 0.81 0.89 0.83 0.98 
130 3 0.73 0.66 1.17 0.64 0.82 0.91 0.83 0.96 
160 1 0.72 0.66 1.14 0.67 0.87 0.94 0.89 0.96 
2 0.71 0.65 1.15 0.67 0.87 0.95 0.89 0.97 
3 0.69 0.63 1.19 0.68 0.87 0.98 0.89 0.98 
3.25 25 160 1 0.76 0.68 1.07 0.61 0.83 0.82 0.85 0.91 
2 0.76 0.68 1.07 0.60 0.83 0.82 0.84 0.91 
3 0.76 0.68 1.07 0.60 0.82 0.82 0.84 0.91 
Average 1.16 0.72 0.83 0.90 0.88 0.98 
Standard Deviation 0.06 0.17 0.03 0.06 0.05 0.05 
High 0.86 0.79 1.27 1.06 0.88 1.01 0.99 1.06 
Low 0.69 0.62 1.07 0.60 0.76 0.82 0.80 0.91 
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A.3 INTERNAL LOADING SUITE 
A.3.1 Second-Order Elastic f/Fy andft/Fy Values at the One-Third Rule Strength Limit 
Table A.3.1. Second-order elastic f/Fy. and fb/Fy values at the one-third rule strength 
limit, internal loading suite, specimens with d0/D = 3 and target fe /fb = 0.50. 





















































































A.3.2 First-Order Elastic f/fb Values 
Table A.3.2. First-order elastic f̂ /ft, values, internal loading suite, specimens with 
d„/D = 3 and target f̂ fb = 0.50. 
D/bf bf/tf D/tw W R = 0.05 Lb/R = 0.10 
2.25 25 
100 0.428 0.467 
130 0.416 0.477 
160 0.387 0.461 
2.75 
15 
100 0.365 0.393 
130 0.355 0.355 
160 0.340 0.347 
20 
100 0.399 0.466 
130 0.381 0.465 
160 0.379 0.436 
25 
100 0.394 0.542 
130 0.395 0.555 
160 0.364 0.556 
3.25 25 160 0.428 0.568 
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A.3.3 Vertical Bending Strengths from Full Nonlinear Analysis and Ratios of Design 
Strengths Based on Second-Order Elastic Stresses to these Capacities 
Table A.3.3. Vertical bending strengths, internal loading suite, full-nonlinear analysis 
and second-order elastic analysis with design checks, specimens with 
do/D = 3, target f, /fb = 0.50 and Lb/R = 0.05. 






















2.25 25 100 0.77 0.70 1.14 0.59 0.86 0.85 0.88 0.98 
130 0.76 0.70 1.12 0.60 0.88 0.87 0.89 0.97 
160 0.76 0.70 1.09 0.61 0.91 0.88 0.93 0.95 
2.75 15 100 0.86 0.78 1.10 0.99 0.82 0.94 0.98 0.97 
130 0.84 0.77 1.13 1.02 0.85 0.97 1.00 1.01 
160 0.82 0.76 1.16 1.04 0.88 1.00 1.04 1.03 
20 100 0.84 0.75 1.11 0.58 0.79 0.79 0.80 0.96 
130 0.82 0.74 1.15 0.60 0.83 0.82 0.84 1.00 
160 0.81 0.74 1.16 0.60 0.86 0.84 0.88 1.02 
25 100 0.80 0.70 1.09 0.61 0.83 0.82 0.85 0.94 
130 0.77 0.69 1.11 0.63 0.87 0.86 0.89 0.96 
160 0.77 0.70 1.06 0.64 0.89 0.87 0.91 0.93 
3.25 25 160 0.77 0.69 1.06 0.63 0.88 0.86 0.90 0.93 
Average 1.11 0.70 0.86 0.88 0.91 0.97 
Standard Deviation 0.03 0.18 0.03 0.06 0.07 0.03 
High 0.86 0.78 1.16 1.04 0.91 LOO 1.04 1.03 
Low 0.76 0.69 1.06 0.58 0.79 0.79 0.80 0.93 
Recommended Specification values are calculated based on first-order elastic stresses 
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Table A.3.4. Vertical bending strengths, internal loading suite, full-nonlinear analysis 
and second-order elastic analysis with design checks, specimens with 
do/D = 3, target ft /fb = 0.50 and WR = 0.10. 
















CalcM^ 1/3 Rule 
FEA FEA FEA 
2.25 25 100 0.75 0.68 1.16 0.66 0.86 0.87 0.88 0.99 
130 0.73 0.67 1.17 0.67 0.88 0.91 0.90 1.00 
160 0.73 0.68 1.13 0.68 0.90 0.91 0.92 0.97 
2.75 15 100 0.85 0.77 1.18 1.03 0.80 0.95 0.97 1.03 
130 0.82 0.75 1.22 1.06 0.86 0.99 1.03 1.08 
160 0.83 0.77 1.19 1.04 0.85 0.99 1.02 1.06 
20 100 0.79 0.70 1.23 0.64 0.81 0.84 0.83 1.04 
130 0.77 0.70 1.25 0.66 0.84 0.88 0.85 1.07 
160 0.78 0.72 1.21 0.66 0.86 0.87 0.88 1.05 
25 100 0.74 0.65 1.18 0.66 0.83 0.88 0.85 0.98 
130 0.70 0.63 1.22 0.69 0.88 0.95 0.90 1.02 
160 0.68 0.62 1.20 0.71 0.91 0.99 0.93 1.01 
3.25 25 160 0.73 0.65 1.12 0.63 0.84 0.85 0.86 0.94 
Average 1.19 0.75 0.86 0.91 0.91 1.02 
Standard Deviation 0.04 0.17 0.03 0.05 0.06 0.04 
High 0.85 0.77 1.25 1.06 0.91 0.99 1.03 1.08 
Low 0.68 0.62 1.12 0.63 0.80 0.84 0.83 0.94 
Recommended Specification values are calculated based on first-order elastic stresses 
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A.3.4 Vertical Bending Strengths from Full Nonlinear Analysis and Ratios of Design 
Strengths Based on the First-Order Elastic f£ /ft to these Capacities 
Table A.3.5. Vertical bending strengths, internal loading suite, full-nonlinear analysis 
and first-order elastic analysis with design checks, specimens with 
do/D = 3, target f,/ffb = 0.50 and Lb/R = 0.05. 





















2.25 25 100 0.77 0.70 1.14 0.59 0.89 0.85 0.91 1.00 
130 0.76 0.70 1.12 0.60 0.91 0.87 0.93 0.99 
160 0.76 0.70 1.09 0.61 0.93 0.88 0.95 0.96 
2.75 15 100 0.86 0.78 1.10 0.99 0.83 0.94 0.99 0.98 
130 0.84 0.77 1.13 1.02 0.86 0.97 1.01 1.01 
160 0.82 0.76 1.16 1.04 0.89 1.00 1.04 1.04 
20 100 0.84 0.75 1.11 0.58 0.83 0.79 0.85 0.98 
130 0.82 0.74 1.15 0.60 0.86 0.82 0.88 1.02 
160 0.81 0.74 1.16 0.60 0.87 0.84 0.90 1.03 
25 100 0.80 0.70 1.09 0.61 0.88 0.82 0.90 0.96 
130 0.77 0.69 1.11 0.63 0.91 0.86 0.93 0.98 
160 0.77 0.70 1.06 0.64 0.93 0.87 0.95 0.95 
3.25 25 160 0.77 0.69 1.06 0.63 0.89 0.86 0.91 0.94 
Average 1.11 0.70 0.88 0.88 0.94 0.99 
Standard Deviation 0.03 0.18 0.03 0.06 0.05 0.03 
High 0.86 0.78 1.16 1.04 0.93 1,00 1.04 1.04 
Low 0.76 0.69 1.06 0.58 0.83 0.79 0.85 0.94 
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Table A.3.6. Vertical bending strengths, internal loading suite, full-nonlinear analysis 
and first-order elastic analysis with design checks, specimens with 
d0/D = 3, target f,./fb = 0.50 and Lb/R = 0.10. 






















2.25 25 100 0.75 0.68 1.16 0.66 0.89 0.87 0.91 1.01 
130 0.73 0.67 1.17 0.67 0.91 0.91 0.93 1.01 
160 0.73 0.68 1.13 0.68 0.92 0.91 0.94 0.98 
2.75 15 100 0.85 0.77 1.18 1.03 0.83 0.95 0.99 1.04 
130 0.82 0.75 1.22 1.06 0.88 0.99 1.04 1.09 
160 0.83 0.77 1.19 1.04 0.87 0.99 1.03 1.07 
20 100 0.79 0.70 1.23 0.64 0.84 0.84 0.86 1.06 
130 0.77 0.70 1.25 0.66 0.87 0.88 0.89 1.08 
160 0.78 0.72 1.21 0.66 0.87 0.87 0.89 1.06 
25 100 0.74 0.65 1.18 0.66 0.86 0.88 0.88 1.00 
130 0.70 0.63 1.22 0.69 0.90 0.95 0.92 1.03 
160 0.68 0.62 1.20 0.71 0.93 0.99 0.94 1.02 
3.25 25 160 0.73 0.65 1.12 0.63 0.86 0.85 0.87 0.94 
Average 1.19 0.75 0.88 0.91 0.93 L03 
Standard Dev iation 0.04 0.17 0.04 0,04 0.06 0.04 
High 0.85 0.77 1.25 1.06 0.93 0.99 1.04 1.09 
Low 0.68 0.62 1.12 0.63 0.83 0.84 0.86 0.94 
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A.4 FREE-END SUITE 
A.4.1 Second-Order Elastic f/Fy andfi/Fy Values at the One-Third Rule Strength Limit 
Table A.4.1. Second-order elastic f,/Fy and fb/Fy values at the one-third rule strength 
limit, free-end suite, D/tw = 160, dJD = 3 and target second-order f//fb = 0.60. 
D/bf D/bf Lb/R = 0.05 Lb/R = 0.10 































A.4.2 First-Order Elastic f/fb Values 
Table A.4.2. First-order elastic f, /fb values, free-end suite, 
D/tw = 160, d0/D = 3 and target second-order f,/fb= 0.60. 
D/bf D/bf Lb/R = 0.05 Lb/R = 0.10 
2.25 25 0.447 0.612 
2.75 
15 0.440 0.567 
20 0.458 0.580 
25 0.483 0.612 
3.25 25 0.500 0.634 
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A.4.3 Vertical Bending Strengths from Full Nonlinear Analysis and Ratios of Design 
Strengths Based on Second-Order Elastic Stresses to these Capacities 
Table A.4.3. Vertical bending strengths, free-end suite, full-nonlinear analysis and 
second-order elastic analysis with design checks, Lb/R= 0.05 and target f/fb = 0.60. 




















2.25 25 160 3 0.78 0.72 1.06 0.44 0.80 0.76 0.82 0.89 
2.75 
15 160 3 0.86 0.80 1.15 0.74 0.72 0.87 0.91 0.97 
20 160 3 0.84 0.77 1.13 0.41 0.74 0.70 0.76 0.95 
25 160 3 0.80 0.73 1.02 0.42 0.75 0.72 0.77 0.85 
3.25 25 160 3 0.76 0.68 1.07 0.48 0.79 0.77 0.81 0.89 
Avg. 1.09 0.50 0.76 0.77 0.81 0.91 
Std. Dev. 0.05 0.14 0.03 0.07 0.06 0.05 
High 0.84 0.78 1.15 0.74 0.80 0.87 0.91 0.97 
Low 0.79 0.71 1.02 0.41 0.72 0.70 0.76 0.85 
(1) Recommended Specification values are calculated based on first-order elastic stresses 
Table AAA. Vertical bending strengths, free-end suite, full-nonlinear analysis and 
second-order elastic analysis with design checks, Lb/R= 0.10 and target f/fb = 0.60. 




















2.25 25 160 3 0.75 0.70 1.10 0.51 0.80 0.74 0.82 0.91 
2.75 
15 160 3 0.85 0.79 1.16 0.79 0.71 0.84 0.90 0.97 
20 160 3 0.79 0.73 1.20 0.49 0.76 0.70 0.78 0.99 
25 160 3 0.76 0.69 1.08 0.50 0.78 0.71 0.80 0.89 
3.25 25 160 3 0.73 0.65 1.12 0.53 0.81 0.73 0.83 0.92 
Avg. 1.13 0.56 0.77 0.74 0.83 0.94 
Std. Dev. 0.05 0.13 0.04 0.06 0.05 0.04 
High 0.85 0.79 1.20 0.79 0.81 0.84 0.90 0.99 
Low 0.73 0.65 1.08 0.49 0.71 0.70 0.78 0.89 
(1) Recommended Specification values are calculated based on first-order elastic stresses 
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AAA Vertical Bending Strengths from Full Nonlinear Analysis and Ratios of Design 
Strengths Based on the First-Order Elastic f^fo to these Capacities 
Table A.4.5. Vertical bending strengths, free-end suite, full-nonlinear analysis and 
first-order elastic analysis with design checks, Lb/R= 0.05 and target f/fb = 0.60. 




















2.25 25 160 3 0.78 0.72 1.06 0.44 0.86 0.76 0.89 0.92 
2.75 
15 160 3 0.86 0.80 1.15 0.74 0.79 0.87 0.96 1.00 
20 160 3 0.84 0.77 1.1.3 0.41 0.80 0.70 0.82 0.98 
25 160 3 0.80 0.73 1.02 0.42 0.82 0.72 0.84 0.88 
3.25 25 160 3 0.76 0.68 1.07 0.48 0.86 0.77 0.88 0.92 
Avg. 1.09 0.50 0.82 0.77 0.88 0.94 
Std. Dev. 0.05 0.14 0.03 0.07 0.05 0.05 
High 0.84 0.78 1.15 0.74 0.86 0.87 0.96 1.00 
Low 0.79 0.71 1.02 0.41 0.79 0.70 0.82 0.88 
Table A.4.6. Vertical bending strengths, free-end suite, full-nonlinear analysis and 
first-order elastic analysis with design checks, Lb/R= 0.10 and target f/fb = 0.60. 




















2.25 25 160 3 0.75 0.70 1.10 0.51 0.81 0.74 0.83 0.91 
2.75 
15 160 3 0.85 0.79 1.16 0.79 0.73 0.84 0.92 0.98 
20 160 3 0.79 0.73 1.20 0.49 0.78 0.70 0.80 1.01 
25 160 3 0.76 0.69 1.08 0.50 0.79 0.71 0.82 0.90 
3.25 25 160 3 0.73 0.65 1.12 0.53 0.82 0.73 0.84 0.93 
Avg. 1.13 0.56 0.79 0.74 0.84 0.94 
Std. Dev. 0.05 0.13 SIS11I1H111 0.06 0.05 0.05 
High 0.85 0.79 1.20 0.79 0.82 0.84 0.92 1.01 
Low 0.73 0.65 1.08 0.49 0.73 0.70 0.80 0,90 
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A.5 LATERALLY UNSUPPORTED STRAIGHT GIRDER SUITE 
A.5.1 Second-Order Elastic f/Fy andft/Fy Values at the One-Third Rule Strength Limit 
Table A.5.1. Second-Order elastic f/Fy and fb/Fy values at the one-third rule strength 
limit, laterally unsupported straight girder suite, D/tw = 160, dJD = 3. 
D/bf bf/tf 
( ^ - / g / ^ - k p ) 
0.0 0.25 0.5 0.75 1.0 





























































A.5.2 First-Order Elastic f/fb Values 
Table A.5.2. First-order elastic f, /fg, values, laterally unsupported straight girder suite, 
D/tw == 160, d0/D = 3. 
D/bf bf/tf 
(X-X^K-X,) 
0.0 0.25 0.5 0.75 1.0 
2.25 25 0.551 0.487 0.416 0.378 .248 
2.75 
15 0.563 0.514 0.417 0.303 0.243 
20 0.554 0.481 0.419 0.326 0.261 
25 0.554 0.479 0.412 0.314 0.239 
3.25 25 0.529 0.456 0.366 0.300 0.182 
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A. 5.3 Vertical Bending Strengths from Full Nonlinear Analysis and Ratios of Design 
Strengths Based on Second-Order Elastic Stresses to these Capacities 
Table A.5.3. Vertical bending strengths, laterally unsupported straight girder suite, 
full-nonlinear analysis and second-order elastic analysis with design checks, 




















2.25 25 0.71 0.66 1.16 0.91 0.86 0.86 0.96 
2.75 15 0.75 0.69 1.32 1.12 0.83 1.02 1.10 
2.75 20 0.76 0.69 1.24 0.85 0.80 0.80 1.03 
2.75 25 0.74 0.67 1.11 0.87 0.83 0.83 0.92 
3.25 25 0.72 0.64 1.13 0.91 0.86 0.86 0.94 
Average 1.19 0.93 0.84 0.87 0.99 
Standard Deviation 0.09 0.11 0.03 0.09 0.07 
High 0.76 0.69 1.32 1.12 0.86 L02 1.10 
Low 0.71 0.64 1.11 0.85 0.80 0.80 0.92 
(1) Recommended Specification values are calculated based on first-order elastic stresses 
Table A.5.4. Vertical bending strengths, laterally unsupported straight girder suite, 
full-nonlinear analysis and second-order elastic analysis with design checks, 




















2.25 25 0.70 0.65 1.17 0.96 0.88 0.88 0.97 
2.75 15 0.74 0.69 1.24 1.15 0.82 1.02 1.02 
2.75 20 0.74 0.68 1.22 0.91 0.84 0.84 1.02 
2.75 25 0.72 0.65 1.14 0.94 0.85 0.85 0.94 
3.25 25 0.68 0.60 1.20 1.01 0.91 0.91 1.00 
Average 1.19 1.00 0.86 0.90 0.99 
Standard Deviation 0.04 0.10 0.04 0.07 0.03 
High 0.74 0.69 1.24 1.15 0.91 1.02 1.02 
Low 0.68 0.60 1.14 0.91 0.82 0.84 0,94 
(1) Recommended Specification values are calculated based on first-order elastic stresses 
445 
Table A.5.5. Vertical bending strengths, laterally unsupported straight girder suite, 
full-nonlinear analysis and second-order elastic analysis with design checks, 




















2.25 25 0.70 0.65 1.17 1.01 0.88 0.88 0.97 
2.75 • 15 0.69 0.64 1.19 1.19 0.89 1.11 0.99 
2.75 20 0.68 0.62 1.22 1.04 0.92 0.92 1.02 
2.75 25 0.69 0.62 1.19 1.03 0.92 0.92 1.00 
3.25 25 0.63 0.56 1.29 1.16 1.01 1.01 1.09 
Average 1.21 1.08 0.93 0.97 1.01 
Standard Deviation 0.05 0.08 0.05 0.09 0.05 
High 0.70 0.65 1.29 1.19 1.01 1.11 1.09 
Low 0.63 0.56 1.17 1.01 0.88 0.88 0.97 
(1) Recommended Specification values are calculated based on first-order elastic stresses 
Table A.5.6. Vertical bending strengths, laterally unsupported straight girder suite, 
full-nonlinear analysis and second-order elastic analysis with design checks, 




















2.25 25 0.66 0.61 1.14 1.07 0.94 0.94 0.95 
2.75 15 0.67 0.62 1.10 1.09 0.96 1.17 0.93 
2.75 20 0.64 0.59 1.16 1.14 0.99 0.99 0.98 
2.75 25 0.63 0.58 1.16 1.16 1.00 1.00 0.98 
3.25 25 0.62 0.55 1.19 1.22 1.00 1.00 0.99 
Average 1.15 1.14 0.98 1.02 0.97 
Standard Deviation 0.03 0.06 0.03 0.09 0.02 
High 0.67 0.62 1.19 1.22 1.00 1.17 0.99 
Low 0.62 0.55 1.10 1.07 0.94 0.94 0.93 
(1) Recommended Specification values are calculated based on first-order elastic stresses 
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Table A.5.7. Vertical bending strengths, laterally unsupported straight girder suite, 
full-nonlinear analysis and second-order elastic analysis with design checks, 




















2.25 25 0.64 0.59 1.05 1.09 0.98 0.98 0.87 
2.75 15 0.65 0.61 1.04 1.04 0.96 1.19 0.86 
2.75 20 0.60 0.56 1.10 1.16 1.05 1.05 0.92 
2.75 25 0.58 0.53 1.12 1.20 1.08 1.08 0.94 
3.25 25 0.56 0.50 1.17 1.33 1.12 1.12 0.98 
Average 1.10 1.16 1.04 1.08 0.92 
Standard Deviation 0.06 0.11 0.07 0.08 0.05 
High 0.65 0.61 1.17 1.33 1.12 1.19 0.98 
Low 0.56 0.50 1.04 1.04 0.96 0.98 0.86 
(l) Recommended Specification values are calculated based on first-order elastic stresses 
A. 5.4 Vertical Bending Strengths from Full Nonlinear Analysis and Ratios of Design 
Strengths Based on the First-Order Elastic f^/fb to these Capacities 
Table A.5.8. Vertical bending strengths, laterally unsupported straight girder suite, 
full-nonlinear analysis and first-order elastic analysis with design checks, 



















2.25 25 0.71 0.66 1.16 0.91 0.91 0.91 0.98 
2.75 15 0.75 0.69 1.32 1.12 0.85 1.04 1.11 
2.75 20 0.76 0.69 1.24 0.85 0.85 0.85 1.05 
2.75 25 0.74 0.67 1.11 0.87 0.87 0.87 0.94 
3.25 25 0.72 0.64 1.13 0.91 0.91 0.91 0.97 
Average 1.19 0.93 0.88 0.92 L01 
Standard Deviation 0.09 0.11 0,03 0.08 0.07 
High 0.76 0.69 1.32 1.12 0.91 1.04 1.11 
Low 0.71 0.64 1.11 0.85 0.85 0.85 0.94 
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Table A.5.9. Vertical bending strengths, laterally unsupported straight girder suite, 
full-nonlinear analysis and first-order elastic analysis with design checks, 


















2.25 25 0.70 0.65 1.18 0.96 0.96 0.96 1.01 
2.75 15 0.74 0.69 1.24 1.15 0.89 1.08 1.06 
2.75 20 0.74 0.68 1.23 0.91 0.91 0.91 1.06 
2.75 25 0.72 0.65 1.14 0.94 0.94 0.94 0.98 
3.25 25 0.68 0.60 1.20 1.01 1.01 1.01 1.04 
Average 1.20 1.00 0.94 0.98 1.03 
Standard Deviation 0.04 0.10 0.05 0.07 0,03 
High 0.74 0.69 1.24 1.15 1.01 1.08 1.06 
Low 0.68 0.60 1.14 0.91 0.89 0.91 0.98 
Table A.5.10. Vertical bending strengths, laterally unsupported straight girder suite, 
full-nonlinear analysis and first-order elastic analysis with design checks, 




















2.25 25 0.70 0.65 1.17 1.01 1.01 1.01 1.03 
2.75 15 0.69 0.64 1.19 1.19 1.02 1.20 1.05 
2.75 20 0.68 0.62 1.22 1.04 1.04 1.04 1.07 
2.75 25 0.69 0.62 1,19 1.03 1.03 1.03 1.05 
3.25 25 0.63 0.56 1.29 1.16 1.16 1.16 1.16 
Average 1.21 1.08 1,05 1.09 1.07 
Standard Deviation 0.05 0.08 0.06 0.09 0.05 
High 0.70 0.65 1.29 1.19 1.16 1.20 1.16 
Low 0.63 0.56 1.17 1.01 LOl LOl 1.03 
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Table A.5.11. Vertical bending strengths, laterally unsupported straight girder suite, 
full-nonlinear analysis and first-order elastic analysis with design checks, 




















2.25 25 0.66 0.61 1.14 1.07 1.10 1.10 1.01 
2.75 15 0.67 0.62 1.10 1.09 1.15 1.30 1.00 
2.75 20 0.64 0.59 1.16 1.14 1.18 1.18 1.05 
2.75 25 0.63 0.58 1.17 1.16 1.21 1.21 1.06 
3.25 25 0.62 0.55 1.19 1.22 1.24 1.24 1.09 
Average 1.15 1.14 1.17 1.21 1.04 
Standard Deviation 0.03 0.06 0.05 0.07 0.03 
High 0.67 0.62 1.19 1.22 1.24 1.30 1.09 
Low 0.62 0.55 1.10 1.07 1.10 1.10 1.00 
Table A.5.12. Vertical bending strengths, laterally unsupported straight girder suite, 
full-nonlinear analysis and first-order elastic analysis with design checks, 




















2.25 25 0.64 0.59 1.05 1.09 1.25 1.25 0.97 
2.75 15 0.65 0.61 1.04 1.04 1.24 1.37 0.96 
2.75 20 0.60 0.56 1.10 1.16 1.34 1.34 1.02 
2.75 25 0.58 0.53 1.12 1.20 1.39 1.39 1.04 
3.25 25 0.56 0.50 1.17 1.33 1.51 1.51 1.11 
Average 1.10 1.16 1.35 1.37 1.02 
Standard Deviation 0.06 0.11 0.11 0.09 0.06 
High 0.65 0.61 1.17 1.33 1.51 1.51 1.11 
Low 0.56 0.50 1.04 1.04 1.24 1.25 0.96 
449 
A.6 UNSYMMETRIC GIRDER SUITE 
A.6.1 Design Analysis Stresses 
Table A.6.1. Second-order elastic f/Fy and fb/Fy values at the one-third rule strength 
limit, unsymmetric specimens. 
D/bfc bf/tf 2Dc/tw 
Lb/E. = 0.05 Lb/R = 0.10 
target 
f,/fb = 0.35 
target 
li/fb = 0.50 or 0.60 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 or 0.60 
Uniform vertical bending, primary test suite 




















Modified uniform vertical bending 




















Internal loading suite 



















Only a target second-order f, /fb = 0.60 is considered with the free-end suite 
Table A.6.2. First-order elastic f/fi, values, unsymmetric specimens. 
D/bfc bf/tf 2Dc/tw 
Lb/R = 0.05 W R = 0.10 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
Uniform vertical bending, primary test suite 
4.77 20 208 0.315 0.487 0.389 0.532 
2.75 25 169 0.350 0.485 0.361 0.535 
Modified uniform vertical bending 
4.77 20 208 0.310 0.462 0.377 0.525 
2.75 25 169 0.446 0.600 0.454 0.635 
Internal loading suite 
2.75 25 169 0.305 0.458 0.394 0.504 
Free-end suite 
4.77 20 208 NA(1) 0.515 NA 0.520 
Only a target second-order f, /fb = 0.60 is considered with the free-end suite 
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A. 6.2 Vertical Bending Strengths from Full Nonlinear Analysis and Ratios of Design 
Strengths to these Capacities 
Table A.6.3. Vertical bending strengths, full-nonlinear analysis and second-order 


























D/bfc = 4.77 and b/tf = 20 (Primary Test Suite) 
0.05 
0.35 208 2 0.75 0.53 1.07 0.81 0.99 0.95 1.01 0.98 
0.50 208 3 0.70 0.50 1.04 0.69 0.93 0.89 0.95 0.91 
0.10 
0.35 208 1 0.81 0.57 0.99 0.74 0.87 0.88 0.88 0.89 
0.50 208 1.5 0.71 0.50 1.13 0.71 0.89 0.88 0.91 0.98 
D/bfc = 2,75 and bf/tf= 25 (Primary Test Suite) 
0.05 
0.35 169 3 0.86 0.66 0.90 0.67 0.81 0.85 0.82 0.80 
0.50 169 3 0.71 0.55 1.09 0.63 0.87 0.91 0.89 0.93 
0.10 
0.35 169 2 0.79 0.61 0.98 0.75 0.87 0.93 0.89 0.87 
0.50 169 3 0.76 0.59 1.02 0.64 0.82 0.85 0.83 0.86 
D/bfc = 4.77 and tytf = 20 (Modified Vertical Bending Suite) 
0.05 0.35 208 2 0.72 0.51 1.12 0.85 1.04 0.99 1.06 1.03 
0.50 208 3 0.68 0.48 1.07 0.72 0.97 0.92 0.99 0.94 
0.10 0.35 208 1 0.80 0.57 1.01 0.75 0.88 0.89 0.90 0.91 
0.50 208 1.5 0.67 0.47 1.20 0.76 0.95 0.93 0.97 1.04 
D/bfC = 2-75 and bf/tf = 25 (Modified Vertical Bending Suite) 
0.05 0.35 169 3 0.81 0.62 0.96 0.68 0.81 0.90 0.83 0.83 
0.50 169 3 0.66 0.51 1.18 0.64 0.91 0.98 0.93 0.98 
0.10 0.35 169 2 0.73 0.56 1.06 0.77 0.90 1.00 0.91 0.92 
0.50 169 3 0.70 0.54 1.11 0.66 0.83 0.92 0.85 0.91 
D/bfC = 2.75 and bf/tf = 25 (Internal Loading Suite) 
0.05 0.35 169 3 0.90 0.69 0.86 0.65 0.76 0.81 0.77 0.76 
0.50 169 3 0.76 0.59 1.02 0.60 0.85 0.85 0.87 0.88 
0.1 0.35 169 2 0.86 0.66 0.90 0.67 0.80 0.85 0.82 0.80 
0.50 169 3 0.86 0.66 0.90 0.57 0.73 0.75 0.75 0.77 
D/bfC = 4.77 and b/tf = 20 (Free-End Test Suite) 
0.05 0.6 208 3 0.77 0.54 1.05 0.53 0.81 0.74 0.83 0.90 
0.1 0.6 208 3 0.80 0.57 1.01 0.57 0.77 0.69 0.79 0.87 
Average 1.03 0.68 0.87 0.88 0.88 0.90 
Standard Deviation 0.09 0.08 0;08 0.08 0.08 0.08 
High 0.90 0.69 1.20 0.85 1.04 1.00 1.06 1.04 
Low 0.66 0.47 0.86 0.53 0.73 0.69 0.75 0.76 
(1) Recommended Specification values are calculated based on first-order elastic stresses 
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Table A.6.4. Vertical bending strengths, primary test siiite, full-nonlinear analysis and 


























D/bfC = 4.77 and b/tf = 20 (Primary Test Suite) 
0.05 
0.35 208 2 0.75 0.53 1.07 0.81 0.99 0.95 1.01 0.99 
0.50 208 3 0.70 0.50 1.04 0.69 0.94 0.89 0.96 0.92 
0.10 
0.35 208 1 0.81 0.57 0.99 0.74 0.87 0.88 0.89 0.90 
0.50 208 1.5 0.71 0.50 1.13 0.71 0.90 0.88 0.92 0.99 
D/bfC = 2.75 and bf/tf = 25 (Primary Test Suite) 
0.05 
0.35 169 3 0.86 0.66 0.90 0.67 0.84 0.85 0.86 0.81 
0.50 169 3 0.71 0.55 1.09 0.63 0.93 0.91 0.95 0.95 
0.10 
0.35 169 2 0.79 0.61 0.98 0.75 0.91 0.93 0.93 0.88 
0.50 169 3 0.76 0.59 1.02 0.64 0.84 0.85 0.86 0.87 
D/bfc = 4.77 and bf/tf = 20 (Modified Vertical Bending Suite) 
0.05 
0.35 208 2 0.72 0.51 1.12 0.85 1.04 0.99 1.06 1.03 
0.50 208 3 0.68 0.48 1.07 0.72 0.98 0.92 1.01 0.95 
0.1 
0.35 208 1 0.80 0.57 1.01 0.75 0.89 0.89 0.91 0.91 
0.50 208 1.5 0.67 0.47 1.20 0.76 0.96 0.93 0.98 1.05 
D/bfc = 2.75 and bf/tf = 25 (Modified Vertical Bending Suite) 
0.05 0.35 169 3 0.81 0.62 0.96 0.68 0.84 0.90 0.85 0.84 
0.50 169 3 0.66 0.51 1.18 0.64 0.93 0.98 0.95 0.99 
0.1 0.35 169 2 0.73 0.56 1.06 0.77 0.93 1.00 0.94 0.93 
0.50 169 3 0.70 0.54 1.11 0.66 0.86 0.92 0.87 0.93 
D/bfC = 2.75 and bf/tf = 25 (Internal Loading Suite) 
0.05 
0.35 169 3 0.90 0.69 0.86 0.64 0.80 0.81 0.82 0.78 
0.50 169 3 0.76 0.59 1.02 0.60 0.88 0.85 0.90 0.89 
0.1 
0.35 169 2 0.86 0.66 0.90 0.67 0.82 0.85 0.83 0.80 
0.50 169 3 0.86 0.66 0.90 0.57 0.76 0.75 0.77 0.78 
D/bfc = 4.77 and bf/tf = 20 (Free End Suite) 
0.05 0.6 208 3 0.77 0.54 1.05 0.53 0.81 0.74 0.83 0.90 
0.1 0.6 208 3 0.8 0.57 1.01 0.57 0.77 0.69 0.79 0.87 
Average 1.03 0.68 0.89 0.88 0.91 0.91 
Standard Deviation 0.09 0.08 0.07 0.08 0.07 0.08 
High 0.90 0.69 1.20 0.85 1.04 1.00 1.06 1.05 
Low 0.66 0.47 0.86 0.53 0.76 0.69 0.77 0.78 
452 
APPENDIX B 
SHEAR STRENGTH DATA 
This appendix presents detailed data pertaining to the shear strength (i.e., maximum 
V/M) parametric studies. The organization of the appendix is as follows: 
• Section B. 1 presents the ultimate shear strength data computed by full nonlinear finite 
element analysis, as well as the ratios of predicted ultimate shear strengths to the 
finite element values. 
• Section B.2 summarizes the elastic buckling strengths calculated by finite element 
linear buckling analysis and gives the ratios of the elastic buckling predictions by: 
1. The current AASHTO LRPD (2001) equations (Eqs. (2-95c) and (2-96)) and 
2. The equations proposed by Lee and Yoo (1998) (Eqs. (4-1) and (2-104) through 
(2-106b)) 
to the analysis-based strengths. In the modified AASHTO shear strength equations 
(see Section 2.2.4), Lee and Yoo's shear buckling coefficient is utilized with 
Eq. (2-95c). Equation (2-95d) is utilized for the web plastic shear capacity in all the 
calculations. Therefore, the elastic shear buckling strength in the modified AASHTO 
procedure is 1.52/1.55 = 0.98 of that determined based on Lee and Yoo's equations. 
• Section B.3 gives values for the normalized post-buckling strengths VPB / (Vp - Vcr) 
obtained from the finite element values of Vn and Vcr, where VPB is taken as Vn - Vcr. 
This ratio is always equal to 0.4 in the design approximation proposed by Lee and 
Yoo (1998), and it is given by Eq. (8-3) in the current and modified AASHTO 
procedures. This section also summarizes the VPB/VP = (Vn - Vcr)/Vp ratios from 
analysis and from the design equations. 
• Each of the above sections focuses only on doubly symmetric specimens. Section 
B.4 presents the above data for the unsymmetric girders considered in the parametric 
study 
As stated in Chapter VIII, some specimens with large unbraced length (Lb > Lp) fail 
by lateral bending instead of web shear buckling under the high-shear low-moment 
loading. The results for these specimens are displayed in italic font and are not included 
in the calculations of statistical values (see Tables B.1.2, B.3.1 and B.3.3). 
Illustrative example design shear strength calculations are presented in Section 4.5.2. 
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B.l ULTIMATE SHEAR STRENGTH 
Table B.1.1. Ultimate shear strengths for specimens with 
Lb/R = 0.05 and target fe/fb = 0.35. 
D/bf bf/tf D/tw d0/D Vn(FEA)/Vp 
Current AASHTO 
FEA 




2.25 25 100 3 0.76 0.83 0.96 1.06 
130 3 0.62 0.79 . 1.03 0.99 
160 1 0.77 0.97 0.80 1.00 
2 0.58 0.89 1.03 1.01 
3 0.53 0.79 1.11 0.94 
2.75 15 100 3 0.79 0.80 0.94 1.06 
130 3 0.62 0.79 1.02 0.98 
160 1 0.84 0.89 0.73 0.92 
2 0.62 0.84 0.95 0.95 
3 0.56 0.74 1.04 0.88 
2.75 20 100 3 0.75 0.84 0.98 1.09 
130 3 0.59 0.82 1.07 1.03 
160 1 0.77 0.97 0.80 1.00 
2 0.58 0.90 1.02 1.01 
3 0.55 0.75 1.06 0.90 
2.75 25 100 3 0.72 0.87 0.98 1.06 
130 3 0.58 0.83 1.08 1.03 
160 1 0.75 1.00 0.82 1.04 
2 0.56 0.92 1.05 1.04 
3 0.53 0.78 1.11 0.94 
3.25 25 160 1 0.74 1.01 0.83 1.05 
2 0.55 0.95 1.08 1.06 
3 0.51 0.82 1.15 0.97 
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Table B.1.2. Ultimate shear strengths for specimens with 
Lb/R = 0.05 and target f€/fb = 0.50. 
D ^ f bf/tf D/tw do/D Vn(FEA) /V p 
Current AASHTO 
FEA 




2.25 25 100 3 0.4^X) 1.40 1.62 1.79 
130 3 0.53 0.92 1.19 1.15 
160 1 0.60 1.25 1.03 1.29 
2 0.57 0.92 1.05 1.03 
3 0.52 0.79 1.11 0.94 
2.75 15 100 3 0.65 0.97 1.14 1.29 
130 3 0.61 0.80 1.04 1.00 
160 1 0.75 1.00 0.82 1.03 
2 0.60 0.86 0.98 0.97 
3 0.55 0.75 1.07 0.91 
2.75 20 100 3 0.53 1.18 1.37 1.52 
130 3 0.59 0.82 1.07 1.03 
160 1 0.68 1.09 0.90 1.13 
2 0.57 0.91 1.03 1.02 
3 0.54 0.77 1.09 0.92 
2.75 25 100 3 0.45 1.40 1.58 1.71 
130 3 0.51 0.94 1.22 1.16 
160 1 0.59 1.27 1.04 1.31 
2 0.55 0.94 1.07 1.06 
3 0.52 0.80 1.13 0.96 
3.25 25 160 1 0.55 1.36 1.12 1.41 
2 0.53 0.98 1.12 1.11 
3 0.49 0.84 1.19 1.00 
(1) Values in bold italic font indicate specimens in which the failure is dominated by lateral bending. 
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Table B.1.3. Ultimate shear strengths for specimens with 
Lb/R = 0.075 and target f,/fb = 0.35. 
D/bf bf/tf D/tw d0/D Vn(FEA) /V p 
Current AASHTO 
FEA 




2.25 25 100 3 0.76 0.83 0.96 1.06 
130 3 0.61 0.79 1.03 0.99 
160 1 0.77 0.98 0.80 1.01 
2 0.58 0.90 1.03 1.01 
3 0.53 0.78 1.10 0.93 
2.75 15 100 3 0.78 0.80 0.95 1.07 
130 3 0.61 0.79 1.03 0.99 
160 1 0.83 0.90 0.74 0.93 
2 0.61 0.85 0.96 0.96 
3 0.56 0.75 1.05 0.89 
2.75 20 100 3 0.75 0.85 0.98 1.09 
130 3 0.59 0.82 1.07 1.03 
160 1 0.77 0.97 0.80 1.01 
2 0.57 0.91 1.03 1.02 
3 0.55 0.76 1.07 0.90 
2.75 25 100 3 0.72 0.88 0.99 1.07 
130 3 0.57 0.86 1.11 1.06 
160 1 0.74 1.00 0.83 1.04 
2 0.54 0.96 1.09 1.08 
3 0.51 0.82 1.15 0.97 
3.25 25 160 1 0.74 1.02 0.84 1.05 
2 0.52 1.00 1.13 1.12 
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Table B.1.4. Ultimate shear strengths for specimens with 
Lb/R = 0.075 and target f̂ /fb = 0.50. 
D/bf bf/tf D/tw do/D Vn(FEA) /V p 
Current AASHTO 
FEA 




2.25 25 100 3 0.76 0.83 0.96 1.06 
130 3 0.61 0.79 1.03 0.99 
160 1 0.76 0.98 0.81 1.02 
2 0.57 0.92 1.06 1.04 
3 0.52 0.79 1.11 0.94 
2.75 15 100 3 0.78 0.80 0.95 1.07 
130 3 0.60 0.80 1.05 1.01 
160 1 0.82 0.91 0.75 0.94 
2 0.60 0.87 0.99 0.98 
3 0.54 0.76 1.08 0.91 
2.75 20 100 3 0.73 0.86 1.00 1.11 
130 3 0.58 0.83 1.08 1.04 
160 1 0.76 0.98 0.81 1.02 
2 0.56 0.93 1.06 1.05 
3 0.53 0.78 1.10 0.93 
2.75 25 100 3 0.72 0.88 0.99 1.07 
130 3 0.56 0.86 1.11 1.06 
160 1 0.74 1.02 0.84 1.05 
2 0.54 0.96 1.09 1.08 
3 0.50 0.82 1.16 0.98 
3.25 25 160 1 0.71 1.05 0.87 1.09 
2 0.52 1.00 1.14 1.13 
3 0.48 0.85 1.21 1.02 
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Table B.1.5. Ultimate shear strengths for specimens with 
Lb/R = 0.1 and target f̂ /fb = 0.35. 
D/bf bf/tf D/tw do/D Vn(FEA) /V p 
Current AASHTO 
FEA 




2.25 25 100 3 0.76 0.83 0.96 1.06 
130 3 0.61 0.79 1.03 0.99 
160 1 0.76 0.98 0.81 1.01 
2 0.57 0.91 1.04 1.02 
3 0.53 0.79 1.11 0.94 
2.75 15 100 2 0.80 0.91 0.94 1.11 
130 2 0.62 0.95 1.03 1.11 
160 1 0.83 0.90 0.74 0.93 
2 0.61 0.86 0.97 0.96 
2.75 20 100 2 0.76 0.95 0.99 1.15 
130 2 0.60 0.98 1.06 1.14 
160 1 0.77 0.98 0.80 1.01 
2 0.56 0.94 1.06 1.06 
2.75 25 100 2 0.73 1.00 1.00 1.15 
130 2 0.59 1.00 1.09 1.16 
160 1 0.74 1.00 0.83 1.04 
2 0.54 0.97 1.11 1.09 
3.25 25 160 1 0.73 1.03 0.85 1.06 
2 0.52 1.00 1.13 1.12 
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Table B.1.6. Ultimate shear strengths for specimens with 
Lb/R = 0.1 and target f,/fb = 0.50. 
D/bf bf/tf D/tw d0/D Vn(FEA) /V p 
Current AASHTO 
FEA 




2.25 25 100 3 0.75 0.84 0.97 1.08 
130 3 0.60 0.81 1.05 1.01 
160 1 0.75 0.99 0.82 1.03 
2 0.57 0.92 1.06 1.04 
3 0.52 0.79 1.13 0.95 
2.75 15 100 3 0.78 0.81 0.96 1.07 
130 3 0.60 0.81 1.06 1.02 
160 1 0.81 0.92 0.76 0.95 
2 0.59 0.88 1.00 0.99 
3 0.54 0.76 1.08 0.91 
2.75 20 100 3 0.73 0.87 1.01 1.12 
130 3 0.57 0.85 1.11 1.06 
160 1 0.75 0.99 0.82 1.03 
2 0.55 0.95 1.08 1.07 
3 0.52 0.79 1.12 0.95 
2.75 25 100 3 0.71 0.88 0.99 1.07 
130 3 0.56 0.86 1.12 1.07 
160 1 0.72 1.03 0.85 1.07 
2 0.53 0.99 1.12 1.11 
3 0.48 0.85 1.21 1.02 
3.25 25 160 1 0.69 1.09 0.90 1.12 
2 0.50' 1.04 1.18 1.16 
3 0.46 0.90 1.27 1.07 
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B.2 ELASTIC SHEAR BUCKLING STRENGTH 
Table B.2.1. Elastic shear buckling strengths for specimens with 
Lb/R = 0.05 and target f,/fb = 0.35. 
D/bf bf/tf D/tw do/D Vcr(FEA) /V p 
Current AASHTO 
FEA 
Lee and Yoo 
FEA 
2.25 25 100 3 0.72 0.68 1.04 
130 3 0.46 0.63 1.02 
160 1 0.43 0.80 0.97 
2 0.33 0.65 1.00 
3 0.32 0.61 0.98 
2.75 15 100 3 0.76 0.64 1.04 
130 3 0.47 0.62 0.99 
160 1 0.44 0.78 0.95 
2 0.34 0.64 0.98 
3 0.32 0.60 0.97 
2.75 20 100 3 0.72 0.68 1.06 
130 3 0.46 0.63 1.02 
160 1 0.44 0.79 0.96 
2 0.33 0.65 1.00 
3 0.31 0.61 0.98 
2.75 25 100 3 0.66 0.74 1.05 
130 3 0.44 0.65 1.03 
160 1 0.42 0.81 0.99 
2 0.32 0.67 1.03 
3 0.30 0.63 1.02 
3.25 25 160 1 0.42 . 0.83 1.01 
2 0.31 0.69 1.05 
3 0.29 0.66 1.05 
Table B.2.2. Elastic shear buckling strengths for specimens with 
Lb/R = 0.05 and target f,/fb = 0.50. 
D/bf bf/tf D/tw do/D Vcr(FEA) /V p 
Current AASHTO 
FEA 
Lee and Yoo 
FEA 
2.25 25 100 3 0.7(fx) 0.71 1.08 
130 3 0.46 0.63 1.02 
160 1 0.38 0.91 1.11 
2 0.31 0.69 1.06 
3 0.30 0.64 1.03 
2.75 15 100 3 0J4 0.66 1.07 
130 3 0.46 0.63 1.01 
160 1 0.42 0.82 0.99 
2 0.32 0.67 1.02 
3 0.31 0.61 0.98 
2.75 20 100 3 0.67 0.73 1.13 
130 3 0.44 0.66 1.06 
160 1 0.40 0.87 1.05 
2 0.32 0.67 1.03 
3 0.30 0.63 1.02 
2.75 25 100 3 0.58 0.85 1.20 
130 3 0.41 0.71 1.11 
160 1 0.37 0.93 1.13 
2 0.30 0.72 1.10 
3 0.29 0.66 1.06 
3.25 25 160 1 0.36 0.96 1.17 
2 0.29 0.75 1.14 
3 0.28 0.69 1.09 
( ' The values in bold italic font correspond to specimens in which the failure is dominated by 
lateral-torsional buckling. 
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Table B.2.3. Elastic shear buckling strengths for specimens with 
U/R = 0.075 and target f̂ /fb = 0.35. 
D/bf bf/tf D/tw do/D V(:r(FEA) / V p 
Current AASHTO 
FEA 
Lee and Yoo 
FEA 
2.25 25 100 3 0.75 0.65 0.99 
130 3 0.48 0.61 0.98 
160 1 0.46 0.75 0.91 
2 0.35 0.62 0.95 
3 0.33 0.59 0.95 
2.75 15 100 3 0.78 0.63 1.02 
130 3 0.48 0.60 0.97 
160 1 0.48 0.72 0.88 
2 0.35 0.62 0.95 
3 0.33 0.58 0.93 
2.75 20 100 3 0.73 0.67 1.03 
130 3 0.47 0.62 1.00 
160 1 0.45 0.76 0.92 
2 0.34 0.63 0.97 
3 0.33 0.59 0.94 
2.75 25 100 3 0.69 0.71 1.01 
130 3 0.45 0.65 1.02 
160 1 0.45 0.77 0.93 
2 0.34 0.64 0.99 
3 0.31 0.61 0.98 
3.25 25 160 1 0.44 0.79 0.96 
2 0.33 0.66 1.01 
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Table B.2.4. Elastic shear biiickling strengths for specimens with 
Lb/R = 0.075 and target f,/fb = 0.50. 
D/bf bf/tf D/tw do/D Vcr(FEA) /V p 
Current AASHTO 
FEA 
Lee and Yoo 
FEA 
2.25 25 100 3 0.74 0.66 1.01 
130 3 0.47 0.61 0.98 
160 1 0.44 0.78 0.95 
2 0.33 0.65 0.99 
3 0.32 0.59 0.95 
2.75 15 100 3 0.77 0.63 1.02 
130 3 0.48 0.61 0.98 
160 1 0.46 0.75 0.91 
2 0.34 0.63 0.96 
3 0.32 0.59 0.95 
2.75 20 100 3 0.73 0.67 1.04 
130 3 0.46 0.63 1.01 
160 1 0.45 0.77 0.93 
2 0.33 0.64 0.99 
3 0.32 0.60 0.97 
2.75 25 100 3 0.67 0.73 1.03 
130 3 0.44 0.66 1.03 
160 1 0.43 0.79 0.97 
2 0.32 0.66 1.02 
3 0.31 0.62 1.00 
3.25 25 160 1 0.41 0.83 1.01 
2 0.33 0.66 1.01 
3 0.29 0.66 1.06 
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Table B.2.5. Elastic shear buckling strengths for specimens with 
Lb/R = 0.1 and target f, /ffb = 0.35. 
D/bf bf/tf D/U d0/D Vcr(FEA) /V p 
Current AASHTO 
FEA 
Lee and Yoo 
FEA 
2.25 25 100 3 0.75 0.65 0.99 
130 3 0.48 0.61 0.97 
160 1 0.47 0.73 0.88 
2 0.36 0.60 0.92 
3 0.33 0.58 0.93 
2.75 15 100 2 0.82 0.67 1.02 
130 2 0.52 0.63 0.95 
160 1 0.50 0.69 0.84 
2 0.37 0.59 0.90 
2.75 20 100 2 0.79 0.70 1.02 
130 2 0.51 0.64 0.97 
160 1 0.49 0.70 0.85 
2 0.36 0.60 0.92 
2.75 25 100 2 0.76 0.73 0.98 
130 2 0.50 0.65 0.97 
160 1 0.47 0.73 0.89 
2 0.36 0.61 0.93 
3.25 25 160 1 0.46 0.75 0.92 
2 0.34 0.63 0.96 
Table B.2.6. Elastic shear buckling strengths for specimens with 
Lb/R = 0.1 and target f, /fb = 0.50. 
D/bf bf/tf D/U d0/D VCr(FEA) / V p 
Current AASHTO 
FEA 
Lee and Yoo 
FEA 
2.25 25 100 3 0.74 0.66 1.01 
130 3 0.49 0.60 0.95 
160 1 0.45 0.77 0.93 
2 0.35 0.62 0.95 
3 0.32 0.59 0.96 
2.75 15 100 3 0.78 0.63 1.02 
130 3 0.48 0.60 0.97 
160 1 0.47 0.74 0.90 
2 0.35 0.61 0.93 
3 0.33 0.58 0.93 
2.75 20 100 3 0.74 0.66 1.03 
130 3 0.47 0.62 0.99 
160 1 0.46 0.75 0.91 
2 0.34 0.63 0.96 
3 0.33 0.58 0.93 
2.75 25 100 3 0.69 0.71 1.00 
130 3 0.45 0.64 1.00 
160 1 0.44 0.78 0.95 
2 0.34 0.63 0.97 
3 0.32 0.60 0.96 
3.25 25 160 1 0.43 0.81 0.98 
2 0.33 0.66 1.00 
3 0.31 0.62 1.00 
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B.3 POST-BUCKLING STRENGTH 
Table B.3.1. VPB / (Vp - Vcr) = (Vn - Vcr) / (Vp - Vcr) from finite element analysis' 
Specimens D/tw do/D Target f,/fb = 0.35 Target f̂ /fb = 0.50 
Lb/R Lb/R 
0.05 0.075 0.10 0.05 0.075 0.10 
D/bf = 2.25 
bf/tf = 25 
100 3 0.18 0.03 0.02 -0.81™ 0.09 0.04 
130 3 0.29 0.26 0.25 0.13 0.26 0.22 
160 1 0.60 0.57 0.55 0.36 0.57 0.55 
2 0.38 0.35 0.34 0.37 0.35 0.34 
3 0.32 0.30 0.29 0.33 0.30 0.29 
D/bf = 2.75 
bf/tf = 15 
100 2 NA(3) NA -0.15 NA NA NA 
3 0.11 0.04 NA -0.33 0.04 0.00 
130 2 NA NA 0.20 NA NA NA 
3 0.28 0.25 NA 0.27 0.24 0.22 
160 1 0.71 0.68 0.66 0.57 0.66 0.64 
2 0.43 0.40 0.38 0.41 0.39 0.37 
3 0.36 0.33 NA(4) 0.34 0.32 0.31 
D/bf = 2.75 
bf/tf =20 
100 2 NA NA -0.17 NA NA NA 
3 0.11 0.05 NA -0.41 0.03 -0.04 
130 2 NA NA 0.18 NA NA NA 
3 0.25 0.23 NA 0.26 0.23 0.19 
160 1 0.59 0.58 0.54 0.48 0.57 0.54 
2 0.37 0.35 0.31 0.37 0.34 0.31 
3 0.34 0.33 NA 0.34 0.31 0.29 
D/bf = 2.75 
bf/tf =25 
100 2 NA NA -0.14 NA NA NA 
3 0.18 0.10 NA -0.31 0.15 0.08 
130 2 NA NA 0.17 NA NA NA 
3 0.25 0.22 NA 0.18 0.22 0.20 
160 1 0.56 0.54 0.52 0.35 0.53 0.50 
2 0.36 0.31 0.28 0.36 0.32 0.28 
3 0.32 0.28 NA 0.32 0.28 0.24 
D/bf =3.25 
bf/tf =25 
160 1 0.55 0.53 0.50 0.29 0.51 0.45 
2 0.35 0.29 0.27 0.34 0.28 0.26 
3 0.31 NA NA 0.30 0.27 0.22 
( ' Unreduced value specified by Lee and Yoo (1998) is 0.4; values predicted by AASHTO and 
modified AASHTO are 0.615 (do/D = 1), 0.389 (do/D = 2) and 0.275 (do/D = 3)). 
(2) Values in bold italic font indicate specimens that fail by lateral bending. 
(3) Only the specimens with Lb/R = 0.10 and target f,/fb = 0.35 have do/D = 2 for D/tw = 100 and 130. 
(4) NA for Lb/R = 0.10 and target f( /fb = 0.35, since Lb/D < 3. 
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Table B.3.2. (V„ - Vcr) / Vp from design equations and from FEA for target 
f/fb = 0.35. 








Lb/R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
D/bf = 2.25 
bf/tf = 25 
100 3 0.14 0.07 -0.02 0.05 0.01 0.01 
130 3 0.20 0.15 0.17 0.16 0.14 0.13 
160 1 0.40 0.36 0.20 0.34 0.30 0.29 
2 0.30 0.26 0.26 0.25 0.23 0.22 
3 0.22 0.19 0.28 0.22 0.20 0.20 
D/bf = 2.75 
bf/tf = 15 
100 2 0.18 0.07 -0.06 NA(1) NA -0.03 
3 0.14 0.06 -0.04 0.03 0.01 NA 
130 2 0.26 0.20 0.14 NA NA 0.10 
3 0.20 0.15 0.17 0.15 0.13 NA 
160 1 0.40 0.36 0.20 0.40 0.36 0.33 
2 0.30 0.26 0.26 0.28 0.26 0.24 
3 0.22 0.19 0.28 0.24 0.22 NA(2) 
D/bf = 2.75 
bf/tf=20 
100 2 0.18 0.08 -0.06 NA NA -0.03 
3 0.14 0.07 -0.02 0.03 0.01 NA 
130 2 0.26 0.20 0.14 NA NA 0.09 
3 0.20 0.15 0.17 0.13 0.12 NA 
160 1 0.40 0.36 0.20 0.33 0.31 0.27 
2 0.30 0.26 0.26 0.25 0.23 0.20 
3 0.22 0.19 0.28 0.24 0.22 NA 
D/bf = 2.75 
bf/tf =25 
100 2 0.18 0.10 -0.01 NA NA -0.03 
3 0.14 0.09 0.02 0.06 0.03 NA 
130 2 0.26 0.20 0.15 NA NA 0.09 
3 0.20 0.15 0.17 0.14 0.12 NA 
160 1 0.40 0.36 0.20 0.32 0.29 0.27 
2 0.30 0.26 0.26 0.24 0.21 0.18 
3 0.22 0.19 0.28 0.22 0.19 NA 
D/bf= 3.25 
bf/tf =25 
160 1 0.40 0.36 0.20 0.32 0.30 0.27 
2 0.30 0.26 0.27 0.24 0.20 0.18 
3 0.22 0.19 0.28 0.22 NA NA 
Only the specimens with Lb/R = 0.10 and target f,/fb = 0.35 have do/D = 2 for D/tw = 100 and 130. 
NA for Lb/R = 0.10 and target f,/fb = 0.35, since Lb/D < 3. 
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Table B.3.3. (V„ - Vcr) / V,, from design equations and from FEA for target 
f/fb = 0.50. 








Lb/R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
D/bf = 2.25 
bf/t f=25 
100 3 0.14 0.07 -0.02 -0.24^ 0.02 0.01 
130 3 0.20 0.15 0.17 0.07 0.14 0.12 
160 1 0.40 0.36 0.20 0.22 0.32 0.30 
2 0.30 0.26 0.26 0.26 0.23 0.22 
3 0.22 0.19 0.28 0.23 0.20 0.20 
D/bf = 2.75 
bf/tf = 15 
100 3 0.14 0.06 -0.04 -0.09 0.01 0.00 
130 3 0.20 0.15 0.17 0.15 0.12 0.12 
160 1 0.40 0.36 0.2 0.33 0.36 0.35 
2 0.30 0.26 0.26 0.28 0.26 0.24 
3 0.22 0.19 0.28 0.23 0.22 0.21 
D/bf = 2.75 
bf/tf = 2 0 
100 3 0.14 0.07 -0.02 -0.14 0.01 -0.01 
130 3 0.20 0.15 0.17 0.15 0.12 0.10 
160 1 0.40 0.36 0.20 0.29 0.31 0.29 
2 0.30 0.26 0.26 0.25 0.22 0.20 
3 0.22 0.19 0.28 0.23 0.21 0.19 
D/bf = 2.75 
bf/tf = 2 5 
100 3 0.14 0.09 0.02 -0.13 0.05 0.02 
130 3 0.20 0.15 0.17 0.11 0.12 0.11 
160 1 0.40 0.36 0.20 0.22 0.30 0.28 
2 0.30 0.26 0.26 0.25 0.22 0.19 
3 0.22 0.19 0.28 0.23 0.19 0.16 
D/b f= 3.25 
bf/tf = 2 5 
160 1 0.40 0.36 0.20 0.19 0.30 0.26 
2 0.30 0.26 0.27 0.24 0.19 0.18 
3 0.22 0.19 0.28 0.22 0.19 0.15 
(1) Values in bold italic font indicate specimens in which the failure is dominated by lateral bending. 
B.4 UNSYMMETRIC GIRDERS 
Table B.4.1. Ultimate shear strengths for unsymmetric girders, D/bfC = 2.75 and 
bf/tf = 25 (tension flange size is increased). 
Lb/R Target 
f</fb 
D/tw do/D Vn(FEA) /V p Current AASHTO 
FEA 





0.35 130 3 0.59 0.82 1.06 1.03 
0.50 130 3 0.53 0.92 1.18 1.15 
0.10 
0.35 130 2 0.63 0.93 1.02 1.09 
0.50 130 3 0.57 0.85 1.10 1.06 
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Table B.4.2. Ultimate shear strengths for unsymmetric girders, D/bfc = 4.77 and 




D/tw d0/D Vn(FEA) /V p 
Current AASHTO 
FEA 





0.35 160 2 0.52 1.00 1.14 1.13 
0.50 160 3 0.50 0.83 1.18 0.99 
0.10 
0.35 160 1 0.75 1.00 0.82 1.03 
0.50 160 1.5 0.58 1.05 1.03 1.14 
Table B.4.3. Elastic shear buckling strengths for unsymmetric girders, D/bfC = 2.75 




D/tw do/D Vcr(FEA)/Vp 
Current AASHTO 
FEA 
Lee and Yoo 
FEA 
0.05 
0.35 130 3 0.48 0.61 0.98 
0.50 130 3 0.41 0.70 1.13 
0.10 
0.35 130 2 0.51 0.63 0.97 
0.50 130 3 0.45 0.63 1.03 
Table B.4.4. Elastic shear buckling strengths for unsymmetric girders, D/bfc = 4.77 




D/tw d0/D VCr(FEA) /V p 
Current AASHTO 
FEA 
Lee and Yoo 
FEA 
0.05 
0.35 160 2 0.31 0.70 1.07 
0.50 160 3 0.27 0.70 1.13 
0.10 
0.35 160 1 0.51 0.67 0.82 
0.50 160 1.5 0.41 0.61 0.87 
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APPENDIX C 
MOMENT-SHEAR INTERACTION DATA 
This appendix presents complete listings of the data values and key background data for 
the moment-shear interaction parametric studies discussed in Chapter IX. As noted 
previously, these studies involve uniform vertical bending, maximum V/M and high-moment 
high-shear loadings on the primary test suite of girders (see Sections 5.1 and 5.2). Also, in 
these studies, the elastic design analysis flange lateral bending stresses are obtained by use of 
a first-order open-walled section curved beam element (see Sections 3.1 and 3.6). 
Section C. 1 presents the uniform vertical bending data for the doubly symmetric I 
girders. The ratio of the flange first-order elastic lateral and vertical bending stresses f̂ /fb, 
obtained via the curved-beam analysis, is reported for each of the tests. Also, the ratio of this 
f,/fb to the corresponding second-order elastic values, obtained from the shell finite element 
models and reported in Appendix A, is listed. The first-order elastic beam theory 
underestimates the second-order elastic shell finite element predictions by as much as 31 
percent (see Table C.1.4), and as is expected, the beam theory based solutions generally tend 
to under predict the shell finite element based elastic stresses. However, for some of the 
girders analyzed, the beam finite element analysis gives f̂ /fb values that are larger than 
obtained by the elastic second-order shell finite element solutions. In one case, the beam 
solution gives an f̂ /ft value that is 38 percent higher than the corresponding shell solution 
(see Table C. 1.5). Nevertheless, the maximum change in the ratio of the uniform vertical 
bending capacity to the strength predicted by the one-third rule equations, compared to the 
values calculated using second-order elastic shell finite element analysis, is + four percent 
(see the last column in Tables C. 1.1 through C. 1.5). This is due to the insensitivity of the 
one-third rule equations to approximations in the flange lateral bending stresses. It is 
expected that the over predictions by the beam theory for some of the girders may be due to a 
combination of: 
• The simplified procedure utilized to calculate the flange elastic lateral and vertical 
bending stresses from the shell finite element models (see Section 3.6), and 
• As discussed in Section 3.1, the shell finite element meshes are essentially twice as dense 
as required for convergence of the maximum load prediction in the full nonlinear shell 
finite element solutions. However, convergence of the elastic stresses at the maximum 
moment locations was not verified. Some additional mesh refinement may be necessary 
for accurate prediction of the maximum elastic stresses in some of the girders. 
In addition to the data values discussed above, the ratio of the uniform vertical bending 
capacity to the cross-section yield moment, MpEA/My, is also presented. This information is 
repeated from the corresponding tables in Appendix A for convenience of reference. Finally, 
the ratio of the uniform vertical bending capacity (obtained from full nonlinear shell finite 
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element analysis) to the vertical bending strength estimate per the one-third rule equations, 
using the first-order fj/fb values obtained from beam theory (MFEA/M(I/3 mie)), are presented in 
the tables of Section C. 1 (see the next to last column of Tables C. 1.1 through C. 1.5). The 
inverse of these values is generally a close estimate the "1/3 Rule/FEA" values reported in 
Section A. 1.3. 
Section C.2 presents the moment-shear interaction plot data from the maximum V/M 
tests of the symmetric I girders. Again, the first-order elastic f̂ /fb values are reported. These 
values are utilized for calculation of Mn(i/3 mie) per equations (2-90), and the corresponding 
values of MFEA/Mn(i/3ruie) are provided in the tables of this section, where MFEA is the 
maximum moment within the test unsupported length at the girder capacity in the maximum 
V/M tests. The ratio MFEA/MY is also reported. Finally, three normalized values of the web 
shear force at the girder capacity in the maximum V/M tests are listed: 
• VFEA/VP, where VFEA is the shear at the girder capacity in the full nonlinear analysis and 
Vp is the web plastic strength per Eq. (2-95d), 
• VFEA/Vn(AASHTO), where Vn(AASHTO) is the AASHTO LRFD (2001) shear strength, 
including tension field action (see Section 2.2.4). 
As noted in Sections 8.1.1 and 9.1, the failure mode is dominated by lateral bending in eleven 
of the maximum V/M tests. These tests are highlighted by bold italic font in the tables of 
Section C.2. 
Section C.3 presents the high-moment high-shear data for the moment-shear interaction 
parametric study. The tables in this section present the same information as those in Section 
C.2 along with the load parameter a and the ratio of the smaller to the larger end moments 
within the test length M3/M2 (see Section 5.3 for a description of the loading arrangement 
and associated moment and shear diagrams in these tests). As discussed in Section 5.5, 
some of the primary test suite girders have unsupported lengths that are large enough such 
that the desired distance from the maximum moment location to the inflection point, Mmax/V 
= Mn(FEA)/0.8Vn(FEA) is smaller than Lb/2, where Mn(FEA) is the uniform vertical bending 
flexural capacity and Vn(FEA) is the maximum V/M test shear capacity in the primary test 
suite. Of course, this is not physically possible. Also, in some of the girders 
Mn(FEA)/0.8Vn(FEA)Lb is smaller than 0.55, such that the desired high-moment high-shear 
loading is very similar to that utilized in the corresponding maximum V/M test. Therefore, 
as explained in Section 5.5, additional high-shear high-moment tests are not conducted for 
these girders. 
Ten of the eleven girders that fail by dominant lateral bending in the maximum V/M tests 
also have Mn(FEA)/0.8Vn(FEA) < 0.55. The additional girder that failed in lateral bending in the 
maximum V/M test is indicated in Table C.3.2. 
In several of the high-moment high-shear tests, significant distortion occurs within the 
web panel outside of the test length at the maximum moment location, and the maximum 
capacities are reached at load levels significantly smaller than expected based on the 
prediction equations. In several of these cases, the web bearing stiffener also exhibits 
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significant distortion at the capacity of the girder. These girders are not considered in the 
assessment of the moment-shear interaction strengths (see Tables C.3.2 and C.3.3). In one 
set of these tests, the girders with D/bf = 2.75, bf/tf = 15, W R = 0.10 and target f̂ /fb = 0.35, 
the length of the test segment Lb is only 2D. It is observed that the effect of transverse patch 
loadings on the behavior of thin webs in curved I girders deserves further study. However, 
this issue is outside of the scope of this research effort. 
Finally, the analyses of four of the high-moment high-shear tests are inadvertently 
omitted within the moment-shear interaction study. Timing of the preparation of the final 
report was not sufficient to allow these tests to be included. The authors intend to complete 
these analyses at a later time. Nevertheless, the results from these analyses are not expected 
to influence the overall conclusions from the moment-shear interaction parametric study. 
Also, as noted in Chapter IX, the a values for some of the tests differ from the values 
associated with Mmax/V = Mn(FEA)/0.8Vn(FEA)- In one of the tests, the resulting analysis is 
more of a high-shear low-moment test than high-shear high-moment. However, in all the 
other cases, the loading is still effectively high-shear high-moment. The tests that differ from 
the targeted a values are marked in the tables. 
There is one trend in the data in Tables C.3.1 through C.3.5 that is in many cases opposite 
from the expected strength behavior, and opposite from the trends observed in the uniform 
vertical bending and maximum V/M tests. In many cases, the bending strength MpEA/My 
increases with increasing panel aspect ratio d0/D. The only logical explanation of this trend 
that the authors have been able to arrive at is that there may be some interaction between the 
anchorage of the web tension field and the compression flange lateral and local stability. 
Further detailed studies are needed to better understand the underlying mechanisms 
associated with this behavior. Nevertheless, a key characteristic of all the high-moment 
high-shear flexural strengths is that in all cases, they are greater than the corresponding 
uniform vertical bending strengths (although in a significant number of cases, the high-shear 
high-moment and uniform vertical bending strengths are approximately the same). 
Section C.4 shows data for the unsymmetric girders. This data parallels that shown for 
the symmetric girders in Sections C.l through C.3. Also, since the shape factor of the 
monosyrnmetric girders is significantly larger than that of the doubly symmetric ones, the 
ratio MFEA/MP is listed in the tables of this section. It can be observed from Tables C.4.3 and 
C.4.4 that the monosyrnmetric girder with D/bfc = 2.75, bf/tf = 25 and 2Dc/tw = 169 has an 
Mn(FEA)/0.8Vn(FEA) < 0.55 for the case of Lb/R = 0.05 and target f̂ /fb = 0.5. Therefore, only 
seven of the eight unsymmetric girders are analyzed with the high-moment high-shear 
loading. Actually, from the values of MraA/My = 0.99 and MFEA/Mn(i/3 raie) =1.35 shown for 
this girder in Table C.4.2, it is clear that the maximum V/M test of this girder is effectively a 
high-moment high-shear test. It is interesting to note that the ratio of the first-order beam 
theory based f̂ /fb to the second-order elastic f̂ /fb from the shell finite element analysis is 
generally rather small in the uniform vertical bending studies of these girders, with an 
average value of 0.70, a high value of 0.81 and a low of 0.61 (see Table C.4.1). However, 
the maximum effect on the ratio MFEA/M,!(I/3 mie) is
 only five percent. 
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Section C.5 presents moment-shear interaction strength plots for the doubly symmetric 
girders, normalized by the nominal design strengths Mn(i/3 rule), Vn(AASHTO), and Vn(modified 
AASHTO) and in which the data is grouped by cross-section profile. Strength plots in which the 
data is grouped by Lt/R and target f, 1% are presented in Chapter IX. Comparison of the 
plots for the different cross-section profiles reveals some interesting trends. It can be 
observed that the shear strengths attained in the maximum V/M tests tend to be largest for the 
cross-sections with D/bf = 2.25 and bf/tf = 25. These cross-sections have the smallest ratio of 
the area of the web to the area of the flanges Aw/Af. The smallest shear strengths tend to be 
obtained for the cross-sections with D/bf = 3.25 and bf/tf = 25. These cross-sections have the 
largest Aw/Af of the sections considered in the parametric study for a given D/tw. It can be 
observed that a significant degree of the overall scatter in the shear strength predictions by 
the AASHTO or modified AASHTO equations is due to the fact that neither of these 
formulas accounts for the different contributions to the shear strength from different size 
flanges. By comparing the figures in this section based on V^AASHTO) to those based on 
Vn(modified AASHTO), the reduced scatter in the shear strength predictions with the modified 
AASHTO equations is particularly evident., 
Lastly, based on the figures in Section C.5, it can be observed that for the high-shear 
high-moment loading cases, the smallest ratios of M/Mn(i/3 rule) are obtained with the cross-
sections having D/bfc = 2.75 and bf/tf = 15 and 20 (see Figs. C.5.3 through C.5.6). Also, if 
one studies the plots in Figs. 9.1.2, 9.1.4, 9.1.6, 9.1.8, 9.1.10 and 9.1.12, it can be concluded 
that the smallest ratios of M/Mn(i/3 rule) occur also for the cases with the smallest target fj% 
values. In other words, the largest degradation in the flexural strengths due to high shear 
appears for the cases in which the most plasticity is required in developing the flexural 
strengths, and in which the flange lateral bending moments are the smallest. More slender 
cross-sections with larger flange lateral bending moments appear to exhibit less degradation 
in the strength due to high shear. Nevertheless, the beneficial effects of moment gradient, 
lateral restraint at the maximum moment location, and smaller flange lateral bending 
moments for the high-moment high-shear relative to the uniform vertical bending load cases 
actually causes all of the high-moment high-shear flexural strengths to be greater than the 
corresponding flexural strength in uniform vertical bending. 
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C.l UNIFORM VERTICAL BENDING DATA, SYMMETRIC GIRDERS 




















0.05 0.35 100 3 0.305 1.00 0.90 1.14 1.00 
130 3 0.293 0.99 0.88 1.13 1.00 
160 1 0.286 0.98 0.88 1.17 1.00 
2 0.286 0.97 0.87 1.16 1.00 
3 0.286 0.93 0.85 1.13 1.01 
0.50 100 3 0.483 0.97 0.73 1.03 1.00 
130 3 0.465 0.97 0.72 0.99 1.00 
160 1 0.453 0.98 0.73 1.02 1.00 
2 0.453 0.98 0.71 0.99 1.00 
3 0.453 0.97 0.71 0.99 1.00 
0.075 0.35 100 3 0.367 1.13 0.89 1.15 0.99 
130 3 0.353 1.14 0.86 1.13 0.99 
160 1 0.344 1.15 0.86 1.16 0.99 
2 0.344 1.06 0.83 1.12 0.99 
3 0.344 0.97 0.82 1.11 1.00 
0.50 100 3 0.455 1.08 0.84 1.11 0.99 
130 3 0.438 1.08 0.83 1.12 0.99 
160 1 0.427 1.07 0.83 1.15 0.99 
2 0.427 1.07 0.81 1.12 0.99 
3 0.427 1.01 0.80 1.11 1.00 
0.10 0.35 100 3 0.364 0.87 0.86 1.11 1.02 
130 3 0.350 0.84 0.83 1.09 1.02 
160 1 0.341 0.95 0.85 1.15 1.01 
2 0.341 0.87 0.81 1.09 1.02 
3 0.341 0.84 0.81 1.09 1.02 
0.50 100 3 0.489 0.94 0.84 1.12 1.01 
130 3 0.471 0.90 0.81 1.10 1.01 
160 1 0.459 1.02 0.81 1.13 1.00 
2 0.459 0.93 0.80 1.12 1.01 
3 0.459 0.88 0.79 1.10 1.02 
Average 0.98 1.10 1.00 
Standard Deviation 0.084 0.050 0.010 
High 0.489 1.15 0.90 1.17 1.02 
Low 0.286 0.84 0.71 0.99 0.99 





















0.05 0.35 100 3 0.289 0.98 0.95 1.04 1.00 
130 3 0.279 0.97 0.92 1.01 1.00 
160 1 0.273 1.04 0.93 1.02 1.00 
2 0.273 0.99 0.92 1.01 1.00 
3 0.273 0.97 0.90 0.99 1.00 
0.50 100 3 0.427 0.99 0.85 1.12 1.00 
130 3 0.412 1.00 0.83 1.08 1.00 
160 1 0.403 1.03 0.84 1.09 1.00 
2 0.403 1.01 0.84 1.09 1.00 
3 0.403 0.99 0.82 1.07 1.00 
0.075 0.35 100 3 0.328 0.98 0.93 1.03 1.00 
130 3 0.317 0.96 0.92 1.02 1.00 
160 1 0.310 1.14 0.90 1.00 0.99 
2 0.310 1.10 0.89 0.99 0.99 
3 0.310 0.97 0.88 0.98 1.00 
0.50 100 3 0.434 1.14 0.92 1.05 0.98 
130 3 0.419 1.11 0.90 1.03 0.99 
160 1 0.410 1.15 0.91 1.04 0.98 
2 0.410 1.14 0.88 1.01 0.98 
3 0.410 1.10 0.87 1.00 0.99 
0.10 0.35 100 2 0.296 0.92 0.96 1.05 1.01 
130 2 0.286 0.95 0.92 1.01 1.00 
160 1 0.280 1.11 0.88 0.97 0.99 
2 0.280 0.98 0.87 0.96 1.00 
0.50 100 3 0.438 0.94 0.91 1.04 1.01 
130 3 ^0423 0.93 0.89 1.02 1.01 
160 1 ^ 4 1 3 1.07 0.88 1.01 0.99 
2 0.413 1.00 0.88 1.01 1.00 
3 r0413 0.94 0.87 1.00 1.01 
Average 1.02 1.03 1.00 
Standard Deviation 0.072 0.038 0.007 
High 0.438 1.15 0.96 1.12 1.01 
Low 0.273 0.92 0.82 0.96 0.98 












M F E A M F E A 
Ratio to 
M F E A 




My M n ( 1/3 rule) 
0.05 0.35 100 3 0.305 0.94 0.90 1.02 1.01 
130 3 0.292 0.90 0.88 1.00 1.01 
160 1 0.283 0.97 0.89 1.03 1.00 
2 0.283 0.92 0.89 1.03 1.01 
3 0.283 0.88 0.85 0.98 .1.01 
0.50 100 3 0.455 0.98 0.82 1.10 1.00 
130 3 0.435 0.95 0.82 1.08 1.01 
160 1 0.423 0.98 0.83 1.10 1.00 
2 0.423 0.97 0.81 1.07 1.00 
3 0.423 0.94 0.81 1.07 1.01 
0.075 0.35 100 3 0.345 0.93 0.93 1.07 1.01 
130 3 0.329 0.88 0.91 1.05 1.01 
160 1 0.320 1.10 0.90 1.05 0.99 
2 0.320 1.02 0.89 1.04 1.00 
3 0.320 0.86 0.88 1.03 1.02 
0.50 100 3 0.461 1.09 0.91 1.08 0.99 
130 3 0.440 1.05 0.89 1.06 0.99 
160 1 0.428 1.07 0.89 1.07 0.99 
2 0.428 1.05 0.88 1.06 0.99 
3 0.428 0.91 0.88 1.06 1.01 
0.10 0.35 100 2 0.309 0.82 0.92 1.05 1.02 
130 2 0.295 0.79 0.91 1.04 1.02 
160 1 0.287 0.86 0.91 1.05 1.01 
2 0.287 0.80 0.90 1.04 1.02 
0.50 100 3 0.460 0.90 0.88 1.05 1.01 
130 3 0.439 0.85 0.87 1.03 1.02 
160 1 0.426 0.97 0.87 1.05 1.00 
2 0.426 0.89 0.86 1.04 1.01 
3 0.426 0.84 0.85 1.02 1.02 
Average 0.94 1.05 1.01 
Standard Deviation 0.085 0.027 0.010 
High 0.461 1.10 0.93 1.10 1.02 
Low 0.283 0.79 0.81 0.98 0.99 
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M FEA M FEA 
Ratio to 
M FEA 




My M n ( 1/3 rule) 
0.05 0.35 100 3 0.320 0.93 0.88 1.12 1.01 
130 3 0.303 0.87 0.86 1.11 1.01 
160 1 0.293 0.90 0.88 1.18 1.01 
2 0.293 0.84 0.86 1.15 1.02 
3 0.293 0.82 0.85 1.14 1.02 
0.50 100 3 0.481 0.95 0.77 1.05 1.01 
130 3 0.456 0.93 0.75 1.01 1.01 
160 1 0.440 0.95 0.75 1.05 1.01 
2 0.440 0.92 0.74 1.03 1.01 
3 0.440 0.91 0.76 1.06 1.01 
0.075 0.35 100 3 0.361 0.97 0.84 1.08 1.00 
130 3 0.342 0.91 0.82 1.07 1.01 
160 1 0.330 1.14 0.83 1.12 0.99 
2 0.330 0.99 0.81 1.10 1.00 
3 0.330 0.88 0.79 1.07 1.01 
0.50 100 3 0.486 1.11 0.84 1.12 0.99 
130 3 0.460 1.11 0.82 1.11 0.99 
160 1 0.444 1.11 0.82 1.15 0.99 
2 0.444 1.01 0.80 1.12 1.00 
3 0.444 0.94 0.80 1.12 1.01 
0.10 0.35 100 2 0.322 0.78 0.89 1.13 1.03 
130 2 0.305 0.71 0.85 1.10 1.04 
160 1 0.294 0.75 0.82 1.10 1.03 
2 0.294 0.69 0.80 1.07 1.04 
0.50 100 3 0.481 0.88 0.82 1.09 1.02 
130 3 0.456 0.82 0.79 1.07 1.03 
160 1 0.439 0.91 0.80 1.12 1.01 
2 0.439 0.81 0.79 1.10 1.03 
3 0.439 0.78 0.78 1.09 1.03 
Average 0.91 1.10 1.01 
Standard Deviation 0.115 0.037 0.015 
High 0.486 1.14 0.89 1.18 1.04 
Low 0.293 0.69 0.74 1.01 0.99 





















0.05 0.35 160 1 0.277 0.80 0.83 1.11 1.02 
2 0.277 0.76 0.81 1.08 1.03 
3 0.277 0.75 0.78 1.04 1.03 
0.50 160 1 0.463 0.92 0.74 1.04 1.01 
2 0.463 0.91 0.74 1.04 1.01 
3 0.463 0.89 0.74 1.04 1.01 
0.075 0.35 160 1 0.342 1.19 0.80 1.09 0.98 
2 0.342 1.14 0.77 1.05 0.99 
0.50 160 1 0.414 1.09 0.80 1.11 0.99 
2 0.414 0.92 0.79 1.10 1.01 
3 0.414 0.92 0.77 1.07 1.01 
0.10 0.35 160 1 0.368 0.90 0.78 1.07 1.01 
2 0.368 0.86 0.75 1.03 1.02 
0.50 160 1 0.552 1.38 0.75 1.09 0.96 
2 0.552 1.26 0.73 1.06 0.97 
3 0.552 1.12 0.73 1.06 0.98 
Average 0.99 1.07 1.00 
Standard Deviation 0.184 0.026 0.021 
High 0.552 1.38 0.83 1.11 1.03 
Low 0.277 0.75 0.73 1.03 0.96 
C.2 MAXIMUM V/M DATA, SYMMETRIC GIRDERS 









M F E A ^FEA VFEA VFEA 
Mn(l/3rule) Vn(AASHTO) %(modAASHTO) 
0.05 0.35 100 3 0.144 1.17 1.40 0.77 1.21 0.95 
130 3 0.133 0.75 0.92 0.62 1.27 1.01 
160 1 0.159 0.78 1.00 0.77 1.03 1.00 
2 0.147 0.59 0.75 0.58 1.12 0.99 
3 0.135 0.54 0.69 0.53 1.29 1.08 
0.50 100 3w 0.374 1.10 1.43 0.45 0.72 0.56 
130 3 0.238 1.03 1.31 0.53 1.09 0.87 
160 1 0.315 0.97 1.31 0.60 0.80 0.77 
2 0.094 0.92 1.16 0.57 1.09 0.97 
3 0.080 0.86 1.07 0.53 1.28 1.07 
0.075 0.35 100 3 0.178 0.93 1.13 0.76 1.21 0.94 
130 3 0.164 0.60 0.74 0.61 1.26 1.01 
160 1 0.197 0.62 0.81 0.77 1.02 0.99 
2 0.181 0.47 0.61 0.58 1.11 0.99 
3 0.158 0.43 0.55 0.53 1.28 1.07 
0.50 100 3 0.215 1.16 1.42 0.76 1.20 0.94 
130 3 0.198 0.75 0.93 0.61 1.26 1.01 
160 1 0.238 0.77 1.01 0.76 1.02 0.98 
2 0.224 0.57 0.75 0.57 1.09 0.96 
3 0.192 0.53 0.69 0.52 1.27 1.06 
0.1.0 0.35 100 3 0.171 0.69 0.84 0.76 1.21 0.94 
130 3 0.157 0.45 0.55 0.61 1.26 1.01 
160 1 0.189 0.47 0.60 0.76 1.02 0.99 
2 0.175 0.35 0.45 0.58 1.10 0.98 
3 0.151 0.32 0.41 0.53 1.27 1.07 
0.50 100 3 0.241 0.91 1.13 0.75 1.19 0.93 
130 3 0.222 0.59 0.74 0.60 1.24 0.99 
160 1 0.267 0.61 0.81 0.75 1.01 0.97 
2 0.149 0.46 0.59 0.57 1.09 0.97 
3 0.215 0.42 0.55 0.52 1.25 1.05 
High 0.374 1.17 1.43 0.77 1.29 1.08 
Low 0.080 0.32 0.41 0.45 0.72 0.56 
Values in bold italic font indicate specimens in which the failure is dominated by lateral bending. 
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MFEA MFEA VFEA VFEA VFEA 
My Mn(l/3rule) Vn(AASHTO) Vn(modAASHTO) 
0.05 0.35 100 3 0.149 0.88 0.92 0.79 1.25 0.94 
130 3 0.142 0.55 0.57 0.62 1.27 1.02 
160 1 0.157 0.62 0.66 0.84 1.12 1.08 
2 0.148 0.46 0.49 0.62 1.19 1.06 
3 0.129 0.42 0.44 0.56 1.36 1.14 
0.50 100 5(D 0.265 1.09 1.18 0.65 1.03 0.78 
130 3 0.211 0.81 0.87 0.61 1.25 1.00 
160 1 0.257 0.83 0.91 0.75 1.00 0.97 
2 0.223 0.67 0.72 0.60 1.16 1.03 
3 0.196 0.60 0.65 0.55 1.32 1.10 
0.075 0.35 100 3 0.17 0.66 0.69 0.78 1.24 0.94 
130 3 0.162 0.41 0.43 0.61 1.26 1.01 
160 1 0.179 0.46 0.49 0.83 1.11 1.08 
2 0.173 0.34 0.36 0.61 1.18 1.05 
3 0.148 0.31 0.33 0.56 1.34 1.12 
0.50 100 3 0.225 0.87 0.94 0.78 1.24 0.94 
130 3 0.217 0.54 0.57 0.60 1.24 0.99 
160 1 0.241 0.60 0.66 0.82 1.10 1.06 
2 0.229 0.44 0.48 0.60 1.15 1.02 
3 0.202 0.40 0.43 0.54 1.31 1.09 
0.10 0.35 100 2 0.172 0.44 0.47 0.80 1.10 0.90 
130 2 0.173 0.28 0.29 0.62 1.06 0.90 
160 1 0.161 0.31 0.33 0.83 1.11 1.07 
2 0.153 0.22 0.24 0.61 1.17 1.04 
0.50 100 3 0.229 0.65 0.70 0.78 1.23 0.93 
130 3 0.221 0.40 0.43 0.60 1.23 0.98 
160 1 0.245 0.45 0.49 0.81 1.09 1.05 
2 0.234 0.33 0.36 0.59 1.14 1.01 
3 0.204 0.30 0.32 0.54 1.31 1.09 
High 0.265 1.09 1.18 0.84 1.36 1.14 
Low 0.129 0.22 0.24 0.54 1.00 0.78 
Values in bold italic font indicate specimens in which the failure is dominated by lateral bending. 
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MFEA MFEA VFEA VFEA VFEA 
My Mn(l/3rule) Vn(AASHTO) Vn(mod AASHTO) 
0.05 0.35 100 3 0.153 1.06 1.15 0.75 1.19 0.92 
130 3 0.143 0.67 0.73 0.59 1.22 0.97 
160 1 0.164 0.73 0.82 0.77 1.03 1.00 
2 0.152 0.55 0.61 0.58 1.11 0.99 
3 0.127 0.52 0.58 0.55 1.33 1.11 
0.50 100 5(D 0.319 1.13 1.29 0.53 0.85 0.66 
130 3 0.213 1.00 1.11 0.59 1.21 0.97 
160 1 0.274 0.98 1.13 0.69 0.92 0.89 
2 0.227 0.82 0.93 0.58 1.10 0.98 
3 0.193 0.77 0.86 0.54 1.30 1.09 
0.075 0.35 100 3 0.175 0.79 0.86 0.75 1.18 0.92 
130 3 0.163 0.50 0.55 0.59 1.21 0.97 
160 1 0.186 0.55 0.62 0.77 1.03 0.99 
2 0.174 0.41 0.46 0.57 1.10 0.98 
3 0.145 0.39 0.43 0.55 1.32 1.11 
0.50 100 3 0.242 1.04 1.15 0.73 1.16 0.90 
130 3 0.224 0.66 0.74 0.58 1.20 0.96 
160 1 0.257 0.72 0.83 0.76 1.02 0.98 
2 0.244 0.53 0.61 0.56 1.07 0.95 
3 0.204 0.50 0.57 0.53 1.28 1.07 
0.10 0.35 100 2 0.177 0.54 0.59 0.76 1.05 0.87 
130 2 0.173 0.34 0.38 0.60 1.02 0.88 
160 1 0.167 0.36 0.41 0.77 1.02 0.99 
2 0.161 0.26 0.29 0.56 1.07 0.95 
0.50 100 3 0.239 0.77 0.86 0.73 1.16 0.90 
130 3 0.224 0.49 0.54 0.57 1.17 0.94 
160 1 0.254 0.54 0.62 0.75 1.01 0.97 
2 0.243 0.39 0.45 0.55 1.05 0.93 
3 0.203 0.37 0.42 0.52 1.26 1.05 
High 0.319 1.13 1.29 0.77 1.33 1.11 
Low 0.127 0.26 0.29 0.52 0.85 0.66 
Values in bold italic font indicate specimens in which the failure is dominated by lateral bending. 
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M n ( 1/3 rule) Vn(AASHTO) Vn(modAASHTO) 
0.05 0.35 100 3 0.157 1.21 1.46 0.72 1.15 0.94 
130 3 0.142 0.79 0.98 0.58 1.20 0.97 
160 1 0.164 0.86 1.10 0.75 1.00 0.97 
2 0.151 0.65 0.83 0.56 1.08 0.96 
3 0.128 0.61 0.77 0.53 1.28 1.07 
0.50 100 30) 0.376 1.13 1.46 0.45 0.71 0.59 
130 3 0.240 1.05 1.33 0.51 1.06 0.86 
160 1 0.311 1.02 1.37 0.59 0.79 0.76 
2 0.231 0.95 1.25 0.55 1.06 0.94 
3 0.196 0.89 1.16 0.52 1.25 1.05 
0.075 0.35 100 3 0.180 0.90 1.10 0.72 1.14 0.94 
130 3 0.166 0.58 0.72 0.57 1.17 0.95 
160 1 0.187 0.64 0.83 0.75 1.00 0.96 
2 0.179 0.47 0.61 0.54 1.05 0.93 
3 0.152 0.44 0.56 0.51 1.23 1.03 
0.50 100 3 0.251 1.20 1.50 0.72 1.14 0.94 
130 3 0.233 0.77 0.97 0.56 1.16 0.94 
160 1 0.265 0.85 1.12 0.74 0.98 0.95 
2 0.250 0.63 0.83 0.54 1.05 0.93 
3 0.215 0.58 0.76 0.50 1.22 1.02 
0.10 0.35 100 2 0.183 0.61 0.74 0.73 1.00 0.87 
130 2 0.174 0.40 0.50 0.59 1.00 0.86 
160 1 0.168 0.43 0.55 0.75 1.00 0.96 
2 0.162 0.31 0.40 0.54 1.04 0.92 
0.50 100 3 0.241 0.90 1.11 0.71 1.13 0.93 
130 3 0.223 0.57 0.72 0.56 1.16 0.94 
160 1 0.257 0.62 0.83 0.72 0.97 0.93 
2 0.245 ro.46 0.60 0.53 1.01 0.90 
3 0.213 0.42 0.55 0.48 1.17 0.98 
High 0.376 1.21 1.50 0.75 1.28 1.07 
Low 0.128 0.31 0.40 0.45 0.71 0.59 
Values in bold italic font indicate specimens in which the failure is dominated by lateral bending. 
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My Vn(AASHTO) Vn(modAASHTO) 
0.05 0.35 160 1 0.157 0.84 1.08 0.74 0.99 0.95 
2 0.147 0.62 0.80 0.55 1.06 0.94 
3 0.127 0.57 0.73 0.51 1.23 1.03 
0.50 160 1 0.359 1.03 1.42 0.55 0.73 0.71 
2 0.257 1.00 1.33 0.53 1.02 0.91 
3 0.219 0.94 1.23 0.50 1.20 1.01 
0.075 0.35 160 1 0.201 0.69 0.91 0.74 0.98 0.95 
2 0.197 0.49 0.64 0.52 1.00 0.89 
0.50 160 1 0.247 0.80 1.07 0.71 0.95 0.92 
2 0.235 0.59 0.78 0.52 1.00 0.89 
3 0.201 0.55 0.72 0.48 1.17 0.98 
0.10 0.35 160 1 0.216 0.55 0.72 0.73 0.97 0.94 
2 0.210 0.39 0.52 0.52 1.00 0.89 
0.50 160 1 0.341 0.78 1.06 0.69 0.92 0.89 
2 0.324 0.57 0.77 0.50 0.97 0.86 
3 0.282 0.52 0.70 0.46 1.11 0.93 
High 0.359 1.03 1.42 0.74 1.23 1.03 
Low 0.127 0.39 0.52 0.46 0.73 0.71 
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C.3 HIGH-SHEAR HIGH-MOMENT DATA, SYMMETRIC GIRDERS 




D/tw do/D a 
M 3 
~M7 
U MFEA M FEA VFEA VFEA VFEA 
My Mn(l/3rule) Vn(AASHTO) Vn(mod AASHTO) 
0.05 0.35 100 3 Mn(FEA)/0.8Vn(FEA)Lb < 0.55 
130 3 0.153 -0.362 0.208 0.99 1.25 0.56 1.14 0.91 
160 1 0.176 -0.426 0.199 0.92 1.20 0.65 0.87 0.84 
2 0.045 -0.095 0.284 0.94 1.25 0.51 0.97 0.86 
3 0.010 -0.020 0.290 0.96 1.28 0.48 1.17 0.98 
0.50 100 3 





0.075 0.35 100 3 0.249 -0.663 0.241 1.00 1.24 0.68 1.08 0.84 
130 3 0.066 -0.141 0.270 1.01 1.30 0.59 1.22 0.98 
160 1 0.073 -0.158 0.262 0.92 1.21 0.65 0.87 0.85 
2 -0.047 0.090 0.279 0.93 1.24 0.52 1.00 0.89 
3 -0.088 0.162 0.284 0.98 1.31 0.51 1.23 1.03 
0.50 100 3 Mn(FEA/0.8Vn(FEA)Lb<0.55 
130 3 0.181 -0.443 0.300 0.83 1.07 0.49 1.01 0.81 
160 1 0.200 -0.500 0.289 1.00 1.33 0.74 0.99 0.95 
2 0.060 -0.128 0.323 0.93 1.25 0.52 0.99 0.88 
3 0.030 -0.062 0.329 0.95 1.28 0.50 1.20 1.00 
0.10 0.35 100 3 0.128 -0.294 0.262 0.92 1.15 0.65 1.04 0.81 
130 3 -0.076 0.141 0.285 0.90 1.16 0.53 1.09 0.87 
160 1 -0.064 0.120 0.276 0.91 1.21 0.66 0.88 0.85 
2 -0.184 0.311 0.290 0.93 1.24 0.53 1.01 0.90 
3 -0.222 0.363 0.294 0.88 1.17 0.46 1.10 0.92 
0.50 100 3 0.227(1) -0.587 ro.329 0.96 1.22 0.63 0.99 0.77 
130 3 0.024(1) -0.049 0.368 0.95 1.25 0.51 1.05 0.84 
160 1 0.052(1) -0.110 0.353 0.92 1.25 0.63 0.84 0.81 
2 -0.091(1) 0.167 ^0.380 0.91 1.24 0.47 0.89 0.79 
3 -0.132(1) 0.233 0.386 0.94 1.29 0.44 1.07 0.90 
High 0.249 0.363 0.386 1.01 1.33 0.74 1.23 1.03 
Low -0.222 -0.663 0.199 0.83 1.07 0.44 0.84 0.77 
The a values for these tests differ slightly from the criterion associated with M/V = Mn(FEA)/0.8Vn(FEA) 
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VFEA VFEA VFEA 
Vn(AASHTO) Vn(modAASHTO) 
0.05 0.35 100 3 0.194 -0.480 0.213 1.01 1.08 0.67 1.07 0.80 
130 3 -0.023 0.045 0.232 1.04 1.13 0.56 1.16 0.92 
160 1 0.030 -0.062 0.221 0.93 1.01 0.67 0.90 0.87 
2 -0.113 0.203 0.234 1.00 1.08 0.54 1.03 0.92 
3 -0.150 0.261 0.237 1.02 1.11 0.51 1.23 1.03 
0.50 100 3 Mn(FEA)/0.8 Vn(FEA)Lb <0.55 
130 3 0.227 -0.587 0.295 0.98 - 1.07 0.58 1.20 0.96 
160 1 Failure dominated by lateral bending in maximum V/M test 
2 0.257(1) -0.690 0.281 0.81 0.89 0.61 1.18 1.05 
3 0.090 -0.198 0.316 0.98 1.10 0.53 1.28 1.07 
0.075 0.35 100 3 0.059 -0.125 0.263 1.01 1.10 0.68 1.08 0.81 
130 3 -0.159 0.274 0.276 1.01 1.11 0.55 1.14 0.91 
160 1 -0.097 0.177 0.264 0.95 1.05 0.71 0.95 0.92 
2 -0.258 0.410 0.277 0.98 1.08 0.52 1.01 0.89 
3 -0.283 0.441 0.279 0.99 1.10 0.50 1.21 1.02 
0.50 100 3 0.206 -0.520 0.317 1.01 1.11 0.69 1.09 0.82 
130 3 -0.024 0.047 0.348 1.05 1.18 0.57 1.17 0.93 
160 1 Analysis not conducted 
2 -0.122 0.217 0.352 1.00 1.12 0.53 1.01 0.90 
3 -0.168 0.288 0.358 1.02 1.15 0.49 1.18 0.99 
0.10 0.35 100 2 -0.148 0.258 
Significant distortion in web panel outside of the test length at 
the maximum moment location; significant distortion of 
bearing stiffener for D/tw = 160 cases 
130 2 -0.350 0.519 
160 1 -0.280 0.438 
2 -0.416 0.588 
0.50 100 3 0.049 -0.102 0.352 0.99 1.10 0.65 1.03 0.78 
130 3 0.180(1) -0.439 0.315 0.53 0.59 0.57 1.18 0.94 
160 1 -0.118 0.211 0.355 0.94 1.06 0.67 0.89 0.87 
2 -0.269 0.424 0.371 0.99 1.13 0.52 0.99 0.88 
3 -0.309 0.472 0.374 1.10 1.25 0.53 1.27 1.06 
High 0.257 0.472 0.374 1.10 1.25 0.71 1.28 1.07 
Low -0.309 -0.690 0.213 0.53 0.59 0.49 0.89 0.78 
(1) The a values for this test 
(2) The a values for this test 
causing the test to be a high-
differs slightly from the criterion associated with M/V = Mn(FEA/0.8Vn(FEA) 
differs significantly from the criterion associated with M/V = Mn(FEA)/0.8Vn(FEA), 
-shear low-moment test. 
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M F E A M F E A VFEA v F E A VFEA 
My M n ( 1/3 rule) Vn(AASHTO) Vn(mod AASHTO) 
0.05 0.35 100 3 Mn(FEA)/0.8Vn(FEA)Lb<0.55 
130 3 0.101 -0.225 0.219 1.01 1.12 0.54 1.12 0.89 
160 1 0.133 -0.306 0.208 0.94 1.07 0.65 0.87 0.84 
2 0.000 0.000 0.226 0.98 1.12 0.52 0.99 0.88 
3 -0.012 0.024 0.227 0.99 1.12 0.51 1.22 1.02 
0.50 100 3 
Mn(FEA)/0.8Vn(FEA)Lb < 0.55 130 3 
160 1 
2 0.220 -0.564 0.288 0.99 1.15 0.54 1.05 0.93 
3 0.200 -0.500 0.294 0.97 1.13 0.51 1.24 1.03 
0.075 0.35 100 3 0.153 -0.362 0.251 1.01 1.13 0.65 1.04 0.80 
130 3 -0.061 0.115 0.271 1.01 1.14 0.52 1.08 0.86 
160 1 -0.014 0.028 0.257 0.98 1.12 0.67 0.89 0.86 
2 -0.153 0.265 0.273 1.00 1.15 0.51 0.99 0.88 
3 -0.168 0.288 0.274 0.96 1.11 0.48 1.16 0.97 
0.50 100 3 0.290 -0.816 0.298 1.10 1.24 0.70 1.12 0.87 
130 3 0.090 -0.198 0.338 1.06 1.23 0.56 1.15 0.92 
160 1 0.130 -0.299 0.320 0.97 1.13 0.66 0.89 0.86 
2 -0.020 0.039 0.348 0.98 1.15 0.50 0.95 0.84 
3 -0.040 0.077 0.351 1.01 1.19 0.49 1.18 0.99 
0.10 0.35 100 2 -0.036 0.069 0.251 0.93 1.04 0.61 0.85 0.70 
130 2 -0.248 0.397 0.260 0.93 1.05 0.50 0.84 0.72 
160 1 -0.220 0.361 
Significant distortion in the web panel outside of the test length 
at the maximum moment location 
2 -0.359 0.528 0.299 0.90 1.04 0.44 0.85 0.76 
0.50 100 3 0.138(1) -0.320 0.338 1.00 1.15 0.62 0.99 0.77 
130 3 -0.081 0.150 0.364 0.99 1.15 0.49 1.02 0.81 
160 1 -0.024 0.047 0.345 0.93 1.10 0.62 0.83 0.81 
2 -0.183 0.309 0.367 0.98 1.16 0.47 0.91 0.81 
3 -0.200 0.333 0.369 0.96 1.13 0.45 1.08 0.90 
High 0.290 0.528 0.369 1.10 1.24 0.70 1.24 1.03 
Low -0.359 -0.816 0.208 0.90 1.04 0.44 0.83 0.70 
The a values for these tests differ slightly from the criterion associated with M/V = Mn(FEA)/0.8Vn(FEA) 
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D/tw do/D a 
M 3 
M 2 fb" 
MFEA 
M y 
MFEA VFEA VFEA VFEA 
M n ( 1/3 rule) Vn(AASHTO) Vn(modAASHTO) 
0.05 0.35 100 3 Mn(FEA)/0.8Vn(FEA)Lb < 0.55 
130 3 0.194 -0.480 0.204 0.98 1.23 0.53 1.10 0.89 
160 1 0.220 -0.564 0.192 0.95 1.24 0.65 0.87 0.84 
2 0.097 -0.214 0.214 0.97 1.27 0.51 0.99 0.88 
3 0.069 -0.149 0.218 0.91 1.19 0.45 1.10 0.92 
0.50 100 3 





0.075 0.35 100 3 0.273 -0.750 0.224 0.95 1.17 0.66 1.04 0.86 
130 3 0.070 -0.151 0.256 0.99 1.27 0.56 1.15 0.93 
160 1 Analysis not conducted 
2 -0.045 0.086 0.264 0.95 1.26 0.50 0.97 0.86 
3 -0.059 0.111 0.266 0.90 1.20 0.47 1.13 0.94 
0.50 100 3 Mn(FEA/0.8Vn(FEA)Lb<0.55 
130 3 0.200 -0.500 0.318 0.96 1.25 0.53 1.09 0.89 
160 1 0.249 -0.663 0.292 0.92 1.23 0.67 0.89 0.86 
2 0.100 -0.222 0.332 0.94 1.27 0.50 0.96 0.85 
3 0.070 -0.151 0.339 1.06 1.43 0.53 1.28 1.07 
0.10 0.35 100 2 0.050 -0.105 0.246 0.93 1.16 0.61 0.85 0.74 
130 2 -0.141 0.247 0.256 0.91 1.15 0.50 0.85 0.73 
160 1 -0.087 0.160 0.241 0.86 1.13 0.63 0.84 0.81 
2 -0.236 0.382 0.255 0.87 1.15 0.47 0.90 0.80 
0.50 100 3 0.213(1) -0.542 0.320 0.96 1.22 0.59 0.93 0.77 
130 3 0.008(1) -0.015 0.355 0.93 1.22 0.46 0.95 0.77 
160 1 0.059(1) -0.125 0.332 0.83 1.13 0.54 0.73 0.70 
2 -0.098(1) 0.179 0.361 0.88 1.20 0.42 0.81 0.72 
3 -0.139(l) 0.244 0.367 0.91 1.25 0.40 0.96 0.81 
High 0.273 0.382 0.367 1.06 1.43 0.67 1.28 1.07 
Low -0.236 -0.750 0.192 0.83 1.13 0.40 0.73 0.70 
(1) The a values for these tests differ slightly from the criterion associated with M/V = Mn(FEA)/0.8Vn(FEA) 
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Table C.3.5. High-shear high-moment data, specimens with D/bf = 3.25 and bf/tf = 25. 
WR Target 
f</fb 




MFEA MFEA ^FEA ^ F E A ^ F E A 
My M n ( 1/3 rule) ^n(AASHTO) Vn(modAASHTO) 
0.05 0.35 160 1 0.153 -0.362 0.194 0.94 1.23 0.57 0.76 0.74 
2 0.105 -0.235 0.202 0.93 1.22 0.51 0.98 0.87 
3 0.080 -0.174 0.206 0.94 1.22 0.49 1.17 0.98 
0.50 160 1 
Mn(FEA/0.8Vn(FEA)Lb < 0.55 2 
3 
0.075 0.35 160 1 
Analysis not conducted 
2 
0.50 160 1 0.234 -0.611 0.270 0.91 1.21 0.65 0.86 0.84 
2 0.089 -0.194 0.307 1.03 1.39 0.54 1.04 0.93 
3 0.060 -0.128 0.313 0.93 1.26 0.47 1.12 0.94 
0.10 0.35 160 1 0.060 -0.128 0.279 0.86 1.16 0.65 0.86 0.84 
2 -0.090 0.165 0.303 0.83 1.12 0.46 0.89 0.79 
0.50 160 1 0.188(1) -0.462 0.378 0.89 1.22 0.57 0.77 0.74 
2 0.039(1) -0.081 0.423 0.91 1.27 0.43 0.83 0.74 
3 -0.006(1) 0.012 0.434 0.92 1.28 0.40 0.97 0.81 
High 0.234 0.165 0.434 1.03 1.39 0.65 1.17 0.98 
Low -0.090 -0.611 0.194 0.83 1.12 0.40 0.76 0.74 
The a values for these tests differ from the criterion associated with M/V = Mn(FEA)/0.8Vn(FEA) 
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C.4 MOMENT-SHEAR INTERACTION DATA, UNSYMMETRIC GIRDERS 
Table C.4.1. Uniform vertical bending data, unsymmetric specimens. 





















4.77 20 208 0.05 0.35 2 0.260 0.81 0.75 0.53 1.00 1.02 
0.5 3 0.387 0.77 0.70 0.50 1.06 1.03 
0.10 0.35 1 0.273 0.68 0.81 0.57 1.08 1.03 
0.5 1.5 0.392 0.71 0.71 0.50 0.98 1.04 
2.75 25 169 0.05 0.35 3 0.259 0.62 0.86 0.66 1.20 1.05 
0.5 3 0.386 0.67 0.71 0.55 1.03 1.05 
0.10 0.35 2 0.263 0.61 0.79 0.61 1.10 1.05 
0.5 3 0.390 0.67 0.76 0.59 1.10 1.05 
Average 0.70 1.07 1.04 
Standard Deviation 0.070 0.069 0.013 
High 0.392 0.81 0.86 0.66 1.20 1.05 
Low 0.259 0.61 0.70 0.50 0.98 1.02 
Table C.4.2. Maximum V/M data, unsymmetric specimens. 












Mn(l/3rule) Vn(AASHTO) Vn(modAASHTO) 
4.77 20 208 0.05 0.35 2 0.159 0.51 0.36 0.66 0.52 1.00 0.90 
0.5 3 0.196 0.73 0.52 0.96 0.50 1.21 1.04 
0.10 0.35 1 0.167 0.37 0.26 0.47 0.75 1.00 0.98 
0.5 1.5 0.251 0.42 0.30 0.56 0.58 0.95 0.89 
2.75 25 169 0.05 0.35 3 0.119 0.73 0.56 0.98 0.59 1.22 0.97 
0.5 3 0.197 0.99 0.76 1.35 0.53 1.09 0.88 
0.10 0.35 2 0.142 0.39 0.30 0.53 0.63 1.07 0.92 
0.5 3 0.187 0.53 0.41 0.72 0.57 1.17 0.94 
High 0.251 0.99 0.76 1.35 0.75 1.22 1.04 
Low 0.119 0.37 0.26 0.47 0.50 0.95 0.88 
Table C.4.3. High-shear high-moment load parameters, unsymmetric specimens. 






4.77 20 208 0.05 0.35 2 0.039 -0.080 
0.5 3 0.250 -0.670 
0.10 0.35 1 -0.160 0.279 
0.5 1.5 -0.030 0.045 
2.75 25 169 0.05 0.35 3 0.213 -0.363 
0.5 3 Mn(FEA/0.8Vn(FEA)<0.55 
0.10 0.35 2 -0.140 0.208 
0.5 3 0.060 -0.118 
High 0.250 0.279 
Low -0.160 -0.670 
Table C.4.4. High-shear high-moment analysis results, unsymmetric specimens. 












M P Vn(AASHTO) Vn(modAASHTO) 
4.77 20 208 0.05 0.35 2 0.198 0.82 0.58 1.08 0.46 0.88 0.79 
0.5 3 0.258 0.81 0.57 1.08 0.46 1.12 0.96 
0.10 0.35 1 0.221 0.87 0.62 1.15 0.65 0.87 0.84 
0.5 1.5 0.306 0.78 0.56 1.06 0.51 0.83 0.77 
2.75 25 169 0.05 0.35 3 0.168 0.98 0.75 1.33 0.61 1.25 1.00 
0.5 3 Mn(FEA)/0.8Vn(FEA)<0.55 
0.10 0.35 2 0.206 0.90 0.69 1.23 0.54 0.92 0.79 
0.5 3 0.285 0.88 0.67 1.23 0.53 1.09 0.88 
High 0.306 0.98 0.75 1.33 0.65 1.25 1.00 
Low 0.168 0.78 0.56 1.06 0.46 0.83 0.77 
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Figure C.5.4. Moment-shear interaction, normalized by M„(i/3 rule) and Vn(m0dified AASHTO)? 
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Figure C.5.6. Moment-shear interaction, normalized by M„(i/3 rule) and Vn(modified AASHTO)» 
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Figure C.5.8. Moment-shear interaction, normalized by Mn(i/3 rule) and Vn(modined AASHTO)? 
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Figure C.5.9. Moment-shear interaction, normalized by Mn(i/3 rule) and Vn(AASHTO)» for 
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Figure C.5.10. Moment-shear interaction, normalized by M„(i/3 rule) and 
Vn(modified AASHTO)» for symmetric specimens with D/bf= 3.25 and bf/tf = 25. 
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APPENDIX D 
INITIAL GEOMETRIC IMPERFECTION PARAMETERS 
This appendix summarizes the initial geometric imperfection parameters specified for 
the primary test suite of the parametric studies conducted in this research. The overall 
approach used for definition of these imperfections is described in Section 3.4. This data 
is provided for the analyses of the experimental test girders in Section 4.3. 
In the uniform vertical bending tests of the primary suite with D/tw = 130 and 160, the 
web is artificially thickened to prevent web bend buckling from dominating, and an 
elastic linear buckling analysis is conducted to obtain a mode shape for application as an 
initial geometric imperfection. The web is thickened such that D/tw = 100 is employed 
for all of these buckling analyses. The first (i.e., fundamental) buckling mode is scaled 
and applied as an initial displacement to the perfect horizontally curved geometry, with 
corresponding zero initial strain. Tables D1 through D5 list the scale factors (sf) applied 
to these fundamental buckling modes to obtain the nodal displacements associated with 
the specified initial imperfect geometry. The unsealed buckling mode has a maximum 
nodal displacement of 1.0. As described in Section 3.4, sf is set such that the dominant 
initial imperfection is at the AWS (1996) fabrication limit. 
As described in Section 3.4, all of the maximum V/M tests of the primary suite are 
conducted with zero specified geometric imperfections. The perfect horizontally curved 
geometry in effect serves as an initial imperfection. 
In the high-moment high-shear tests of the primary suite, a web thickness of D/tw = 
100 is again employed for the eigenanalysis in the majority of the studies, to obtain a 
mode shape for definition of the geometric imperfections. In a few cases the actual girder 
D/tw is employed. Also, in a few cases, the second buckling mode is used for definition 
of the initial geometric imperfections instead of the first one. This is done to de-
emphasize web bend buckling deformations. These cases are indicated in the tables. It 
should be noted that the high-shear high-moment loading is used for the linear buckling 
analyses of the high-shear high-moment specimens, whereas the loading producing 
uniform vertical bending is used for eigensolutions in the uniform vertical bending cases. 
Similar procedures are employed to define the initial geometric imperfections in all of 
the other parametric study suites. 
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Table Dl. Eigenmode scale factors (sf) used for generation of geometric 
imperfections, girders with D/bf = 2.25 and bf/tf = 25. 
D/tw do/D 
L/R = 0.05 L/R = 0.075 L/R = 0.10 
target 
f,/fb = 0.35 
target 
f,/f"b = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
UVB(1) HMS(2) UVB HMS UVB HMS UVB HMS UVB HMS UVB HMS 
100 3 0.29 0.81(4) 0.30 
NA(3) 
0.29 0.82 0.29 0.82 0.29 0.84 0.29 0.88 
130 3 0.29 0.83(4) 0.30 0.29 0.76 0.29 0.82 0.29 0.66 0.29 0.61 
160 1 0.29 0.88 0.30 0.30 0.83 0.29 0.78 0.29 0.78 0.30 0.84 
2 0.30 0.51 0.29 0.30 0.53 0.29 0.64 0.29 0.64(4) 0.29 0.50 
3 0.29 0.54 0.30 0.29 0.53 0.29 0.52 0.29 0.52 0.29 0.49 
UVB denotes uniform vertical bending cases 
HMS denotes high-moment high-shear loading cases 
NA since Mn(FEA)/0.8Vn(FEA)Lb <0.55 
Second mode used for generation of geometric imperfections 
Table D2. Eigenmode scale factors (sf) used for generation of geometric 
imperfections, girders with D/bf = 2.75 and bf/tf = 15. 
D/tw do/D 
L/R = 0.05 L/R = 0.075 L/R = 0.10 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
UVB HMS UVB HMS UVB HMS UVB HMS UVB HMS UVB HMS 
100 3 0.35 0.66 0.36 NA(1) 0.31 0.63 0.35 0.78 0.31 0.57 0.31 0.60 
130 3 0.35 0.47 0.36 0.48 0.31 0.46 0.35 0.55 0.31 0.46 0.31 0.45 
160 1 0.35 0.42 0.36 NA(2) 0.31 0.49 0.34 0.45 0.33 0.49(4) 0.30 0.47(4) 
2 0.35 0.46 0.36 0.42 0.31 0.39(4) 0.34 0.42 0.31 0.43(4) 0.32 0.41(4) 
3 0.35 0.44 0.36 0.41 0.31 0.43 0.35 0.40 NA(3) NA(3) 0.35 0.41 
NA since Mn(FEA)/0.8Vn(FEA)Lb < 0.55 
NA since failure is dominated by lateral bending in corresponding maximum V/M test 
NA for target Lb/R = 0.10 and f,/fb = 0.35, since Lb/D = 2 
Second mode used for generation of geometric imperfections 
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Table D3. Eigenmode scale factors (sf) used for generation of geometric 
imperfections, girders with D/bf = 2.75 and bf/tf = 20. 
D/tw do/D 
L/R = 0.05 L/R = 0.075 L/R = 0.10 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
UVB HMS UVB HMS UVB HMS UVB HMS UVB HMS UVB HMS 
100 3 0.35 0.85 0.35 
NA(1) 
0.33 0.79 0.34 0.90 0.31 0.65 0.31 0.74 
130 3 0.35 0.52 0.35 0.33 0.50 0.34 0.69 0.31 0.50 0.31 0.48 
160 1 0.32 0.62 0.32 0.31 0.547 0.31 0.54 0.31 0.52(4) 0.30 0.53 
2 0.34 0.46 0.36 0.81(3) 0.33 0.46(4) 0.33 0.45 0.31 0.45 0.31 0.44 
3 0.35 0.46 0.35 0.83(3) 0.33 0.45 0.34 0.51 NA(2) NA(2) 0.31 0.44 
NA since Mn(FEA/0.8Vn(FEA)Lb < 0.55 
NA for target Lb/R = 0.10 and f,/fb = 0.35, since Lb/D = 2 
' D/tw
 = 160 used for eigenanalysis. 
Second mode used for generation of geometric imperfections 
Table D4. Eigenmode scale factors (sf) used for generation of geometric 
imperfections, girders with D/bf - 2.75 and bf/tf = 25. 
D/tw d</D 
L/R = 0.05 L/R = 0.075 L/R = 0.10 
target 
fi/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
UVB HMS UVB HMS UVB HMS UVB HMS UVB HMS UVB HMS 
100 3 0.35 0.81 0.35 
NA(,) 
0.33 0.85 0.34 1.0 0.31 0.73 0.31 0.92 
130 3 0.35 0.64 0.35 0.33 0.61 0.34 0.75 0.31 0.57 0.31 0.53 
160 1 0.32 0.65 0.32 0.31 0.67 0.31 0.67 0.31 0.63 0.30 0.61(4) 
2 0.34 0.50 0.36 0.33 0.60(4) 0.33 0.50 0.33 0.50 0.31 0.48(4) 
3 0.35 0.48 0.35 0.33 0.49 0.34 0.84(3) NA(2) NA(2) 0.31 0.46 
NA since Mn(FEA)/0.8Vn(FEA)Lb < 0.55 
NA for target Lb/R = 0.10 and ft /fb = 0.35, since Lb/D = 2 
' D/tw =160 used for eigenanalysis. 
Second mode used for generation of geometric imperfections 
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Table D5. Eigenmode scale factors (sf) used for generation of geometric 
imperfections, girders with D/bf = 3.25 and bf/tf = 25. 
D/tw do/D 
L/R = 0.05 L/R = 0.075 L/R = 0.10 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f̂ /fb = 0.50 
UVB HMS UVB HMS UVB HMS UVB HMS UVB HMS UVB HMS 




0.35 0.64 0.34 0.62 0.35 0.58 
2 0.39 0.62 0.36 0.37 0.36 0.79 0.36 0.51 0.35 0.48 
3 0.39 0.62 0.38 0.37 NA(3) 0.38 0.57 NA(4) NA(4) 0.36 0.45 
(1) NA since Mn(FEA)/0.8Vn(FEA)Lb < 0.55 
; NA, analysis not conducted 
(3) NA for target Lt/R = 0.10 and f,/fb = 0.35, since Lb/D = 2.5 
(4) NA for target Lb/R = 0.10 and f, /fb = 0.35, since Lb/D = 2 
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APPENDIX E 
GAUSS POINT RESIDUAL STRESSES 
The Gauss point residual stresses, specified as initial stresses in the full nonlinear 
analyses conducted in this research, are summarized in this appendix. These residual 
stresses are calculated based on the ECCS (1976) model for cut-curved girders and are 
calculated based on Culver-Nasir model (Culver and Nasir 1971) for heat-curved girders. 
The organization of this appendix is as follows. The Gauss point residual stresses 
specified for each of the single girder experimental test specimens, discussed in Chapter 
IV, are summarized in Section E. 1. The values for the two-girder test system analyzed in 
Chapter IV are provided in Section E.2. Section E.3 presents values of Gauss point 
residual stresses for the three-girder test system analyzed in Chapter IV. Finally, the 
Gauss point residual stresses for all the parametric study specimens are presented in 
Section E.4. 
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Figure E.1.1. Assumed Gauss point residual stresses in flanges for test C8-2 (Mozer et al. 1973) (web residual stresses are 
















Figure E.1.2. Assumed Gauss point residual stresses for test C9-2 
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Figure £.1.3. Assumed Gauss point residual stresses for tests D13 and D14 















Figure E.1.4. Assumed Gauss point residual stresses for test Ll-A 
(Mozer et al. 1971). 
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Figure £.1.5. Assumed Gauss point residual stresses for tests L2-A, B and C 
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Figure E.1.6. Assumed Gauss point residual stresses for tests Sl-0.10 and SlS-0.10. 
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E.2 TWO-GIRDER TEST SYSTEM 
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Figure E.2.1. Assumed Gauss point residual stresses for tests GI-2, GI-3, and GI-4 
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ure £.2.2. Assumed Gauss point residual stresses for test GO-8 
(Mozer et al. 1973). 
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Figure E.3.1. Assumed Gauss point residual stresses for bending test Bl 










Figure £.3.2. Assumed Gauss point residual stresses for bending test B2 













Figure £.3.3. Assumed Gauss point residual stresses for bending test B3 
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Figure £.3.4. Assumed Gauss point residual stresses for bending test B4 
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Figure E.3.5. Assumed Gauss point residual stresses for bending test B5 




















Figure E.3.6. Assumed Gauss point residual stresses for bending test B6 




















Figure E.3.7. Assumed Gauss point residual stresses for bending test B7 
(Hartmann and Wright 2001). 
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Figure E.4.1. Gauss point residual stresses for specimens with D/bf = 2.25, bf/tf 










Figure E.4.2. Gauss point residual stresses for specimens with D/bf = 2.25, bf/tf = 25 
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Figure E.4.3. Gauss point residual stresses for specimens with D/bf = 2.25, bf/tf 











Figure E.4.4. Gauss point residual stresses for specimens with D/bf = 2.75, bf/tf = 15 
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Figure E.4.5. Gauss point residual stresses for specimens with D/bf = 2.75, bf/tf 

















Figure E.4.6. Gauss point residual stresses for specimens with D/bf = 2.75, bf/tf 












Figure E.4.7. Gauss point residual stresses for specimens with D/bf = 2.75, bf/tf 












Figure E.4.8. Gauss point residual stresses for specimens with D/bf = 2.75, bf/tf 
and D/tw = 130. 
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Figure E.4.9. Gauss point residual stresses for specimens with D/bf = 2.75, bf/tf 














Figure E.4.10. Gauss point residual stresses for specimens with D/bf = 2.75, 
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Figure E.4.11. Gauss point residual stresses for specimens with D/bf = 2.75, 











Figure E.4.12. Gauss point residual stresses for specimens with D/bf = 2.75, 
















Figure E.4.13. Gauss point residual stresses for specimens with D/bf = 3.25, 
bf/tff== 25 and D/tw = 160. 
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APPENDIX F 
CROSS-SECTION PLATE LENGTHS AND THICKNESSES OF 
PRIMARY PARAMETRIC STUDY GIRDERS 
A summary of cross-section plate lengths and thicknesses of the parametric study 
girders within the primary test suite is presented in this appendix. The dimensions for the 
girders with D/bf = 2.25 and bf/tf = 25 are presented in Fig. Fl and Table Fl. This is 
followed by the data for the girders with D/bf = 2.75 and bf/tf = 15 in Fig. F2 and Table 
F2, D/bf = 2.75 and bf/tf = 20 in Fig. F3 and Table F3, D/bf = 2.75 and bf/tf = 25 in Fig. 
F4 and Table F4, and D/bf = 3.25 and bf/tf = 25 in Fig. F5 and Table F5. 
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Figure Fl. Cross-section plate lengths and thicknesses of the primary parametric-
study girders with D/bf = 2.25 and bf/tf = 25. 
Table Fl. Cross-section plate lengths and thickness for primary parametric-study 











0.05 0.35 100 12.19 7.32 2.74 3.05 
130 9.37 7.32 2.74 3.05 
160 7.62 7.32 2.74 3.05 
0.50 100 12.19 10.97 5.49 3.96 
130 9.37 10.97 5.49 3.96 
160 7.62 10.97 5.49 3.96 
0.075 0.35 100 12.19 6.10 1.83 2.74 
130 9.37 6.10 1.83 2.74 
160 7.62 6.10 1.83 2.74 
0.50 100 12.19 7.32 3.05 2.74 
130 9.37 7.32 3.05 2.74 
160 7.62 7.32 3.05 2.74 
0.10 0.35 100 12.19 4.88 1.83 1.52 
130 9.37 4.88 1.83 1.52 
160 7.62 4.88 1.83 1.52 
0.50 100 12.19 6.10 1.83 2.74 
130 9.37 6.10 1.83 2.74 
160 7.62 6.10 1.83 2.74 
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Figure F2. Cross-section plate lengths and thicknesses of the primary parametric-
study girders with D/bf= 2.75 and bf/tf = 15. 
Table F2. Cross-section plate lengths and thickness for primary parametric-study 











0.05 0.35 100 12.19 6.10 2.74 1.83 
130 9.37 6.10 2.74 1.83 
160 7.62 6.10 2.74 1.83 
0.50 100 12.19 8.53 4.27 2.74 
130 9.37 8.53 4.27 2.74 
160 7.62 8.53 4.27 2.74 
0.075 0.35 100 12.19 4.88 1.83 1.52 
130 9.37 4.88 1.83 1.52 
160 7.62 4.88 1.83 1.52 
0.50 100 12.19 6.10 1.83 2.74 
130 9.37 6.10 1.83 2.74 
160 7.62 6.10 1.83 2.74 
0.10 0.35 100 12.19 3.66 1.22 0.91 
130 9.37 3.66 1.22 0.91 
160 7.62 3.66 1.22 0.91 
0.50 100 12.19 4.88 1.83 1.52 
130 9.37 4.88 1.83 1.52 
160 7.62 4.88 1.83 1.52 
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Figure F3. Cross-section plate lengths and thicknesses of the primary parametric-
study girders with D/bf= 2.75 and bf/tf = 20. 
Table F3. Cross-section plate lengths and thickness for primary parametric-study 












100 12.19 6.10 2.74 1.83 
130 9.37 6.10 2.74 1.83 
160 7.62 6.10 2.74 1.83 
0.50 
100 12.19 8.53 4.27 2.74 
130 9.37 8.53 4.27 2.74 
160 7.62 8.53 4.27 2.74 
0.075 0.35 
100 12.19 4.88 1.83 1.52 
130 9.37 4.88 1.83 1.52 
160 7.62 4.88 1.83 1.52 
0.50 
100 12.19 6.10 1.83 2.74 
130 9.37 6.10 1.83 2.74 
160 7.62 6.10 1.83 2.74 
0.10 0.35 
100 12.19 3.66 1.22 0.91 
130 9.37 3.66 1.22 0.91 
160 7.62 3.66 1.22 0.91 
0.50 
100 12.19 4.88 1.83 1.52 
130 9.37 4.88 1.83 1.52 
160 7.62 4.88 1.83 1.52 
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Figure F4. Cross-section plate lengths and thicknesses of the primary parametric-
study girders with D/bf = 2.75 and bf/tf = 25. 
Table F4. Cross-section plate lengths and thickness for primary parametric-study 












100 12.19 6.10 2.74 1.83 
130 9.37 6.10 2.74 1.83 
160 7.62 6.10 2.74 1.83 
0.50 
100 12.19 8.53 4.27 2.74 
130 9.37 8.53 4.27 2.74 
160 7.62 8.53 4.27 2.74 
0.075 0.35 
100 12.19 4.88 1.83 1.52 
130 9.37 4.88 1.83 1.52 
160 7.62 4.88 1.83 1.52 
0.50 
100 12.19 6.10 1.83 2.74 
130 9.37 6.10 1.83 2.74 
160 7.62 6.10 1.83 2.74 
0.10 0.35 
100 12.19 3.66 1.22 0.91 
130 9.37 3.66 1.22 0.91 
160 7.62 3.66 1.22 0.91 
0.50 
100 12.19 4.88 1.83 1.52 
130 9.37 4.88 1.83 1.52 
160 7.62 4.88 1.83 1.52 
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Figure F5. Cross-section plate lengths and thicknesses of the primary parametric-
study girders with D/bf = 3.25 and bf/tf = 25. 
Table F5. Cross-section plate lengths and thickness for primary parametric-study 









0.05 0.35 160 4.88 1.83 1.52 
0.50 160 7.32 3.05 2.74 
0.075 0.35 160 4.27 1.83 0.61 
0.50 160 4.88 1.83 1.52 
0.10 0.35 160 3.66 1.22 0.91 




This appendix summarizes the dimensions of the bearing and transverse stiffeners 
utilized in the parametric study girders. Section G.l summarizes the bearing stiffener 
dimensions whereas Section G.2 provides the dimensions of the transverse stiffeners. 
With the exception of the cases noted otherwise, all the transverse stiffeners in Section 
G.2 are sized based on the AISC LRFD (2001) straight-girder provisions. The design of 
the transverse stiffeners is discussed in Section 5.7. 
G.l BEARING STIFFENER DIMENSIONS 
Table G.l.l. Bearing stiffener dimensions for primary parametric-study girders 
with D/bf = 2.25 and bf/tf = 25. 
Width b 
(b = 0.40bf) 
(mm) 
D/tw d0/D 
Thickness t (mm) 
Lb/R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
217 100 3 22.23 16.51 22.23 22.23 22.23 22.23 
130 3 22.23 16.51 22.23 22.23 22.23 22.23 
160 1 22.23 16.51 22.23 22.23 22.23 22.23 
2 22.23 16.51 22.23 22.23 22.23 22.23 
3 22.23 16.51 22.23 22.23 22.23 22.23 
Table G.l.2. Bearing stiffener dimensions for primary parametric-study girders 
with D/bf = 2.75 and bf/tf = 15. 
Width b 




Thickness t (mm) 
Lb/R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
100 3 d) 25.40 19.05 25.40 25.40 34.93 25.40 
130 3(D 25.40 19.05 25.40 25.40 34.93 25.40 
160 1 25.40 19.05 25.40 25.40 34.93 25.40 
2 25.40 19.05 25.40 25.40 34.93 25.40 
3 25.40 19.05 25.40 25.40 NA(2> 25.40 
(1) do/D = 2 for Lb/R = 0.10 and target f̂ /fb = 0.35, since Lb/D = 2 
(2) NA for target Lb/R =0.10 and target f,/fb = 0.35, since Lb/D = 2 
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Table G.1.3. Bearing stiffener dimensions for primary parametric-study girders 
with D/bf =2.75 and bf/tf = 20. 
Width b 
(b = 0.40bf) 
(mm) 
D/tw d0/D 
Thickness t (mm) 
Lb/R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
177 100 3<D 25.40 16.51 25.40 25.40 31.75 22.23 
130 3(D 25.40 16.51 25.40 22.23 31.75 22.23 
160 1 25.40 16.51 25.40 22.23 31.75 22.23 
2 25.40 16.51 25.40 22.23 31.75 22.23 
3 25.40 16.51 25.40 22.23 NA(2) 22.23 
(1) do/D = 2 for Lb/R =0.10 and target f,/fb = 0.35, since Lb/D = 2 
(2) NA for target Lb/R = 0.10 and target f,/fb = 0.35, since Lb/D = 2 
Table G.1.4. Bearing stiffener dimensions for primary parametric-study girders 
with D/bf = 2.75 and bf/tf = 25. 
Width b 
(b = 0.40bf) 
(mm) 
D/tw do/D 
Thickness t (mm) 
Lb/R = 0.05. Lb/R = 0.075 Lb/R = 0.10 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
177 100 3(D 25.40 15.24 25.40 22.23 22.23 22.23 
130 3(i) 25.40 15.24 25.40 22.23 22.23 22.23 
160 1 25.40 15.24 25.40 22.23 22.23 22.23 
2 25.40 15.24 25.40 22.23 22.23 22.23 
3 25.40 15.24 25.40 22.23 NA(2) 22.23 
(1) do/D = 2 for Lb/R = 0.10 and target f,/fb = 0.35, since Lb/D = 2 
(2) NA for target Lb/R = 0.10 and target f̂ /fb = 0.35, since Lb/D = 2 
Table G.1.5. Bearing stiffener dimensions for primary parametric-study girders 
with D/bf = 3.25 and bf/tf = 25. 
Width b 
(b = 0.40bf) 
(mm) 
D/tw d0/D 
Thickness t (mm) 
Lb/R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
150 160 1 22.23 16.51 22.23 22.23 22.23 22.23 
2 22.23 16.51 22.23 22.23 22.23 22.23 
3 22.23 16.51 NA(1) 22.23 NA(2) 22.23 
(1) NA for target Lb/R = 0.075 and target f,/fb = 0.35, since Lb/D = 2.5 
(2) NA for target LJR = 0.10 and target f,/fb = 0.35, since Lb/D = 2 
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G.2 TRANSVERSE STIFFENER DIMENSIONS 
Table G.2.1. Transverse stiffener dimensions for primary parametric-study girders 
with D/bf = 2.25 and bf/tf = 25. 
Width b 
(b = 0.30bf) 
(mm) 
D/tw d0/D 
Thickness t (mm) 
Lb/R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = d.50 
163 100 3 15.24 15.24 15.24 15.24 NA(1) 15.24 
130 3 15.24 15.24 15.24 15.24 NA(1) 15.24 
160 1 15.24 15.24 15.24 15.24 16.51(2) 15.24 
2 15.24 1:5.24 15.24 15.24 16.51(2) 15.24 
3 15.24 15.24 15.24 15.24 NA(1) 15.24 
NA since Lb/D = 3 
Stiffener sized larger than the AASHTO LRFD minimum 
Table G.2.2. Transverse stiffener dimensions for primary parametric-study girders 
with D/bf = 2.75 and bf/tf = 15. 
Width b 




Thickness t (mm) 
Lb/R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f>/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
100 3 12.70 12.70 NA(1) 12.70 NA(2) NA(,) 
130 3 12.70 12.70 NA(1) 16.51 NA
(2) NA(,) 
160 1 12.70 12.70 12.70 12.70 13.34(3) 13.97(3) 
2 12.70 12.70 12.70 12.70 NA(2) 13.97(3) 
3 16.51 16.51 NA(1) 17.78 NA(2) NA(1) 
NA since Lb/D = 3 
NA since Lb/D = 2 
Stiffener sized larger than the AASHTO LRFD minimum 
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Table G.2.3. Transverse stiffener dimensions for primary parametric-study girders 
with D/bf = 2.75 and bf/tf = 20. 
Width b 
(b = 0.30bf) 
(mm) 
D/tw do/D 
Thickness t (mm) 
Lb/R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
target 




f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
133 100 3 12.70 12.70 NA(1) 12.70 NA(2) NA(1) . 
130 3 12.70 12.70 NA(1) 12.70 NA(2) NA(1) 
160 1 12.70 12.70 12.70 12.70 13.34(3) 13.97(3) 
2 12.70 12.70 12.70 12.70 NA(2) 13.97(3) 
3 15.24 15.24 NA(1) 17.15 NA(2) NA(1) 
NA since Lb/D = 3 
NA since Lb/D = 2 
Stiffener sized larger than the AASHTO LRFD minimum 
Table G.2.4. Transverse stiffener dimensions for primary parametric-study girders 
with D/bf = 2.75 and bf/tf = 25. 
Width b 
(b = 0.30bf) 
(mm) 
D/tw do/D 
Thickness t (mm) 
Lb/R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.5.0 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
133 100 3 12.70 12.70 NA(1) 12.70 NA(2) NA(1). 
130 3 12.70 12.70 NA(1) 12.70 NA(2) NA(1) 
160 1 12.70 12.70 12.70 12.70 13.34(3) 13.97(3) 
2 12.70 12.70 12.70 12.70 NA(2) 13.97(3) 
3 15.24 15.24 NA(1) 17.15 NA(2) NA(1) 
NA since Lb/D = 3 
NA since Lt/D = 2 
Stiffener sized larger than the AASHTO LRFD minimum 
Table G.2.5. Transverse stiffener dimensions for primary parametric-study girders 
with D/bf == 3.25 and bf/tf = 25. 
Width b 
(b = 0.30bf) 
(mm) 
D/tw (WD 
Thickness t (mm) 
L^R = 0.05 Lb/R = 0.075 Lb/R = 0.10 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
target 
f,/fb = 0.35 
target 
f,/fb = 0.50 
113 160 1 12.70 12.70 12.70 12.70 12.70 12.70 
2 12.70 12.70 12.70 16.51 12.70 12.70 
3 NA(1) 16.51 NA(1) NA(1) NA(1) NA(1) 
NA since Lb/D < 3 
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